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ABSTRACT

The number of deteriorating bridges due to chloride-induced corrosion increases annually
as does the cost of inspection, maintenance, repair and where necessary replacement.
Meanwhile, budgets made available to bridge owners/managers for repair and maintenance
of these bridges are reducing. To optimise and manage their budget spend, bridge
owners/mangers need to rely more on rational decision making methods rather than on
subjective engineering judgment. In this thesis, the author has developed a probabilistic-
based model which aims to predict the lifetime performance of Reinforced Concrete (RC)
structures exposed to chloride corrosive environment and consequently to optimise their

lifetime management.

The optimal time to repair/maintenance of deteriorating structures can be predicted by
relative comparison of their selected performance criteria to its corresponding target limit.
The probabilistic model developed in this thesis considers modelling the performance of a
structure against corrosion-induced deterioration in terms of both; its surface (visual)
condition and in terms of its safety. The surface condition is related to the Serviceability
Limit State (SLS) while the safety is related to the Ultimate Limit State (ULS) of the
structure. This approach allows for a fair comparison between the times to

repair/maintenance predicted in terms of SLS and ULS to be made.

The model developed in this thesis takes into consideration the spatial variability of the
deterioration properties which have been neglected in many reliability based studies
dealing with the service life prediction of structures exposed to chloride-induced corrosion.
The thesis provides a site specific data on the Scale of Fluctuation (0), a parameter which is
essential for spatial variability modelling, for two key deterioration parameters; the Surface
Chloride Content (Cy) and the Diffusion Coefficient (D). To obtain values for 0, for C
and Dy, the author performed an experimental study on 45 concrete cores extracted from
an aging structure (Ferrycarrig bridge) located in a marine environment. Important
recommendations were made concerning the measurement plans to ensure accurate

prediction of the parameter 0 of the two investigated properties.

For the beam structure considered in this work, it was found that the inclusion of spatial
variability is fundamental for modelling of the visual condition of the structure. In the case

of the predicting the safety lifetime performance, the inclusion of spatial variability was
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found to influence the failure probability of the beam only when the flexure resistance is
controlling. When the beam failure probability was governed by its shear resistance, spatial

variability had little effect on the predicted safety performance.

This thesis also investigated the effect of pitting (localised) corrosion on the predicted
safety performance of the Reinforced Concrete (RC) beam girder considered, as opposed
to the effect of general (uniform) corrosion. It was found that pitting corrosion causes
much more severe reduction to the beam shear resistance than to the beam flexure
resistance. As a result, the beam failure probability was governed by the effect of pitting

corrosion on the shear links.

When comparing the times to first repair/maintenance predicted for the beam considered, it
was found that the beam can achieve its intended design life in terms of SLS. However, the
beam was considered unsafe (i.e. in terms of ULS) after only a few years of its
construction as results of the severe effect of pitting corrosion caused to the shear links.
The load model used for assessing the safety of the beam girder under consideration was
based on the analysis of site-specific Weigh-In-Motion traffic data using Extreme Value

theory.

Sensitivity analysis was performed in this thesis to measure the relative influence of the
considered random variables on the beam probability of failure. It was found that the
parameter that can have the most significant impact on the beam reliability is the Concrete
Cover Depth (C,). It was therefore recommended that accurate statistical information
regarding this parameter should be obtained, particularly its 0 value, if the safety of the

considered structure is to be estimated with a reasonable accuracy.
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Chapter 1: Introduction

1.1 INTRODUCTION

Bridge structures are a key component of highway infrastructure and their long-term
performance in service is clearly of great social, environmental and economical
importance. While traffic volumes and loadings are mounting, the number of deteriorating
bridges increases annually as does the cost of inspection, maintenance, repair and
replacement (Costa and Appleton 1999; Frangopol et al. 2001; Stewart and Rosowsky
1998a). For example, in the United Kingdom, some 40,000 bridges have failed to meet the
European Union requirements that by 1999 all European highways must be capable of
carrying 44 ton vehicles (Jeppsson and Thelandersson, 2003). In the United States, nearly
27% of the 594,000 bridges, listed in the inventory in 2004, are classified as deficient for
either structural or functional reasons (FHWA, 2006). The given classification implies that
these bridges cannot carry the increasingly heavier traffic loads and have to be taken out of
use or be subjected to weight restrictions. The estimated cost to maintain, repair or replace
the increasing number of deficient bridge structures constitutes a substantial portion of the
national budget of many of the developed countries. For example, the estimated cost in
2001 to eliminate the increasing number of deficient bridges in the United States is about
$80 billion (Estes and Frangopol, 2001). In 2002, Japan allocated approximately 13.5
trillion yen that is about 21.5% of the total construction budget to repair and maintenance
works (Sancharoen et al., 2006). The annual expenditure on maintenance and repair on
national bridges in England is in the order of €180 million, in France is about €50 million,
in Norway €30 million and in the Netherlands is about €100 million (Li, 2004b). It is
therefore reasonable to assume that with such huge expenditures, any realised and efficient

performance prediction methodology can result in significant savings.

The vast majority of the deteriorating Reinforced Concrete (RC) bridges located in marine
environments deteriorate due to chloride-induced corrosion (Mallet, 2007). Chlorides in
marine environments penetrate the concrete cover, reach the imbedded reinforcement and
initiate corrosion. As a result, the reinforcement cross-sectional area reduces leading to
deterioration in the bridge load carrying capacity (i.e. Ultimate Limit State, ULS).
Meanwhile, the expansion of the corrosion products generates pressure on the concrete
surrounding the reinforcement leading to cracking, spalling and delamination of the
concrete cover (i.e. Serviceability Limit State, SLS). The visual damage caused by
corrosion activity, i.e. cracking, spalling and delamination, necessitates extensive and

costly repair/maintenance and in some cases replacement to be implemented.
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To optimise and manage their budget spend while keeping bridges safe and functional,
bridge owners/mangers need to rely more on rational decision making methods rather than
on subjective engineering judgment. It is important that such methods should allow for the
current and future condition of bridge structures to be predicted and, therefore, facilitate
bridge owners/mangers to make optimal repair/maintenance or replacement decisions and
hence optimise their budget spend. In traditional Bridge Management Systems (BMS),
maintenance and repair of deteriorating bridges is mainly planned based on the information
obtained through visual inspections and the experience of local professionals (Vu and
Stewart, 2005). One of the most severe limitations that have characterised the traditional
BMS approach, as pointed out by Frangopol et al. (2001), is that bridge reliability (safety)
is not directly incorporated in BMS and their ability to predict future deterioration of the
structure surface and safety conditions is very limited. Becoming increasingly aware of
these limitations, researchers/institutions have recognised that future BMS’s will have to
depend more on probabilistic and reliability-based methods (e.g. Val and Melchers, 1997;
1998; Frangopol et al., 2001). Reliability-based BMS permits the inclusion of uncertainty
of all parameters and models associated with the deterioration process. In addition,
reliability-based BMS have the advantage of employing a rational indicator such as the
Reliability Index (f), defined in Chapter 3, which provides clearer and better defined safety

performance criteria.

A major shortcoming in the work carried out to date in this regard (e.g. Akgul and
Frangopol 2005a; Akgul and Frangopol 2005b; Enright and Frangopol 1998a; Val and
Melchers 1997) is the neglect of the uncertainty associated with spatial variability of the
deterioration parameters. Spatial variability work carried out to date has been mainly
focused on predicting the lifetime visual (surface) condition of the corroding structure (e.g.
Li et al. 2004; Vu and Stewart 2005). Another major shortcoming is the separate modelling
of the surface condition (serviceability) based lifetime performance and the safety based
(ULS) lifetime performance of the deteriorating bridge structures. Due to the common
parameters (material, environmental properties, etc) positive correlations are expected
between the two performance criteria. Therefore, it would be more appropriate if the
surface condition and the load carrying capacity (Safety) performances are both predicted
using the same approach and where possible the same physical/empirical deterioration
models and parameters. The advantage of this approach allows fair and rational

comparison between the times to first repair/maintenance intervention predicted in terms of
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both Safety and Surface condition performance criteria. The approach will also help
identifying the most important deterioration parameters and, therefore, provide designers

of future generation of structures with clues to design durable and long lasting structures.

1.2 OBJECTIVES AND SCOPE

This thesis focuses on three main issues which can be considered as the prime objective of

the research work carried out here in and these are:

(i) To develop a probabilistic-based performance prediction tool that can be used
to predict the optimal time for repair/maintenance intervention of RC
structures exposed to aggressive chloride environments using a bridge or
bridge component as an illustrative example.

(i1) The proposed model should take into consideration the inclusion of spatial
variability of the deterioration models involved in the estimation of time for
repair/maintenance intervention.

(iii) The proposed probabilistic-based model should consider the dual modelling of
the Serviceability Limit State (SLS) (i.e. deterioration in the visual condition)
and the Ultimate Limit State (ULS) (i.e. the deterioration in the load carrying

capacity) of the investigated structure/member.

In the context of achieving these prime objectives, the literature review has revealed some
shortcomings, in the research preceded the work of this thesis, which were identified as a

secondary objectives for this thesis to address:

1. Data on the Scale of Fluctuation (8), a parameter which is necessary for modelling
of the spatial variability of the deterioration parameters, hardly existed. Therefore it
was decided that an experimental investigation need to be performed to obtain
values for this parameter.

2. When assessing the performance of a given structure, the corrosion activity was
often assumed to have already started and the influence of the corrosion initiation
parameters on the lifetime safety performance was hardly assessed. The initiation
stage and propagation stage of the deterioration process were rarely considered

within the same framework, which undermines studying the influence of the
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corrosion initiation parameters on the lifetime safety performance. The developed
model should consider including both the initiation and prorogation models.

3. Despite the few and limited studies on the effect of pitting (localised) corrosion,
which indicated the severity of this form of corrosion on the load carrying capacity
of corroding structures, the effect of variability of pitting corrosion on the safety
performance of structures has not been not fully investigated. Hence, the developed
model should consider the effect of pitting corrosion on the lifetime safety of the
structure under consideration.

4. The load models used to assess the load carrying capacity of corroding structures
were either oversimplified or estimated from conservative standards or codes of
practises and not from actual traffic data. In this thesis, it was decided that the load
model should be based on a realistic site-specific load data for the uncertainty

associated with the loading to be considered.

The author believes that safety/condition based bridge maintenance is an attractive bridge
management tool that permits optimal planning of bridge management and facilitates
bridge owners/mangers in postponing or reducing costly repair works. In the case of
limited funding, such a tool will ensure that the available funding is allocated to
deteriorating bridges which are in most need of maintenance/repair from the safety view
point. For the same bridge structure, this approach will help pre-identify the structural
component that if repaired the overall level of safety of the bridge is ensured to be above
the minimum requirement. The methodology presented in this thesis can be generalised
and used as a tool by structural engineers and asset owners/mangers in assessing other
types of structures and help them make rational decisions with regard to the optimal time

to the maintenance and rehabilitation of their structures.

1.3 THESIS LAYOUT

The thesis is organised in eight chapters and five appendices. Chapter 1 provides an
introduction to the problem under investigation and highlights the general objectives of the

current work and indicates the organization of the thesis.

Chapter 2 presents the material deterioration models that can be used to describe the
performance of RC structures exposed to marine environments and affected by chloride-
induced corrosion. These models are presented in such a way so they can be used to
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quantify the different stages of corrosion-induced deterioration of RC bridges and hence to
predict the end of the structure service life. The variability of the key deterioration
parameters is discussed. The selected models will then be used in the subsequent chapters
to describe the structure’s lifetime performance where the impact of the corrosion-induced
damage on the structure performance can be quantified. In this chapter criteria used by
bridge owners/managers/engineers for deciding on the time of maintenance and repair
were also discussed. This chapter also investigates the experiences and practices revealed
by the literature to propose maximum allowable deterioration levels which can be used for

predicting the optimal time to maintenance and repair intervention.

Chapter 3 describes a different type of uncertainty that can affect the predicted
performance of a structural system. Methods for calculating the reliability index are
described. Among these methods is the Monte Carlo (MC) simulation technique which is
adopted by this thesis for the calculation of the Probability of Failure (Py) hence evaluating
the temporal safety performance. In addition, the minimum allowable safety level specified
by a number of international standards is discussed. This chapter focus on presenting the
methods that can be used to incorporate the uncertainty associated with spatial variability
into the reliability analysis. The Random Field (RF) theory which is the field of statistics
that deals with the spatial variability modelling is discussed in detail. In this chapter, key
parameters necessary for RF-based modelling are identified. The parameter Scale of
fluctuation (0) is given special attention being very important for describing the spatial
variability of a deteriorating property. The chapter also presents a review of previous
works that have dealt with spatial variability modelling in the subject of RC corrosion. The
review highlights a number of shortcomings and limitations. Among the most significant is
the lack of reliable data regarding the parameter 6 for key deteriorating variables identified

in Chapter 2, the Surface Chloride Content (C;) and the Diffusion Coefficient (Dgpp)-

Chapter 4 presents a background to the structure studied in this work (Ferrycarrig Bridge)
to overcome the shortcomings indicated in Chapter 3 with respect to the lack of reliable
experimental data for RF modelling. The RC bridge selected is located in a marine
environment on the Wexford-Dublin road, Ireland. The experimental work carried out
mainly intends to obtain statistical information on the two parameters C, and D,,, which
have been identified in Chapter 2 to be key deteriorating variables and, therefore, of a
significant importance to service life modelling. The testing procedure and methods for

determining chloride contents in the concrete sample are discussed in this chapter. The
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experimental work also intends to provide measurements that will enable obtaining

information on the parameter 0 for the two aforementioned deterioration variables.

Chapter S applies methods available in the literature to analyse the data measurements
collected in chapter 4 to determine values of 8 for C; and D,,,. Two methods are presented
in this chapter, the Maximum Likelihood Method (MLM) and the autocorrelation Curve
Fitting Method. The reliability of both methods is discussed. The Curve Fitting method
requires the available data measurements to be increased; this led to introducing a
statistical interpolation method called Kriging. The kriging method is a statistical
interpolation method that can be used to interpolate the data at locations where the
investigated property was not measured, i.e. ‘missing’ data points, for the purpose of
increasing the number of observations to obtain a reliable prediction of the parameter 6. In
this chapter, the 6 values obtained in this thesis is compared to the corresponding values
obtained or assumed by other researchers. This chapter also proposes a procedure by which
the number of measurements and the optimal relative location can be used to achieve a

reliable estimate for the parameter 6 for future field investigations.

Chapter 6 demonstrates how the RF-based probabilistic model used in this thesis is
developed using a RC beam girder as an illustrative example. Formulation of the limits
state functions which are essential for calculating the probability of failure and hence the
reliability of the beam girder is discussed in detail. The model consists of two parallel
stages; the first stage intends to predict the surface condition of the beam as a result of the
progressing chloride attack. At this point the model is benchmarked against existing results
from the literature. In the second stage, the model is further analysed to predict the lifetime
safety performance of the RC beam girder under investigation. This chapter uses real
traffic data to extract information regarding the maximum load effect expected to be
imposed on the beam girder under investigation. The chapter explains how Extreme Value
(EV) theory can be used to estimate the maximum load effect from traffic data collected

through the use of Wight-in Motion system.

In Chapter 7, the statistical information obtained in Chapter 4 and 5 are used as an input
parameters to the RF-based model developed in chapter 6. Results describing the
performance of the investigated beam girder against corrosion are presented in this chapter
in terms of both the Condition and Safety profiles. The influence of spatial variability on

both profiles is discussed. The relative influence of the two types of corrosion (General and
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Pitting) is also investigated. Comparison between the optimal times to maintenance based
on the condition and safety profiles are made. Finally, a sensitivity analysis is performed in
this chapter to measure the relative importance of each of the random variables from the

safety view point.

Chapter 8 presents the summary of the work carried out in this thesis and indicates final

conclusions of the current work and recommendations for future research.
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1.1 INTRODUCTION

Bridge structures are a key component of highway infrastructure and their long-term
performance in service is clearly of great social, environmental and economical
importance. While traffic volumes and loadings are mounting, the number of deteriorating
bridges increases annually as does the cost of inspection, maintenance, repair and
replacement (Costa and Appleton 1999; Frangopol et al. 2001; Stewart and Rosowsky
1998a). For example, in the United Kingdom, some 40,000 bridges have failed to meet the
European Union requirements that by 1999 all European highways must be capable of
carrying 44 ton vehicles (Jeppsson and Thelandersson, 2003). In the United States, nearly
27% of the 594,000 bridges, listed in the inventory in 2004, are classified as deficient for
either structural or functional reasons (FHWA, 2006). The given classification implies that
these bridges cannot carry the increasingly heavier traffic loads and have to be taken out of
use or be subjected to weight restrictions. The estimated cost to maintain, repair or replace
the increasing number of deficient bridge structures constitutes a substantial portion of the
national budget of many of the developed countries. For example, the estimated cost in
2001 to eliminate the increasing number of deficient bridges in the United States is about
$80 billion (Estes and Frangopol, 2001). In 2002, Japan allocated approximately 13.5
trillion yen that is about 21.5% of the total construction budget to repair and maintenance
works (Sancharoen er al., 2006). The annual expenditure on maintenance and repair on
national bridges in England is in the order of €180 million, in France is about €50 million,
in Norway €30 million and in the Netherlands is about €100 million (Li, 2004b). It is
therefore reasonable to assume that with such huge expenditures, any realised and efficient

performance prediction methodology can result in significant savings.

The vast majority of the deteriorating Reinforced Concrete (RC) bridges located in marine
environments deteriorate due to chloride-induced corrosion (Mallet, 2007). Chlorides in
marine environments penetrate the concrete cover, reach the imbedded reinforcement and
initiate corrosion. As a result, the reinforcement cross-sectional area reduces leading to
deterioration in the bridge load carrying capacity (i.e. Ultimate Limit State, ULS).
Meanwhile, the expansion of the corrosion products generates pressure on the concrete
surrounding the reinforcement leading to cracking, spalling and delamination of the
concrete cover (i.e. Serviceability Limit State, SLS). The visual damage caused by
corrosion activity, i.e. cracking, spalling and delamination, necessitates extensive and

costly repair/maintenance and in some cases replacement to be implemented.
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To optimise and manage their budget spend while keeping bridges safe and functional,
bridge owners/mangers need to rely more on rational decision making methods rather than
on subjective engineering judgment. It is important that such methods should allow for the
current and future condition of bridge structures to be predicted and, therefore, facilitate
bridge owners/mangers to make optimal repair/maintenance or replacement decisions and
hence optimise their budget spend. In traditional Bridge Management Systems (BMS),
maintenance and repair of deteriorating bridges is mainly planned based on the information
obtained through visual inspections and the experience of local professionals (Vu and
Stewart, 2005). One of the most severe limitations that have characterised the traditional
BMS approach, as pointed out by Frangopol et al. (2001), is that bridge reliability (safety)
is not directly incorporated in BMS and their ability to predict future deterioration of the
structure surface and safety conditions is very limited. Becoming increasingly aware of
these limitations, researchers/institutions have recognised that future BMS’s will have to
depend more on probabilistic and reliability-based methods (e.g. Val and Melchers, 1997;
1998; Frangopol et al., 2001). Reliability-based BMS permits the inclusion of uncertainty
of all parameters and models associated with the deterioration process. In addition,
reliability-based BMS have the advantage of employing a rational indicator such as the
Reliability Index (), defined in Chapter 3, which provides clearer and better defined safety

performance criteria.

A major shortcoming in the work carried out to date in this regard (e.g. Akgul and
Frangopol 2005a; Akgul and Frangopol 2005b; Enright and Frangopol 1998a; Val and
Melchers 1997) is the neglect of the uncertainty associated with spatial variability of the
deterioration parameters. Spatial variability work carried out to date has been mainly
focused on predicting the lifetime visual (surface) condition of the corroding structure (e.g.
Li et al. 2004; Vu and Stewart 2005). Another major shortcoming is the separate modelling
of the surface condition (serviceability) based lifetime performance and the safety based
(ULS) lifetime performance of the deteriorating bridge structures. Due to the common
parameters (material, environmental properties, etc) positive correlations are expected
between the two performance criteria. Therefore, it would be more appropriate if the
surface condition and the load carrying capacity (Safety) performances are both predicted
using the same approach and where possible the same physical/empirical deterioration
models and parameters. The advantage of this approach allows fair and rational

comparison between the times to first repair/maintenance intervention predicted in terms of
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both Safety and Surface condition performance criteria. The approach will also help
identifying the most important deterioration parameters and, therefore, provide designers

of future generation of structures with clues to design durable and long lasting structures.

1.2 OBJECTIVES AND SCOPE

This thesis focuses on three main issues which can be considered as the prime objective of

the research work carried out here in and these are:

(i) To develop a probabilistic-based performance prediction tool that can be used
to predict the optimal time for repair/maintenance intervention of RC
structures exposed to aggressive chloride environments using a bridge or
bridge component as an illustrative example.

(i) The proposed model should take into consideration the inclusion of spatial
variability of the deterioration models involved in the estimation of time for
repair/maintenance intervention.

(iii) The proposed probabilistic-based model should consider the dual modelling of
the Serviceability Limit State (SLS) (i.e. deterioration in the visual condition)
and the Ultimate Limit State (ULS) (i.e. the deterioration in the load carrying

capacity) of the investigated structure/member.

In the context of achieving these prime objectives, the literature review has revealed some
shortcomings, in the research preceded the work of this thesis, which were identified as a

secondary objectives for this thesis to address:

1. Data on the Scale of Fluctuation (0), a parameter which is necessary for modelling
of the spatial variability of the deterioration parameters, hardly existed. Therefore it
was decided that an experimental investigation need to be performed to obtain
values for this parameter.

2. When assessing the performance of a given structure, the corrosion activity was
often assumed to have already started and the influence of the corrosion initiation
parameters on the lifetime safety performance was hardly assessed. The initiation
stage and propagation stage of the deterioration process were rarely considered

within the same framework, which undermines studying the influence of the
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corrosion initiation parameters on the lifetime safety performance. The developed
model should consider including both the initiation and prorogation models.

3. Despite the few and limited studies on the effect of pitting (localised) corrosion,
which indicated the severity of this form of corrosion on the load carrying capacity
of corroding structures, the effect of variability of pitting corrosion on the safety
performance of structures has not been not fully investigated. Hence, the developed
model should consider the effect of pitting corrosion on the lifetime safety of the
structure under consideration.

4. The load models used to assess the load carrying capacity of corroding structures
were either oversimplified or estimated from conservative standards or codes of
practises and not from actual traffic data. In this thesis, it was decided that the load
model should be based on a realistic site-specific load data for the uncertainty

associated with the loading to be considered.

The author believes that safety/condition based bridge maintenance is an attractive bridge
management tool that permits optimal planning of bridge management and facilitates
bridge owners/mangers in postponing or reducing costly repair works. In the case of
limited funding, such a tool will ensure that the available funding is allocated to
deteriorating bridges which are in most need of maintenance/repair from the safety view
point. For the same bridge structure, this approach will help pre-identify the structural
component that if repaired the overall level of safety of the bridge is ensured to be above
the minimum requirement. The methodology presented in this thesis can be generalised
and used as a tool by structural engineers and asset owners/mangers in assessing other
types of structures and help them make rational decisions with regard to the optimal time

to the maintenance and rehabilitation of their structures.

1.3 THESIS LAYOUT

The thesis is organised in eight chapters and five appendices. Chapter 1 provides an
introduction to the problem under investigation and highlights the general objectives of the

current work and indicates the organization of the thesis.

Chapter 2 presents the material deterioration models that can be used to describe the
performance of RC structures exposed to marine environments and affected by chloride-
induced corrosion. These models are presented in such a way so they can be used to
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quantify the different stages of corrosion-induced deterioration of RC bridges and hence to
predict the end of the structure service life. The variability of the key deterioration
parameters is discussed. The selected models will then be used in the subsequent chapters
to describe the structure’s lifetime performance where the impact of the corrosion-induced
damage on the structure performance can be quantified. In this chapter criteria used by
bridge owners/managers/engineers for deciding on the time of maintenance and repair
were also discussed. This chapter also investigates the experiences and practices revealed
by the literature to propose maximum allowable deterioration levels which can be used for

predicting the optimal time to maintenance and repair intervention.

Chapter 3 describes a different type of uncertainty that can affect the predicted
performance of a structural system. Methods for calculating the reliability index are
described. Among these methods is the Monte Carlo (MC) simulation technique which is
adopted by this thesis for the calculation of the Probability of Failure (Py) hence evaluating
the temporal safety performance. In addition, the minimum allowable safety level specified
by a number of international standards is discussed. This chapter focus on presenting the
methods that can be used to incorporate the uncertainty associated with spatial variability
into the reliability analysis. The Random Field (RF) theory which is the field of statistics
that deals with the spatial variability modelling is discussed in detail. In this chapter, key
parameters necessary for RF-based modelling are identified. The parameter Scale of
fluctuation (0) is given special attention being very important for describing the spatial
variability of a deteriorating property. The chapter also presents a review of previous
works that have dealt with spatial variability modelling in the subject of RC corrosion. The
review highlights a number of shortcomings and limitations. Among the most significant is
the lack of reliable data regarding the parameter 0 for key deteriorating variables identified

in Chapter 2, the Surface Chloride Content (C;) and the Diffusion Coefficient (D).

Chapter 4 presents a background to the structure studied in this work (Ferrycarrig Bridge)
to overcome the shortcomings indicated in Chapter 3 with respect to the lack of reliable
experimental data for RF modelling. The RC bridge selected is located in a marine
environment on the Wexford-Dublin road, Ireland. The experimental work carried out
mainly intends to obtain statistical information on the two parameters C; and D), which
have been identified in Chapter 2 to be key deteriorating variables and, therefore, of a
significant importance to service life modelling. The testing procedure and methods for

determining chloride contents in the concrete sample are discussed in this chapter. The
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experimental work also intends to provide measurements that will enable obtaining

information on the parameter 6 for the two aforementioned deterioration variables.

Chapter 5 applies methods available in the literature to analyse the data measurements
collected in chapter 4 to determine values of 6 for Cs and D,;,. Two methods are presented
in this chapter, the Maximum Likelihood Method (MLM) and the autocorrelation Curve
Fitting Method. The reliability of both methods is discussed. The Curve Fitting method
requires the available data measurements to be increased; this led to introducing a
statistical interpolation method called Kriging. The kriging method is a statistical
interpolation method that can be used to interpolate the data at locations where the
investigated property was not measured, i.e. ‘missing’ data points, for the purpose of
increasing the number of observations to obtain a reliable prediction of the parameter 6. In
this chapter, the 6 values obtained in this thesis is compared to the corresponding values
obtained or assumed by other researchers. This chapter also proposes a procedure by which
the number of measurements and the optimal relative location can be used to achieve a

reliable estimate for the parameter 6 for future field investigations.

Chapter 6 demonstrates how the RF-based probabilistic model used in this thesis is
developed using a RC beam girder as an illustrative example. Formulation of the limits
state functions which are essential for calculating the probability of failure and hence the
reliability of the beam girder is discussed in detail. The model consists of two parallel
stages; the first stage intends to predict the surface condition of the beam as a result of the
progressing chloride attack. At this point the model is benchmarked against existing results
from the literature. In the second stage, the model is further analysed to predict the lifetime
safety performance of the RC beam girder under investigation. This chapter uses real
traffic data to extract information regarding the maximum load effect expected to be
imposed on the beam girder under investigation. The chapter explains how Extreme Value
(EV) theory can be used to estimate the maximum load effect from traffic data collected

through the use of Wight-in Motion system.

In Chapter 7, the statistical information obtained in Chapter 4 and 5 are used as an input
parameters to the RF-based model developed in chapter 6. Results describing the
performance of the investigated beam girder against corrosion are presented in this chapter
in terms of both the Condition and Safety profiles. The influence of spatial variability on

both profiles is discussed. The relative influence of the two types of corrosion (General and
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Pitting) is also investigated. Comparison between the optimal times to maintenance based
on the condition and safety profiles are made. Finally, a sensitivity analysis is performed in
this chapter to measure the relative importance of each of the random variables from the

safety view point.

Chapter 8 presents the summary of the work carried out in this thesis and indicates final

conclusions of the current work and recommendations for future research.
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Chapter 2: Materials deterioration models

2.1 INTRODUCTION

The length of service life of Reinforced Concrete (RC) structures in many standards is
defined as “the period of time in which the structure maintains its design requirements of:
safety, functionality and aesthetics without unexpected costs of maintenance” (Andrade et
al., 2006). The explicit definition of length of service life may have technical as well as
legal implications. Therefore, there is a need to develop a calculation method to aid in the
making of reliable predictions for the service life of RC structures located in aggressive

environments in order to achieve cost effectiveness in whole life asset management.

For RC bridge structures, different deterioration mechanisms have been recognised, e.g.
carbonation-induced corrosion, freeze/thaw, alkali-silica reaction, sulphate attack, etc. The
majority of RC bridge structures in marine environments, however, are mainly affected by
chloride-induced corrosion (Mallet, 2007). Furthermore, for corrosion affected RC bridge
structures in marine environments, repairing costs due to concrete cracking and spalling
exceed those from other forms of deterioration by a substantial margin (Zheng et al.,
2005). It is, therefore, RC bridge structures in marine environments deteriorating due to
chloride-induced corrosion which will be the focus of this thesis. However, the
methodology to be presented by the research carried out can indeed be applied to other
forms of deterioration mechanisms or to material other than RC such as steel structures

wood and masonry etc.

The primary objective of this thesis is to develop a rational method to predict the optimum
time to maintenance/repair of deteriorating RC bridges located in marine environments.
Central to achieving this objective is knowledge of the existing material deterioration
models which can be employed to describe the structure performance over time. The main
objective of this chapter, therefore, is to review and identify the most reliable material
deterioration models that have been reported in the literature to quantify the different
corrosion-induced deterioration stages. This also includes assessing the variability of the
main parameters involved in the description of the selected models and identifies
shortcomings and possible research areas for further improvements. The selected models
will be subsequently used to describe the lifetime performance of the corroding structure
where the relative impact of each model/parameter on the structure performance can be
quantified. In the upcoming sections, the material deterioration models, variability of the

deterioration parameters and the encountered research shortcomings will be presented.
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2.2 FORMULATION OF SERVICE LIFE MODELS

The material deterioration models often described in the literature in the context of
structure service life modelling where each stage of the deterioration process is quantified
in terms of time and the sum of these times makes the total service life. For RC structures,
it is postulated that during the hydration of cement a highly alkaline pore solution (pH
between 13 and 13.8), principally of sodium and potassium hydroxides, is gained
(Bertolini, 2004). In this alkaline environment a protective oxide layer, a few nanometres
thick, is formed on the reinforcing steel bar embedded in concrete. In spite of its attested
protective property against mechanical damage of the steel surface, the formed layer can be
destroyed by carbonation of concrete or by the presence of chloride ions leading to the
depassivation of the reinforcing steel. This stage of the service life of RC structures
affected by corrosion-induced deterioration is referred to as the [Initiation stage Figure
2.1(a). The second distinguished service life stage begins when the steel reinforcement is
depassivated and the corrosion process begins its activity and finishes when an undesired
limit state is reached prompting a rehabilitation action to be taken. This stage is referred to

as the Propagation Stage.
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Figure 2.1. (a) Tuutti’s simple model of corrosion-affected structure service life, (b)
Detailed service life model.

2.2.1 Serviceability-based service life formulation

Although other SLS performance criteria, i.e. Vibration, Deflection etc, exist, they are not

directly relevant when describing the service life of the chloride affected structure.
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Therefore, the serviceability-based service life formulation indicated here describes the
service life of the corroding structure in terms of its surface condition and therefore is
directly related to quantifying its performance in terms of the Serviceability Limit State
(SLS) criteria. Tuutti (1982) presented a simplified ‘two-stage’ service life model for
corrosion-affected RC structures, Figure 2.1(a). Ever since then, researchers have
introduced several modifications to Tuuti’s ‘two-stage’ model by subdividing the
propagation stage into several sub-stages, Figure 2.1(b). The modification attempts were
mainly motivated by the desire to provide practical engineering criteria which can be
employed to quantitatively define the end of the propagation stage, hence the end of

structure service life.

Because it is the corrosion activity that directly leads to the structural deterioration of its
serviceability and load carrying capacity, much of the effort of improving Tutti’s model
was directed towards the propagation stage (e.g. Bazant, 1979; Molina et al., 1993; Liu and
Weyers, 1998; Duracrete, 2000; Vu et al., 2005; Bhargava et al., 2006b; El Maaddawy and
Soudki, 2007). Two distinct propagation sub-stages were recognised; (i) the generation of
corrosion-induced cracks also referred to as first or initial cracking, (ii) the propagation of
the crack to a maximum limiting width. In some cases, a third sub-stage maybe identified
when a change of the slope of sub-stage 11 is produced; possibly due to an easier diffusion
of oxides through the generated crack (Alonso er al, 1998) leading to spalling and

delamination of the concrete surrounding the corroding reinforcements.

Sub-stage I, Figure 2.1(b), starts when depassivation of the steel, due to the presence of
chlorides or carbonation at the reinforcement level, is confirmed and ends when a hair-size
crack (typically assumed in the order of 0.05 mm) appears on the surface of the RC
structure. The propagation Sub-stage II starts from when Sub-stage I ends and ends when
the crack width reaches a maximum limiting crack size often used as an indicator for
rehabilitation and repair intervention which maybe different from standard to standard and
from agency to agency (Vu and Stewart, 2005). In general, as will be indicated in Section
2.5.1, the time period for Sub-stage | depends on several factors such as the cover depth,
bar diameter, tensile strength of the concrete, corrosion current density among others and it
is expected to be comparatively short, i.e. 2-5 years (Liu and Weyers, 1998). According to
Alonso et al. (1998) Sub-stage I is controlled by the cover/diameter ratio and the porosity
of the concrete, whereas sub-stage 11 and III are controlled mainly by the corrosion current

density and the concrete porosity.
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What constitutes the end of service life of an RC structure affected by corrosion has been
the subject of discussion for several decades. For example; several authors have defined
the end of service life of an RC structure as the time when depassivation of the
reinforcement due to the presence of a threshold value of chlorides takes place (Thoft-
Christensen, 1997; Bertolini, 2004). This consideration has been mainly motivated by the
difficulty in modelling the corrosion activity and its deterioration mechanism (Costa and
Appleton, 1999). However, some good results from numerical models supported by
experimental works showed that it is possible to predict the time it takes from the steel
depassivation to the appearance of corrosion-induced visual crack on the surface of the
concrete (Sub-stage I). The end of Sub-stage I was used by some researchers (e.g. Liu and
Weyers, 1998) to define the end of the service life of the structure and hence the time to
first repair/maintenance. More recently, the time for the corrosion-induced hair size crack
developed on the concrete surface to propagate and reach a maximum limiting crack size
(in the range of 0.3 to 1.0 mm) was modelled by fitting experimental results to theoretical
models (e.g. Duracrete, 2000; Vu et al., 2005). This allowed for further extension of the

service life of the structure that can be numerically quantified.

2.2.2 Strength-based service life formulation

This formulation concerns the structure service life in terms of its load carrying capacity
and hence it is directly related to the Ultimate Limit state (ULS) performance criteria.
During the formation of the initial crack on the concrete surface due to stresses generated
by the corrosion product expansion, and while the crack is increasing in size, the
reinforcement cross-sectional area is reduced due to the ongoing corrosion, as will be
explained further in Section 2.5.3. This process has a direct implication on the load
carrying capacity of the RC section. Depending on the loading imposed, the remaining
cross-sectional area of the steel reinforcement will reach a point where the safety
requirements of the RC structure will no longer be acceptable. The corrosion-induced
reduction of the reinforcement cross-sectional area has been used to model the time-
dependent load carrying capacity of corroding RC structures mainly as a function of the

corrosion current density as will be explained in Section 2.5.3.

It has been recognised that deterioration in the load carrying capacity of an RC structure

affected by corrosion does not happen due to the reduction in the reinforcement cross-
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sectional area alone. The deterioration of the load carrying capacity and hence the structure

safety can be further affected by (Palsson and Mirza, 2002; Cairns et al., 2005):

(i) loss of bond between the steel reinforcement and concrete as a result of
longitudinal cracking caused by corrosion.

(ii) loss of the concrete cross-section as a result of corrosion-induced spalling and/or
delamination of the concrete cover.

(iii) the loss of the ductility of the reinforcement due to the uneven distribution of the
cross-sectional area along the length of the reinforcing bar (as a result of
localised corrosion) and the stress concentrations associated with the abrupt

change in geometry of the reinforcing bar.

Consideration of these three factors in this thesis will be discussed in the remaining part of

this section.

According to the available experimental data, after the initiation of corrosion the bond
strength between reinforcement and concrete initially increases slightly due to the
improvement in the friction between the steel/concrete interface caused by the corrosion
product (Auyeung et al., 2000). As soon as cracking of the concrete occurs, the bond
strength decreases rapidly as corrosion propagates. A typical relationship between the bond
strength and the level of corrosion (the percentage loss of the reinforcement weight)
obtained by number of researchers from pullout tests are shown in Figure 2.2. The level of
corrosion at which the bond strength start to decrease is still a mater of disagreement with

values from 1-4% have been reported (Chung et al., 2004; Bhargava et al., 2007).

In a reliability-based study carried out by Val er al., (1998) on a deteriorating simply
supported RC slab bridge affected by corrosion, they found that the complete loss of bond
between the reinforcement and concrete due to corrosion-induced cracking had a relatively
insignificant effect on the bridge reliability in flexure. The term ‘Reliability’ is an indicator
of the structure safety and defined as the complement of the probability of failure and will
be discussed in detail in Chapter 3. However, the loss of bond between steel and concrete
due to corrosion is still lacking reliable models that can be used for service life prediction.
Furthermore, loss of bond and loss of the concrete cross-sectional area are of a complicated
nature and therefore require further computational details that will add to the complexity of

the reliability problem to be formulated in this thesis. To investigate the influence of loss
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of bond on the reliability of the corroding RC structures, the resistance model of the
structure needs to be redeveloped from first principles where the mechanism of loss of
bond can be incorporated at the derivation stage of the code formulas. This is another
research area and worth further investigation but was considered beyond the scope of this

thesis.

30 e

| = Al-Sulaimani et al. {21] .
25 | ' ——- Cabrera [22] 1

(o]
o

ok
o

Bond strength, MPa

20 mm 14 mm 10 mm 1

0 - 1 Y

0 2 4 6 8 10 12 14
\ Percentage of corrosion, %

Figure 2.2 Bond strength versus percentage of corrosion (Val et al., 1998)

Regarding the effect of the corrosion on the mechanical property of the steel
reinforcement, the mode of failure of corroding reinforcing bars is not clear. While many
studies reported some reduction of ductility of the steel reinforcement due to pitting
corrosion (localized form of corrosion, Section 2.5.3.2), others found complete loss of
ductility and fracture in the corroded bars after only 20% loss of section (Stewart and Al-
Harthy, 2008). Palsson and Mirza (2002) have also reported that when pitting corrosion
reaches 50% of the original bar section, bar behaviour becomes very brittle. For the current
study, the mode of failure of the corroded reinforcing bars is assumed to be yielding.
Hence, reinforcing bar capacity is directly proportional to yield strength which is equal to
the product of the yield stress and cross-sectional area in which only the reinforcement

cross-sectional area is affected by corrosion.

In light of the above discussion, the impact of loss of bond, loss of the concrete cross-
sectional area and the impact of the change in the failure mode of the corroding
reinforcement bars due to the ongoing corrosion activity will not be considered in this

thesis.
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Due to the absence of reliable predictive models to describe sub-stage III, only models
which describes the initiation stage, Sub-stages I and II of the propagation stage will be

discussed further in the remaining of this chapter.

It can be seen from the previous discussion that due to the common deterioration
parameters, there exists a positive correlation between the deterioration of structures in
terms of SLS, i.e. cracking, and in terms of ULS, i.e. loads carrying capacity. For the
service life of a corroding structure to be rationally estimated, the SLS and ULS based
performances need to be estimated simultaneously so a valid comparison can be made
between the times to repair/maintenance intervention predicted in terms of both criteria.
The approach of dually modelling the service life of RC structures with respect to SLS and
ULS has been a major shortcoming in the research carried out to date and therefore this
task has been highlighted as one of the objectives of this thesis. The dual modelling
concept introduced here, its advantages and significance will be elaborated further in

Chapter 6.

It has already been established that this thesis focuses on RC bridge structures deteriorating
due chloride-induce corrosion. The initiation stage of this deterioration process is mainly
governed by the availability of chloride ions on the concrete surface and the mechanisms
by which chloride ions transport through the concrete cover and reach the reinforcement in
enough quantities to initiate corrosion (Bertolini, 2004). It is, therefore, reasonable to
assume that the prediction of service life of RC structures exposed to marine environments
and hence the prediction of the time to maintenance/repair will be influenced by the source
of chlorides and chlorides transportation mechanism. The following section will give brief

insight into these two factors.

2.3 CHLORIDE PENETRATION

2.3.1 Sources of chlorides

The presence of chloride ions in concrete structures can be attributed to many different
sources. In the past for example, in some cases, chlorides were added to the fresh concrete
in order to accelerate the hydration process especially in cold countries (Neville, 1995;

Ahmad, 2003). In some other cases they are originated from the use of sea dredged sands,
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contaminated aggregates or contaminated mixing water, especially when saline water was
used in the mix in coastal or marine construction (Ahmad, 2003). In countries with cold
climates, a major source of chlorides may be the de-icing salts frequently applied over
roads and highway bridges during the winter seasons (Papadakis er al., 1996). However, a
large number of RC structures in costal areas, which are the focus of this thesis, receive
chlorides directly from sea water in direct contact with air or mist rich in chloride salts.
Significant chlorides were reported to have been carried by winds and deposited on
structures as far as 3 km away from the sea costs (McGee, 1999). From the surface of the
concrete structure, chlorides dissolve in the water of the pore system of the concrete and

penetrate inwards by any of the mechanisms to be discussed in the following section.

2.3.2 Chlorides transportation mechanisms

Chloride ions can transport from the surface of the concrete towards the reinforcements in
several ways, Bertolini (2004) has mentioned three major ways by which chloride ions can
penetrate the concrete cover and reach the reinforcements:

I.- Permeation; due to pressure gradients

2. Capillary absorption; due to capillary action inside capillaries

3. Diffusion; due to concentration gradients

[f there is applied hydraulic head on one face of the concrete and chlorides (dissolved in
water) are present, permeation of chlorides into the concrete cover may take place (Stanish
et al., 2000). However, the situation where a hydraulic head is maintained on highway

structures is rare.

In the second mechanism, due to the drying and wetting cycles which concrete structures
often undergo, the chlorides ions will be drawn into the pore structure of the concrete cover
through capillary suction. It was postulated, e.g. by Stanish et al. ( 2000), that the depth of
drying is very small and therefore this mechanism will not by itself bring the chlorides to
the level of reinforcement unless the concrete quality is extremely poor or the
reinforcement placed at very shallow depths. However, it does serve to quickly bring
chlorides to a closer distance from the reinforcement where then can penetrate further by

diffusion.
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Of the three transport mechanisms described above the most familiar mechanism for
chloride ions penetrating through concrete as considered by most researchers is diffusion
(Bentur et al., 1997; Broomfield, 1997; Stanish et al., 2000; Bertolini, 2004). As the pores
of the concrete remain saturated the chloride ion movement is controlled by diffusion. The
rate of chloride penetration due to diffusion is quantified by the use of the Diffusion
Coefficient (D) which describes the quantity of chlorides passing through a unit area per
unit time (i.e. mmz/year, cm?/sec or mz/sec). Therefore, it will be assumed in this thesis
that chloride’s transport through the concrete cover happens solely due to diffusion which

implies that the initiation stage can be quantified in terms of the parameter D.

The experience on RC structures subjected to chloride attack has shown that chloride
penetration produces a profile in the concrete which can be approximated by Fick’s 2" Jaw
of diffusion (Collepardi, et al. 1970; Collepardi, e al. 1972 ) Fick’s 2" law of diffusion is
based on a theoretical relationship that describes the unidirectional non-steady-state flow in

the x direction as follows:

ut : ‘/ (_\i Equation 2.1
ol \ X J

Equation is solved assuming that the concentration of the diffusing ions C, measured on
the surface of the concrete, is constant throughout the exposure time ¢, and is equal to Cj,
and that D does not vary in time, concrete is homogeneous, so that D does not vary through
the thickness of the concrete, and the concrete has an initial chloride content that is

constant with time and is equal to C;.

Solving the above equation, using these assumptions as boundary conditions led to the

following common expression:

C(x,t)=C,+(C,-C,)|1-erf —;—[— Equation 2.2

app

where: C(x, 1) is the total chloride content (Cl% by mass of cement or concrete) at time ¢
(years) of exposure, and at depth x (mm) from the surface of the concrete; Dgpp 1S the

apparent diffusion coefficient (mm?*/year); Cy is the surface chloride content (Cl1% by mass
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of cement or concrete); and C; is the initial chloride content (Cl1% by mass of cement or
concrete), often neglected. D,,, and C; are calculated by curve-fitting the experimental data

obtained from structure or laboratory tests to Equation.

Figure 2.3 shows a typical chloride profile fitted to Fick’s 2" law of diffusion (Equation).
In this figure it can be seen that chloride content decreases with increasing depths from the
surface of the concrete except for the outer region. This is because the concrete skin has a
different matrix composition compared to the internal concrete due to phenomena such as a
contact with the moulds, segregation of aggregates or dielectric reaction between the
concrete surface and chloride environment (Andrade et al., 1997). Moreover, chlorides at
the outer layer of concrete cover can often be washed out by the rain or by the cooling
water used during the sample extraction operation. More discussion regarding such figures
and the sensitivity of the fitted parameters will be presented later in Section 4.4.1. Due to
the expected variation in the environmental condition, concrete properties, etc, between
structures and within the same structure, it is expected that the shape of such profile will

also vary and hence the fitted parameters will vary accordingly.

S oep—— — . -

w2

w

<

E 05 F -— Data

-5} H ]

2 -8 Fick's Law
04 F

N

- 2
}

E Q9 03 F

L=

s 3

] 0.2 p

%]

=

S 0.1 F

H=

=

o 0 '

0 10 20 30 40 50

Distance from concrete surface (mm)

Figure 2.3 Typical Chloride content profile fitted to Fick’s 2" law of diffusion

However, as indicated by Bertolini (2004), the assumptions regarding Fick’s 2" law are
rarely met in practice and penetration of chloride ions may not occur due to diffusion alone
and other transportation mechanisms may contribute to the chloride penetration. For

instance, when the concrete surface is dry, initial mechanism appears to be suction; salt
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water is rapidly absorbed by dry concrete. Another example in which chloride penetration
may be attributed to a mechanism other than diffusion, is when thermal or load-induced
cracks are present on the concrete surface and their size is significantly large (i.e. greater
than 0.1 mm), in this case the transportation mechanism may become more dominated by
permeation (Li, 2002). These observations have caused researchers to introduce several
modifications to Fick’s 2" law as demonstrated by Liang et al. (2002). However, the lack
of the statistical data for the input parameters of these models seems to justify the use of
the simplified diffusion model given by Equation for service life predictions, provided that
C, and Dy, are estimated from large number of measurements (Duprat, 2007). In statistics,
a sample is considered large if the number of observations is greater than 30 (Ang and
Tang, 1975). The increasing sample size may give good information regarding variation
across the sample; however, for variation of properties in space (i.e. across structure),
samples may need to be taken at systematic locations to obtain information regarding
spatial variation if such variation is to be considered. The importance of considering this
type of variability (spatial variability) on the predicted service life of a structure will be

explained in detail in Chapter 3.

2.4 MODELLING TIME TO CORROSION INITIATION

The first step towards a practical quantification of the service life (as defined in Section
2.1) of an RC structure exposed to a chloride rich environment is to predict the time it
takes for the chloride ions to penetrate the concrete cover and reach the reinforcement in
enough quantity to depassivate the reinforcement, and hence initiate corrosion.
Traditionally, the time for chloride ions to penetrate through the concrete cover from the
surface and reach a critical (threshold) value C,, at the level of reinforcement, has been
modelled using an expression derived from Fick’s 2" law of diffusion obtained by

rearranging Equation and introducing x=C, where C, is the reinforcement cover depth:
. [C,-C _
T,=—4||erf™'| =—= Equation 2.3

s o . e . " . 2 v v vy &
where T is time to corrosion initiation (years); Dy, is in (mm~/year); C, C; and C,, are in

(C1% per mass of cement or concrete) and Cy is in (mm).
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Thus the time to corrosion initiation for reinforcement placed at any cover depth C,
depends on:
(1) how fast chloride ions penetrate the concrete cover represented by D).
(1) the chloride content that is available at the surface of the concrete structure, Cj
(iii)  the critical chloride concentration needed for depassivation of the steel
reinforcement, C,,.

(iv)  the initial chloride content that already existed in the concrete mix, C;

It can be seen now that the uncertainties on the input parameters of Equation (D, Cs C,
C;and C,) will influence the estimation of the time to corrosion initiation and hence the
predicted time to maintenance and repair of the RC structure. While C; is often neglected
and Cy is not affected by the environmental conditions or type of materials, only the first

three parameters will be discussed in more details in the upcoming sections.

2.4.1 The diffusion coefficient (D,,,)

The Diffusion Coefficient (D,,,) represents the concrete property towards its resistance to
chloride ions penetration. It is influenced by the mix proportions (water/cement ratio,
cement type, the amount of the fine materials e.g. silica fume etc), curing, compaction,
environment (e.g. relative humidity and temperature) and time (Bertolini, 2004). The
source of chlorides (e.g. de-icing salts, airborne sea spray) doesn’t seem to have a

significant influence on Dy, (Vu and Stewart 2000).

Sometimes, as in the case for some of the examples which will be presented in this thesis,
information on D, is not available to be used for the purpose of service life prediction for
a given structure with a given concrete characteristics. Therefore, several mathematical and
experimental models have been proposed to predict D,,, (e.g. Papadakis et al., 1996;
Stewart and Rosowsky, 1998a; Thoft-Christensen, 2003; Han, 2007). Most of these models
considered the impact of time, water/cement ratio, curing temperature, relative humidity
and concrete mixture on the predicted value and distribution of D,,,. Several researchers
have already reviewed the proposed models and investigated their suitability by comparing
them to an accumulated data of D,,, (e.g. Vu, 2003). Vu (2003) found that the existing
D,,, data can be best described by the prediction model which was proposed by Papadakis

et al. (1996) as can be seen from Figure 2.4.
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2.4.1.1 Papadakis et al. (1996) model

For the development of this model, researchers applied diffusion and adsorption theory to
model chloride penetration into concrete. A mathematical model that relates D, to the
concrete properties was proposed considering interrelated mechanism of both absorption
and diffusion of chloride ions in concrete. The equation proposed to calculate Dy, is as

follows:

3
_0.15 1+ p wc [,0(. wc — ().85) D,. Equation 2.4
app o . 2
140, we+£e ac L,
pll

where p. and p, are the specific gravity of cement and aggregates, respectively, and wc, ac
are the water/cement ratio and the aggregate/cement ratio, respectively, and Dy.o 1S the
diffusion coefficient of chloride in an infinite solution (=1.6 x 107 m%/s) at 25 °C. Dy
values determined by Equation found to be far more sensitive to the parameter wc than for

example to ac considering that p. and p, fairly constant.
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Figure 2.4 Influence of water/cement ratio (wc) on the diffusion coefficient (Vu, 2003).
Han (2007) noticed that the expression given by Equation was applied to fully saturated,

fully hydrated Ordinary Portland Cement (OPC) concrete and curing temperatures from 20

to 25 °C, therefore he suggested that values obtained from Equation may need to be
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modified by including factors that take account of humidity, ageing, and curing
temperature that is different from the those used by the model developers. However, there
was no reliable information/models with regard to the effect of curing temperature and
relative humidity that can be used for the purpose of probabilistic modelling intended for
the current study. The influence of ageing however has been reasonably covered in the
literature and consideration of the impact of this factor has been taken account of in this

thesis as will be seen from the following section.

In the current thesis, values and statistical information of D,,, will be determined from a
real bridge structure exposed to marine environments as will be shown in Chapter 4. The
use of Equation will be limited to situations where D, values for concrete characteristics
other than that specified for the investigated structure are not available and need to be
estimated. Using Equation to estimate D,,, will ensure that the natural positive correlation
that exists between the D,,, and wc parameters, i.e. Figure 2.4, are maintained. For
example, concrete of a high wc ratio is expected to have a high value of D,,, when

compared with concrete with a low wc ratio.

2.4.1.2 Time-dependent diffusion coefficient

It can be seen from Equation that the time necessary to initiate corrosion is inversely
proportional to D,,, and it is, therefore, of a great interest to obtain a good estimate of D,
for accurate prediction of the service life of the RC structure. In many service life
prediction studies, and due to lack of long term time-dependant data of D,,,, the general
practice was to assume that D, is constant over time (e.g. Val and Stewart, 2003).
However, many research studies have shown that D,,, has a very strong time dependency
attributed mainly to the continuing densification of the concrete microstructure as a result
of the continuing hydration of the cement (e.g. Mangat and Molloy, 1994; Costa and
Appieton, 1999). The reduction of D, with time was found to be more significant in
concrete containing slowly reacting puzzolans such as Pulverised Fly Ash (PFA) or
Ground Granulated Blast Slag (GGBS) than in OPC concrete (Thomas and Bamforth,
1999). The effect of time on the D,,, under different exposure conditions is shown in
Figure 2.5 for results obtained by Costa and Appleton (1999). It is clear from the figure
that D, is a property that tends to reduce over time due to the ongoing densification of the

concrete composition. The significance of this reduction and its influence on the predicted
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time to corrosion initiation hence on the predicted time to first maintenance will be

investigated in the rest of this section.
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Figure 2.5: A typical relation between diffusion coefficient and time for concrete
specimen exposed to various environmental conditions (Costa and Appleton 1999).

The following power function expression was proposed by Mangat and Molloy (1994) and
has been used by several service life modelling and reliability researchers to describe the
relation between D,,, and time (e.g. De Schutter, 1999; Duracrete, 2000; Goltermann,

2003; Ferreira, 2004; Li, 2004b; Polder and de Rooij, 2005):

[ m .
D,, k)= D, ..o [‘;lj Equation 2.5

where D,,(1) is the diffusion coefficient after exposure time of ¢ (years), and Dyppo 1S the

reference diffusion coefficient at a reference year , (years) and m is the age reduction
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factor which depends mainly on the mix proportion of the concrete material and can be

determined by curve-fitting field or experimental data of D,,, collected over time to

Equation.

The importance of the ageing factor can be directly related to estimating 7; and hence to
estimating time to first maintenance/repair. For example, if the calculation of 7; is to be
made based on a value of D,,, which is obtained at a reference year ¢, the calculated 7;
value will depend on whether the reduction of D, over time were or were not considered.
A key parameter for the description of this reduction, as can be seen from Equation, is the

ageing factor m.

Values and statistical information which have been proposed by different researchers for
the factor m are listed in Table 2.1. Looking at the proposed values of m, it seems
reasonable to assume that m can be represented by a Normal distribution with a mean value
of 0.2, 0.4 and 0.6 for OPC, PFA and GGBS concretes respectively with a coefficient of
variation COV=0.15. The selection of these values was also motivated by the findings of
McPolin et al. (2005) who indicated, based on an experimental study, that OPC concrete
showed little change in its diffusivity property over time followed by PFA followed by
GGBS concrete.

Table 2.1 values and statistical distribution/parameters proposed by different researchers
for the again factor m

Reference Value of m Description
Nokken et al. (2006) 0.55-0.77 Based on 3 years laboratory data
: Normal . ol :
Ferreir: o ; stic S y
erreira (2004) (1=0.37-0.60, COV=0.07) Used for probabilistic modelling
Beta

Li (2004b) Used For probabilistic modelling

(1=0.5, COV=0.14)

For concrete with we<0.55 and

Constant exposed to spray and atmospheric
075 zone based on analysis of 102

chloride profiles

Nl Used for probabilistic modelling.

Benit: g ) :
entz (2003) (1=0.2 & 0.6, COV=0.25) (()}é{;)g OPC and 0.6 for PFA or

Goltermann (2003)

0.1 for OPC
0.7 for PFA Based on 8 years data
1.2  for GGBS

Thomas and Bamforth
(1999)

Based on an experimental study of

Costa ¢ .
: s 0.36-0.60 52 concrete panels exposed to

Appleton (1999)

marine environment for 3-5 years.
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The influence of age of the structure at the time of testing is demonstrated in Figure 2.6.
Two cases are demonstrated; (a) when D,,,0 were obtained at a reference age tp=27 years
(i.e. the age of the bridge at the time when D, is obtained), and (b) when Dgppo Were
obtained at 28 days. The 27 years reference age and the corresponding Do value
indicated in the Figure 2.6(a) are belonging to the bridge which was investigated in this
thesis, see Chapter 4. It is evident from Figure 2.6(a) that as the factor m increases Dapp
varies significantly throughout the exposure period. This case demonstrates how prior
knowledge of the concrete mix would influence predicting the time variant D, and hence
predicting T;. On the other hand, as the factor m decreases, i.e. m<0.2, the change in Dgp,
over time becomes less dramatic. Figure 2.6(b) indicates a situation where a value of 74.05
mm®/year is assumed to have been measured from a structure at 28 days and the reduction
of D, is predicted for three concrete mixes. It has to be noticed that the value of Duppo=
74.05 mm?/year was projected from Figure 2.6(a) for GGBS concrete for demonstrating
purposes. This value was then assumed to have been measured from a structure of
unknown concrete mix at the reference age £,=28 days. If this value is to reduce over time
depending on the concrete mix (i.e. on m), it can be seen that the reduction rate in Dy,
with time is higher if the concrete mix was assumed to be made of GGBS or PFA than if it
was made of OPC concrete. In this particular example, the reduction in Dy, over time after

27 years of construction was 48%, 73% and 86% for OPC, PFA and GGBS concretes

respectively.
80r — i - - - 80 - = ety e S R TTIS——.
} m=0.6 [ | — m=0.6
70 — m=0.4 i 70t — m=0.4
—m=0.2 N\ — m=0.2
& 60F N oPC
’g t,=27 years '(‘,‘_; N t,=28 Days p
@ 501 GGBS D, ,=1025 mm’/year o 50! N 9 D, ,,=74.05 mm /year
f PFA
€ E
g 30/ ~
Dm - \ ‘
20 GGBS \
~ |
10| ~—— 5
10° 10' 27 10° 10° 10' 10°
Time (years) Time (years)
(a) (b)

Figure 2.6 Influence of the ageing factor and the reference time on the diffusion
coefficient D, measured at reference time (a) #)=27 years, (b) ty=28days.

For the work of this thesis, the use of constant or time variant D,,, will obviously depend

on the type of concrete mix assumed for the structure under consideration. However, some
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analysis will be carried out to investigate the implication of neglecting the time variant
property of D,,, on the estimating 7; hence on estimating the time to maintenance/repair
intervention. In order to calculate 7; based on the evidence that D,,, decreases over time,
Dy, in Equation was often replaced by the time-dependent expression given by Equation
(e.g. Costa and Appleton, 1999; Ferreira, 2004; Li, 2004b). However, this substitution is
mathematically inconsistent as it was shown by Visser er al. (2002) and Luping and
Gulikers (2007). Dy, is a function of time that cannot be directly put into the error
function solution, erf (+), without time integration. Having considered this common
misunderstanding, Visser et al. (2002) have proposed the following revised form of

Equation:

C(x,t)=C,+(C,-C,)|1-erf Equation 2.6

m
2 Dup’v)ﬁ . IL [
I-m \ ¢

The use of Equation for curve-fitting of a measured chloride profile requires a value m,

before the relevant model parameters (Cy, Dqpp) can be determined. While mathematically
it is possible to determine all parameters including m by curve-fitting, for this procedure it
is necessary to have multiple measured chloride profiles from the same structure taken at
different points in time. Due to the lack of time dependant data for D,,, for most cases, the
sequential use of Equation and Equation to find the ageing factor m seems justifiable (de
Rooij and Polder, 2004). In the context of this thesis, this means that Equation 2.2 can be
used to curve-fit the chloride profile to determine D,y and Cj at time #, and Equation 2.6

to estimate 7.

By rearranging Equation, the time to corrosion initiation can be calculated as follows:

T € [1=n erf™! C. -C, Equation 2.7
L e |

app

The weakness of using a constant diffusion coefficient can be demonstrated by attempting
to make predictions of 7; using Equation. Assuming that values of Cy= 0.264 C1% per mass

of concrete and Dgp,=16.34 mmz/year were obtained by curve-fitting Equation to a
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chloride profile extracted from a 27 years old RC structure (see profile P3-N3 in Table 4.5).
If the value of D,,, were assumed to be constant throughout the exposure period and the
value is then used in predicting 7; using Equation, the analysis will yield the solid line
(constant Dy,,) in Figure 2.7 (assuming C,=0.07 Cl% per mass of concrete). Using the
time-dependant model, Equation, the predicted 7; for different concrete covers was found
to be as indicated by the dotted lines for different concrete types. It can be seen that
ignoring the time dependency of the parameter D,,, will result in a significantly
overestimated T}, the error depends on the concrete quality to reduce diffusivity over time
seen by the impact of the ageing factor m. As the ageing factor approaches a value that is
less than 0.2 (i.e. OPC concretes) the results obtained by the time-dependant model
approaches that predicted by the time-invariant model. This is very significant observation
considering the amount of published works that have not taken into account the time-
dependent diffusivity property of the concrete. Therefore, in this thesis, it is postulated that
if the material of the investigated structure was made of OPC, then the time-invariant
model will be used in the calculation of T;, otherwise the time-dependant D, will be

considered.

160
Constant D

app
140" —— m-0.2 (OPC)
——— m=0.4 (PFA)

- 1207 —— 1-0.6 (GGBS)

Time to corrosion initiation, T. (years)

Concrete cover depth, Cd (mm)

Figure 2.7 Time to corrosion initiation as a function of concrete cover C, for different
concretes made of different mixtures using time-dependent and constant D,

2.4.2 Surface chloride content (Cy)

As indicated in Section 2.3.2, C; is obtained by mathematically curve-fitting Equation to

the profile of chloride contents obtained from chemical analysis of the concrete sample
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taken at incremental depths from the concrete surface, Figure 2.3. It is well documented in
the literature (e.g. Bamforth, 1996; McGee, 1999; Bertolini, 2004) that the value of C; will
vary from a structure to a structure and within a structure due to number of factors among
which:

(1) the composition of the concrete.

(i1) the position of the structure with regard to the sea level and sea coast.

(ii1) the orientation of the structure surface with regard to prevailing winds and rain.
(iv) the chloride concentration in the environment (i.e. source of chlorides; de-icing

salts, airborne salts, direct contact with the sea water).

It has also been observed from various field data reported in the literature (e.g. Enright and
Frangopol, 1998) that C; exhibits the highest level of variation among the random variables
influencing the time to corrosion initiation. This i1s expected given that Cy is the variable
that is most affected by the exposure conditions which is inherently variable. Prior to
reviewing some of the measured C; field data reported in the literature, it is important to
distinguish between some of the major conditions that is shown to have a significant
influence on this parameter. The aim of the review about to be presented in the following
sub-sections is to study if it is justifiable to use statistical information for C; from the

literature as input parameters for the probabilistic model to be developed in this thesis.

2.4.2.1 C,in bridges exposed to marine environments

For marine structures, four different exposure zones has been recognised (e.g. Bertolini,
2004). The influence of the structure being in one of these zones on the measured value of

C will be briefly discussed next.

The submerged zone: due to the continuous presence of water in this zone, oxygen is not
available and the risk of corrosion is low. Therefore, C; rarely measured in such zones as

the risk of corrosion in these zones considered to be negligible.

The splash and the tidal zones: both zones are often treated as one zone, concrete
surfaces in these zones are exposed to cyclic wetting and drying so that chlorides
accumulates on the concrete surface by process of wetting with seawater, evaporation and
salt crystallization (Val and Stewart, 2003). Therefore it is expected that the deposited
amount of chlorides will be in its highest concentration at these zones. This also results in a
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higher C values than C; values measured from structures located in the atmospheric zone
as was confirmed by data collected by Wood and Crerar (1997) and Salta et al. (2008) and
plotted in Figure 2.8. However, it has been reported that for heights in excess of 4 m

above sea water level C does not change significantly (McGee, 1999).

14 4 —-\Wood et al (1999)

—&- Salta et al (2008)

Height above the sealevel (m)

0 1 2 3 4

Surface chloride content Cx (%o per mass of cement)

Figure 2.8 Influence of location above the sea level on the surface chloride contents
measured at different locations above the sea level.

The atmospheric zone: in this zone concrete is not directly in contact with the sea water,
chlorides are carried out to the concrete surface by winds. The amount of chlorides
deposited on the concrete surface will depend on the speed of the wind and the distance of
the structure from coastline as well as the orientation and sheltering of the surface of the

structure (McGee, 1999).

Influence of distance from the coastline

As stated in the previous section, the distance of the structure exposed to airborne chlorides
from the coast line have a significant impact on the amount of chlorides to be deposited on
the concrete surface, hence causing the measured C; to increase. A typical drop of the
surface chloride concentrations with distance from the coast line is shown in Figure 2.9. As
can be seen from the figure, the first 100 m from the coast line shows a high level of the
measured C; values. As the distance increases beyond 100 m, the measured C, value tends
to decrease rapidly. Similar observations have been reported elsewhere (e.g. Meira et al.,

2007).

Some C; data has been collected by Vu (2003) and illustrated in Table 2.2 and Figure

2.10(a) which both show the large scatter in the measured values.
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Figure 2.9 Influence of the distance from the sea coast m C;as concluded by McGee
(1999) based on a field study of 1158 bridges in the Autralian state of Tasmania.

Table 2.2 Surface Chloride Contents C, data for airborre chlorides (Vu, 2003)

Reference

C, kg/m” [C1% per mass of concretc* |

Notes

Morinaga (1992)

Browne (1982)

Sorensen and
Maahn (1982)

Uii et al. (1990)

Berke and Hicks
(1992)

0.3]0.013] (mean)
10 [0.431] (for costal building)

5.76 [0.248](for offshore platform)

3.4 10 10.2 [0.147 to 0.440] (mean

1.5 [0.065] (mean for 23 years)
1.7 [0.073] (mean for 32 years)
5.6 [0.241] (mean for 55 years)
3.8 [0.164] (mean for 58 years)

3.7,4.1,34,4.9,28,1.0

[0.159, 0.177, 0.147, 0.211, 0.121, 0.43]

Data from 46 specimens
exposed to various sea
environments in Japan

Regression from field data
of the Langeland bridge
(7.2 m above sea level in

Denmark)

Offshore structures in
Japan

Bridge decks in Kentucky,
USA

* values in [] were converted to this units using concrete density =2320 kg/m”
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Figure 2.10 Scatter of data of C, collected from bridges exposed to (a) Airborne
chlorides, (b) De-icing source of chlorides (Vu, 2003).

2.4.2.2 C,in bridges exposed to de-icing salts

For RC bridges in cold regions, de-icing salts (which contain sodium or calcium chlorides)
are frequently applied to free the roads from ice and snow. For example the amount of de-
icing salts applied to a typical bridge deck in the Snow Belt states of the Unite States is
about 1.2 kg/m” each winter season with some bridges receive as much as 4.99 kg/m: (Vu,
2003). As such, the de-icing application of salts has been recognised as a major source of
chlorides which leads to the corrosion-induced deterioration of RC bridge structures. The
level of chloride attack within an RC bridge varies from element to element (e.g. decks,
columns, piers or abutments). For example, bridge piers may be exposed to salt spray from
passing vehicles and deck soffits may be exposed to salt water leaking through joints in the
deck. This means that C varies even from location to location within the same structure
component which implies that some parts of the bridge/bridge element would deteriorate

earlier and hence require an earlier repair intervention.

In his research, Vu (2003) collected a larger number of data from the literature and
presented Figure 2.10(b) which indicates the scatter of the C, values obtained from bridges
subjected to de-icing application. As can be seen from the figure, C, tends to be uniformly
distributed between values of 0.043 to 0.259 Cl% per mass of concrete (1 to 6 kg/mz) with
some values reaching as high as 0.9 Cl% (21 kg/m”). Based on Figure 2.10, C, values for

the case of de-icing salts exposed structures can be assumed to exhibit a wider variation
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than Cg values measured in the atmospheric marine environment. However, there is no

strong evidence to suggest that the overall mean value of Cyis higher for any of the two

cases.

2.4.2.3 Time-dependent surface chloride content

Some field data collected from several investigations has shown the tendency of Cs to
increase nonlinearly with time which suggests that the assumption of C; being constart
may not be valid. For example, data collected from 15 bridge decks in North America wers
presented by Kassir and Ghosn (2002), Figure 2.11, clearly shows that the average value of
Cs increases over time. Kassir and Ghosn (2002) proposed that this trend can be

represented by an exponential function of the form:
C.(t)=C, (1— e ™ ) Equation 2.8

where a is a factor represents the rate of increases and can be obtained by curve-fitting data
of Cs collected over time to Equation and ¢ is the time elapsed since of the start of the

accumulation of chlorides at the surface of the structure in (years).
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Figure 2.11. Typical trend for surface chloride increase with time (Kassir and Ghosn,
2002).

A more popular expression for the description of the time-dependent Cy is that proposed by

Costa and Appleton (1999) which takes the following form:
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C,(1)=C, (ij Equation 2.9

where Cy is the reference C, value that is measured at reference year fy, and n is a factor

can be determined by curve-fitting data of C, collected over time to Equation.

While structures in tidal and splash zones expected to have their C, built up quickly. C; for
structures exposed to airborne chlorides or seasonal application of de-icing salts is
expected to take some time. The values reached and when it is reached will depend mainly

on (Meira et al., 2007) :

(1) the height from the sea level.
(11) the distance from the sea coast.
(ii1)  orientation of the structure with regard to wind.

(iv)  protection and sheltering of the structure surface from the rainfall.

According to Kassir et al. (2002), the time needed for C; to reach a constant value, will

take between 10 to 15 years.

While there is some evidence that C, varies with time, Bamforth (1996), Thomas et al.
(1999) and McGee (1999) among others all advocate that there is no tendency for values
either to increase or decrease and therefore suggested that after the first six months of
exposure it would be reasonable to assume a constant average value of C, for predictive
purposes. Modelling C; as a time-invariant property is a common practice among many
researchers in this field (e.g. Val e al., 1998; Akgul and Frangopol, 2005; Vu and Stewart,
2005; Duprat, 2007). This is understandable, as the predicted time to corrosion initiation is
proportional to C,, assuming a high value will reduce the estimated time to corrosion
initiation warning and repair intervention would be much earlier and hence unduly

conservative. Based on this, the time-dependent C, will not be considered in this thesis.

In a parametric study carried out by Enright and Frangopol (1998), they found that the
mean value of 7; is more sensitive to the change of COV of C; than to changes in COV of
any of the other main variables (Cy Ci, Ci, Dgpp). This means that for an accurate
prediction of 7; for a particular structure, the statistical parameters of the variable Cs is
better estimated from the structure under investigation or from structures that shares
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similar exposure conditions. This approach has also been emphasised by a number of other
researchers. For example, Akgul and Frangopol (2005) recommended that fcr the
assessment of a particular existing structure, an appropriate approach is to determine the
value of the chloride ingress parameters with the aim of customizing the values reported in
the literature to the material characteristics and salt-exposure conditions of the considered

Structure.

It can be seen from the preceding review that parameter C,, which is a key parameter for
estimating 7; and hence for estimating the time to maintenance and repair, is a highly
variable property. It was shown that C; varies not just across samples but also varies in
space, i.e. between locations within the same structure. This is mainly due to the varation
of chloride concentrations sprayed on different parts of the structure. Therefore, and based
on the review study carried out here in with regard to the scatter of the C, data reported in
the literature, it was decided that for the probabilistic analysis to be performed in this
thesis, the statistics and spatial variation information of C, will better be determined from a
site specific investigation. Ferrycarrig Bridge was therefore selected to extract a suitable

number of C, data as will be seen in Chapter 4.

2.4.3 Critical chloride content (C,,)

The critical (threshold) chloride content is one of the key parameters needed for
determining T;. It is therefore important to investigate the variability of such an important
parameter considering the expected influence it would have on the uncertainty associated
with the predicted time to maintenance and hence on the decisions to be made in this
regard. C,, represents the chloride ions concentration that must be present at the steel
concrete interface for depassivation to occur and corrosion to initiate. As discussed by
Alonso et al. (2000), there are many variables that affect the C. value. Among those
variables are: concrete mix proportions, cement type, C3A content of cement, blended
materials, water/cement ratio, temperature, relative humidity, pH level, steel surface
conditions, source of chloride penetration, the availability of oxygen at the steel nterface
and many others. The great number of variables involved in the chloride-induced corrosion
process explains the reason why the C,, values reported in the literature present stch wide

range of variability.
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In addition to the influence of the amount of variables involved, Alonso et al. (2000) has
pointed out that the variation in the detection method used to define C., value are equally
blamed for the large scatter of C,, reported in the literature. For example; some researchers
consider that depassivation is produced when a certain shift in the corrosion potential is
produced; others use the visual inspection and identify depassivation with the appearance
of rust spots on the steel surface whereas some others choose to relate depassivation with a

certain level in the corrosion current.

Numerous studies have been conducted to determine the C., value for different concrete
mixes and under various environmental conditions. As a result, a large scatter in the
proposed values was reported in the literature as can be seen from Table 2.3. However,
most of design code and national standards seems to agree to some extent on the maximum

permitted chloride content value as can be seen from Table 2.4.

The values of C,, listed in Table 2.3, Table 2.4 and Table 2.5 (or the centre value whenever
C., was given in a range format) are all plotted in Figure 2.12 to show the dispersion of the
means of the collected data. Whenever the data were given in a range format, a mean value
was used. Normally, 350-400 kg/m3 of cement are typical for bridge decks, and deck
concrete density was typically assumed to be 2,320 kg/m’ (Cady and Weyers, 1992).
Akgul and Frangopol (2005) used a cement content value of 16% to convert data of C,,
from Cl% per mass of cement to Cl% per mass of concrete. This corresponds very well
with a value of 16.4% found from laboratory testing on concrete samples taken from 7
crosshead beams of the then 24 years old Ferrycarrig Bridge as will be shown later in
Chapter 4. Therefore, whenever the value of C., was given in Cl% per mass of concrete
units, the cement content value of 16% was used to convert values of C., to Cl1% per mass

of concrete units.

When the C., data listed in Table 2.3, Table 2.4 and Table 2.5 were plotted and fitted to the
Lognormal distribution, Figure 2.13, a mean value and COV values of 0.07 (C1% per mass
of concrete) and 0.64 were respectively obtained. The obtained mean value corresponds
very well with a value proposed by Polder (2005) for probabilistic modelling of service life
prediction in which he indicated that about 0.07 (Cl% per mass of concrete) is a good
estimate of the value at which the probability of corrosion is about 50%. The COV value of
0.30 reported by Polder (2005) is smaller than the value obtained here in (COV=0.64).

This is understandable since Polder (2005) recommendation for the value of COV
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proposed for concrete made of OPC whereas the data reported here covers wide range of
materials and test conditions. This value (i.e. COV=0.64) is therefore too high to be

assumed appropriate to model the variability of the parameter C..,.

Table 2.3. Critical chloride values as reported by several authors (Glass and
Buenfeld, 1997; Price and Emerson, 1997; Dhir and McCrthy, 1999; Alonso et al.,
2000; Oh et al., 2003; Bertolini, 2004).

Measured value of critical chloride
Date Reference concentration
' Cl% per mass of | Cl% per mass of
| concrete | cement
1982 Sorensen and Maahn ‘ 0.06 i 0.45
Fischer et al. 0.3-0.4
1884 Vassie; derived from UK bridges 0.2-1.50
Hanson and Sorenson 0.6-1.40
Lukas; derived from Austrian bridges and the ,
g . ; 1.8-2.2
| following references:
1985 -Richartz 3 0.5
-Van Daveer, US bridges 0.4
-Browne, Domone, Geohegan 0.8-1.0
1988 Takewake and Mastumotos 0.03-0.1 0.21-0.69
F.unahashl: based on the following nine 0.025
literature:
-Lewis 0.03
-Hausmann 0.009-0.12
-Berman 0.033
1990 -Clear and Hay 0.025-0.037
-Clear 0.029
-Stratfall et al. 0.029
-Cady 0.025-0.055
3 -Brwone ‘ 0.057
\ -Pfiefer et al. | 0.023-0.038
‘ Glass and Buenfeld Review \ ‘
| -Bamforth and Andrews 1 ‘ 0.4
! -Schiessl and Raupach ‘ 0.5-2.0
1997 | -Henriksen 0.3-0.7
-Elsener and Bohni 0.2-0.5
-Locke and Sirnan 0.6
-Tuutti 0.5-1.4
| Dhir Review
\ -Knofel 0.2
1999 -Page and Lambert ‘ 1.5
‘ -Everett and Treadaway 0.4
-Weigler and Segmuller ; 0.4
Alonso et al. Review
-Gouda and Halaka 1.21-2.42
-Hussain et al. 0.35-1.0
-Schiessel and Breit 0.5-1.5
= -Thomas 0.2-0.7
-Thomas et al. 3 0.5
-Hope and Ip 0.097-0.19
-Pettersson ‘ 0.5-1.8
2003 | Oheral | 0.45-0.97
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Table 2.4: Permitted total chloride content of RC according to international

guidelines (Berit, 1998).

Permitted chloride content (max)

Country Guideline/year CI total
Cl'/cement (%) Cl'/concrete (kg,/mf‘)
Germany pr EN 206 (1997) 0.4 ‘ -
| UK | BS 8110 (1985) 0.4 "777% =
" Norway | NS 3420 (1986) 0.4 f* T e }
" France | RILEM TC 124 (1994) 0305 | I
| ACI 222 (1985) g2 iy
USA . . el s
ACI 318 (1989) 0.3 -
" Australia T AS 3600 (1988) : ' 0.8
*China  CNS 3090 (1998) S ' 0.15-0.6

*Reference (Liang er al., 2002)

Table 2.5. Statistical data for C,, (C1% per mass of concrete) used by different
researchers in reliability based analysis.

Reference Distribution Mean | COV (Range)
Akgul and Frangopol (2005) Lognormal 0.037 0.15
Thoft-Christensen (1998) Normal 0.048 0.17
Polder and de Rooij (2005) Normal 0.080 0.30
Enright and Frangopol (17998) Lognormal 0.040 010
Vu and glc:v;rl (2()()57)7 Noemal 0103 0.20
Li (2004b) P o 0.072 0.16
T Uniform 0.086 (0.065-0.108)
g‘(‘)‘(’;;)‘ Ordinary concrete Uniform 0.065 (0.043-0.086)
Poor concrete Uniform 0.043 (0.022-0.065)
Stewart undhosn?avsky (71797987b)7 7Uriiform 0039 (():()28'7(7)-()52)
Val andri;rappicr (2()()83 N ”Noirmal | 0.080 | 020
Bentz (2003) Normal 0050 | 0.10
Li and Mcléhcrs (2005) Uniform 0.082 | 7(&()7778-().()85)
fib Bulletin 34 (2006) Beta 0.096 | 0.25(0.032-0.32)

Note: when data in the original reference were given in (Cl1% per mass of cement) or kg/m™ units,
Cement/Concrete ratio=0.16 and concrete density=2320 kg/m” where used for conversion to (C1% per

mass of concrete) units.
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As ca1 be seen from Table 2.5, a COV value between 010 and 0.30 is frequently used by

researchers in the literature for service life prediction modelling. In this thesis and in light

of the proceeding discussion, it seems reasonable to assume a lognormal distribution with a

mean value of 0.07 (Cl% per mass of concrete) and COV=0.25 to describe the variability

of the C,, parameter.
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Figure 2.12. Scatter of mean values of C,,
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Figure 2.13 (a) Histogram of C, data collected from the literature (p=0.07%,
COV=0.64), (b) Lognormal probability plot fitted to the C,, data.

48



Chapter 2: Materials deterioration models

2.5 PROPAGATION MODELS

As indicated in Section 2.1, the main objective of this chapter is to investigate the available
deterioration models and the variability associated with the key deterioration parameters
employed by these models. In the previous section (Section 2.4) these objectives were
applied to the initiation stage of the corrosion-induced deterioration process. In this section
models and parameters describing the propagation stage (see Figure 2.1) will be
investigated. The deterioration models that are available to describe the propagation period
can be divided into two distinct groups. The first group are those models which are
concerned with the formation of the corrosion-induced cracks on the surface of the
concrete. These models therefore are more related to the SLS of the structure. The second
group of models are those concerned with reduction of the cross-sectional area of the
flexure and shear reinforcements due to the ongoing corrosion. These models therefore are
directly related to the load carrying capacity and hence the ULS. Both groups of models
however are not independent and they are closely related due to the common parameters
they both employ to describe the corrosion-induced deterioration of the structure

performance over time.

As briefly described in Section 2.2 and in terms of the first group of models, the literature
recognises two distinct stages that aim to describe the propagation stage (Alonso et al.,
1998). The first group of models try to describe sub-stage I or the time period from which
depassivation of the reinforcement has taken place due to the chloride attack up to the
point where a hair size cracks appears on the concrete surface. The second group of models
try to predict the length of Sub-stage II or the time period from when corrosion-induced
hair size cracks start to propagate to reach a maximum crack width that can be considered

as a critical.

Regarding the second group of corrosion-induced propagation models which is of a direct
concern to the load carrying capacity, two distinct models have been recognised. The first
model assumes a uniform loss of the cross-sectional reinforcement that is subjected to
corrosion activities and referred to as the General corrosion. The second assumes that the
corrosion is localized and causes far more loss of section at that specific location than
generally caused by the uniform (general corrosion). This later form of corrosion referred

to as the Pitting corrosion.
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2.5.1 Crack initiation models

The process of corrosion-induced concrete cracking can be described as follows: after
corrosion has initiated, the reinforcement corrosion propagates in concrete and produces
expansive rust (mainly ferrous and ferric hydroxide, Fe(OH), and Fe(OH)s) that occupiesa
much larger volume than the original reinforcement, see Table 2.6. This results in tle
generation of radial pressure on the surrounding concrete at the interface between tle
reinforcement and the concrete (Broomfield, 1997). Eventually, the generated stresses

exceed the tensile capacity of the concrete cover leading to cracking of the concrete cover

Table 2.6. Relative molecular weight and volumes of iron and its corrosion products
(Bhargava et al., 2003).

Name of corrosion products

FeO FC3O4 FC303 FC(OH)] FCO(OH)x FC(OH)}3H:O
a 0.777 0.724 0.699 0.622 0.523 0.347
a 1.80 2.00 2.20 3.75 4.20 6.40

Note: a is the ratio of molecular weight of iron to the molecular weight of the corrosion products; o is

the ratio of volume of expansive corrosion products to the volume of iron consumed in the corrosion

process.
A number of analytical models have been proposed to model the stresses required o
initiate cracking of the concrete cover due to corrosion and the time it takes for thewe
stresses to be generated (Bazant, 1979; Liu and Weyers, 1998; Pantazopoulou ard
Papoulia, 2001; Wang and Liu, 2004; Bhargava et al., 2006a; El Maaddawy and Soudh,
2007). Among all proposed models, models by Liu and Weyers (1998) and El Maaddawy
and Soudki (2007) seems to have generated wide acceptance among researchers in ths
field, therefore these two models will be described with some detail. Once a model fir
describing the time to first cracking is selected, it will be used within the probabilistc
framework to be developed in this thesis for the prediction of the service life of tle
structure under consideration hence for the estimation of the time to maintenance ard

repair.

2.5.1.1 Liu and Weyers (1998) model

In this model, the concrete around a corroding reinforcing bar was treated as a thick-walicd

cylinder (Bazant, 1979), which is subjected to internal pressure due to formation >f

0
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corrosion products having larger volume than that of the original steel. Stresses in the
cylinder wall are calculated using the solution provided by isotropic linear elasticity theory
and it is assumed that cracking occurs when the stresses reach the concrete tensile strength,

Figure 2.14.

Porous zone

Rust
Steel bar_ Concrete Initial bar gy
diameter | ... . Cracks
‘]‘ ’! ‘\< ;‘ front

Attack . | = '

traion N7 \
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A [ r//;// '

1 | 4 ;
e

(a) Corrosion initiated (b) Concrete cracked

Figure 2.14. Schematic of corrosion induced concrete cover cracking

From the figure, the inner radius of the hypothetical thick—walled cylinder a=(D +2d,)/2,
and outer radius b=C,; +(D +2d,)/2. Where D is the bar diameter, d, is the thickness of
pore band around the steel/concrete interface, C, is concrete cover depth. It is assumed that
until corrosion products have filled the porous zone no pressure develops between the
reinforcing bar and concrete. According to Liu and Weyers (1998), if the concrete material
can be considered as a homogenous elastic material with (v.) poison ratio and (E.p)
effective modulus of elasticity which is related to the modulus of elasticity of concrete (E.)
and the creep coefficient of the concrete (g.,) via Eoy = E. /(14 @, ). The radial stress (o) at

the concrete/rust products interface can be estimated as:

2[1:(// d\

(D+2d,,>(ij§ . +j

g = (N/mmz)

Equation 2.10

=

where d, is the thickness of corrosion products needed to generate radial stresses, which
was determined by equating the expression in Equation to the tensile capacity of the
concrete cover which is in turn was related to the tensile strength of concrete (f;) and C; as

follows (Bazant, 1979):
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__2C, 1,

G = N/mm’ ati
D+2d ( ) Equation 2.11

By equating Equation and Equation, d, found to be:

C a*+ b
d = .f [ — +v(_](mm) Equation 2.12

The next step was to determine the critical amount of rust products that is needed to initiate

the cracking, Liu and Weyers (1998) estimated W,, from:

W.=p., [ﬂD[d\ +d, ]+ Kj Equation 2.13
Py
where W, is the critical mass of the corrosion products needed to induce cracking of
concrete cover in (mg/mm); p, is the density of the corrosion products; py is the density
of the parent steel; Wy, is the mass of corroded steel and it is related to W, so that
Ws=aW.,. Where a is the ratio of the molecular weight of iron to the molecular weight of
the corrosion product and its value, which depends on the type of the corrosion product,
can be obtained from Table 2.1. The value of d, was estimated to be in the order of 12.5

um. For more details on the model see (Liu and Weyers, 1998).

The time to first cracking was then estimated as follows:

WZ
;0 :j(years) Equation 2.14

P

where &, is the rate of rust production which is related to the rate of the metal loss and is

expressed as a function of the corrosion rate (icor) pA/cm’ as follows:

k, =0.098( ¥ )z Di,, Equation 2.15
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It can be seen that according to Liu-Weyers’s model, that the time to first corrosion—
induced cracking, T,y, is mainly determined by the corrosion rate, tensile strength of

concrete, concrete cover depth and the type of corrosion product.

2.5.1.2 El-Maaddawy and Soudki (2007) model

In this model, the concrete around a corroding reinforcing steel bar is modelled as a thick-
walled cylinder with the wall thickness equal to the concrete cover, Figure 2.14(a). The
concrete ring is assumed to crack when the tensile stresses in the circumferential direction
at every part of the ring have reached the tensile strength of concrete, Figure 2.14(b). The
internal radial pressure at the point of cracking is then determined and related to the steel
mass loss. Faraday’s law was then employed to predict the time from corrosion initiation to
corrosion-induced cracking (Andrade er al, 1993). The model accounts for the time
required for corrosion products to fill the porous zone before they start inducing expansive

pressure on the concrete surrounding the steel reinforcing bar.

The approach followed by the authors in their development of this model was very similar
to that of Liu and Weyers (1998). However, El-Maaddawy and Soudki (2007) stated that in
Liu-Weyers’s model, the rate of steel mass loss caused by corrosion was assumed to
decrease as time progresses. The rate of steel mass loss was assumed to be directly
proportional to the square root of the product of the corrosion current and the time of
corrosion exposure. They found that for the same time of corrosion exposure, this
assumption significantly underestimates the amount of steel weight loss compared with
that obtained using Faraday’s law. Underestimating the rate of steel loss caused by
corrosion would result in overestimating the time to corrosion cracking. Based on this they

have proposed the following alternative model:

Ist

Equation 2.16

7117.5(D +2d, )(1+v, +w)M2C,f 2d,E,,
= a4l +
1

D (1+v, +y)(D+2d,)

corr ™ eff

where T,y (years), D, d,, ve, Cy, fis Eefp, icorrs as defined in the previous section (d,=10-20

um). y is a factor dependent on D, C, and d,,.

w=D"/2C,(C,+D'); D'=D+2d, Equation 2.17
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To compare the two models, T;, were calculated for a range of typically measured
corrosion rate values (from 0.1 to 10 pA/cm?) using the relevant input parameters listed in
Table 2.7. The results were plotted in Figure 2.15. It can be seen from the figure that for a
low corrosion rate values, Liu-Weyers’s model produces more than twice as much longer
11 period than that obtained from El-Maaddaway-Soudki’s model. However, although the
ratio between the two results stays the same, as the corrosion rate value increases (i.e.
icorr=>10 pA/ecm®) Ty is significantly reduced that it doesn’t matter much which of the two

models is used.

Table 2.7 Input parameters for calculating 7',
as used by (Liu and Weyers, 1998)

Parameter Units Value
Ca mm 30
D mm 16
”””” d, ~ um 12.5
e ! .18
7 ﬂ.’,,f, " MPa 25
'}7;()_53 \/7 ~ MPa 2.65
E =4600f |  OPa 23
Der - 2.0
e mg/mm” 3.6 7
By ‘mg/mm® |  7.85
s N 0.57

Although Liu-Weyers’s model have been used frequently by researchers (e.g. Wang and
Liu, 2004; Vu and Stewart, 2005; Bhargava et al., 2006a; Sancharoen et al., 2006; Val,
2007; Kenshel and O'Connor, 2008) in the estimation of the time to crack initiation,
Chernin and Val (2008) have recently criticized this model. They pointed out that in this
model the value of d, =12.5 um used was determined based on the incorrect estimation of
k, (see Equation). According to Chernin and Val (2008) it seems that in the process of
finding the value of d,, the k, value was erroneously replaced by the value of 0.098
appeared in Equation. This mistake was not repeated in the derivation of El-Maaddaway-
Soudki’s model in which the value of d, was found to range from 10 to 20 pm. When these

values were used by (El Maaddawy and Soudki, 2007), results yielded by Equation were
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compared with the times to first cracking observed in a number of accelerated corrosion

tests with a good agreement observed.

H
o

—— El-Maaddawy and Soudki (2007)
T Liuand Weyers (1998) |

W oW
o .0

N
(&)

— —-
o @

Time to first cracking, T Yef (yeras)
N
&) (=}

0.1

Corrosion rate (chmZ)

Figure 2.15 Comparison between Liu-Weyers (1998) and El Maaddawy-Soudki (2007)
T models.

Based on this discussion, El Maaddawy-Soudki’s model will be used in this thesis to

estimate the time to first cracking.

2.5.2 Crack propagation models
For the crack propagation, (i.e. sub-stage Il of the propagation stage, Figure 2.1(b)), two

distinctive models have been reported in the literature, the Duracrete (2002) model and Vu

et al. (2005) model.

2.5.2.1 Duracrete (2000) model

The Duracrete final report (Duracrete, 2000) describes the propagation period as follows:

- —0.05

(Wl—ﬂ )+al +az£%j+“s fl\/’/:'

. s . (years)
w,oa, i

t D “corr

Equation 2.18

where;
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5

fi =03[0.48+.096 tin (¢, )] * (£27)(v,2")y,

spl co

Equation 2.19

where T, is the propagation time years (i.e. 7,=7,y +7.,) and the input parameters are as
defined in Table 2.8. Typical values of the listed parameters can be obtained from Li et al.

(2004).

Table 2.8 Input parameters for the Duracrete crack propagation model

Variable

Definition

Wiim Is the limiting crack width (0.3-1.0 mm)
o Parameter that controls the propagation
ap The pitting factor

a;, a>and a;

Regression parameters

Lo mean corrosion rate in (mm/year)

W, is the wetness period of the year

fispi is the tensile splitting strength of concrete in MPa

feo Basic concrete compressive strength in MPa

Lage is the age of the concrete at the time of inspection (years)

Y, is a variable representing additional variation due to the special
placing, curing and hardening conditions of in situ concrete

Y, Is a variable representing variations due to factors not well accounted
for by concrete compressive strength (e.g. gravel type size)

A Is a factor taking into account systematic variation of in situ

compressive strength and strength of standard tests

2.5.2.2 Vu et al. Model (2005) model

Vu et al. (2005) proposed an empirical model to estimate the period of time in which the
corrosion-induced crack to propagate from a hair size (typically assumed in the order of
0.05 mm) and reach a maximum size of wy, (mm) (Sub-stage Il in Figure 2.1(b)). The
model is based on accelerated corrosion tests conducted in the laboratory involving eight
RC slabs with 16 mm diameter reinforcing bars and varying water/cement ratios and cover
depths. Assuming a constant corrosion rate, the time it takes for the corrosion-induced
crack to propagate from a hair size to reach a limiting width of wy,, was estimated as

follows:
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0.0114
by =0y — [A(Cd /wc)"} (years) '
Lo Equation 2.20

0.33mm<w, <1.0mm

where;

i 25001

k, ~ ().95{cxp[0'3i‘f’”' (CXP)]— Lo (XP) +().3} Equation 2.21
where Cyis the reinforcement cover depth in (mm) and wc is the water/cement ratio, iqo,, 1S
the measured corrosion rate (pA/sz) assumed constant with time. A and B are empirical
constants and kg is a rate of loading corrosion factor where i (exp) is the accelerated
corrosion rate used in the experiment. The developers of the model used an impressed
corrosion rate of 100 uA/cm2 in their testing therefore i.,(exp)=100 pA/cmz. A=65 and
B=0.45 for w)in=0.3, A=700 and B=0.23 for wj;;, =1.0 mm. The factor kxz was developed to
allow for the high rate of loading resulted from the use of high corrosion rate in the

accelerated corrosion tests.

As suggested by Liu and Weyers (1998), the formation of rust products on the steel surface
will reduce the diffusion of the iron ions away from the steel surface resulting in reduced
corrosion rate with time. To take into account the time-dependant corrosion rate, Vu and
Stewart (2000) proposed the following expression for determining the time to crack

propagation T,:

) A, +1 a, Aep ¥
[:7) = . x [(') - 1 s . .
a, ! A F Equation 2.22
(’,,, >1year,w,, <1.0 mm)
where 1., is the time for a crack to propagate to a limit crack width in years for a time-
invariant corrosion rate (can be calculated from Equation), a., and A, are constants for
describing the reduction of the corrosion rate with time their proposed values are a.,=0.85

and 4.,=-0.3.

Due to the lack of statistical information regarding the input parameters for the Durarcrete
model, the time to crack propagation which was defined in Section 2.2 and again in the

current section, will be modelled using Vu et al. (2005) model. It has to be noticed that this
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model is only relevant in the case of SLS service life modelling and therefore will only
affect the time to first maintenance predicted in terms of surface condition of the structure
under consideration. However, in terms of the ULS, and as mentioned earlier in Section
2.2.2, propagation models are described as a function of the loss of reinforcement cross-
sectional area which is directly influences the load carrying capacity and hence the safety
of the structure. The propagation models which provide quantitative estimate the loss in the
load carrying capacity over time thus of a concern to the ULS will be discussed in the

following section.

2.5.3 Loss of cross-sectional area models

As indicated in Section 2.2.2, two types of corrosion, general and pitting, are possible.
General corrosion affects the reinforcement by casing a uniform loss of its cross-sectional
area. Pitting corrosion, in contrast to general corrosion, concentrates over small areas of the

reinforcement. Models quantifying of the magnitude of such losses will be described here.

2.5.3.1 Due to general corrosion

As the corrosion process progresses, the cross-sectional area of the reinforcement of an RC
member will be reduced leading to reduction of the capacity of individual elements and by
implication of the structure as a whole. If the corrosion is assumed to be of a uniform type,
Figure 2.16, the loss of reinforcement diameter can be described by the use of Faraday’s

law of electrochemical equivalence (Andrade et al., 1993).

L AD(n)2

D()

= . A —

Figure 2.16 General (uniform) Corrosion

Faraday’s law indicates that a constant corrosion rate of 1.0 pA/cm” corresponds to a
uniform metal loss of bar diameter of 0.0232 mm per year (or 1.0 pA/cm2=1 1.6 um/year
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metal loss of the bar radial) (Andrade er al., 1993). If the corrosion rate is assumed to be
constant over time, then the remaining cross-sectional area of corroding main

reinforcement after ¢-years A (¢) can thus be estimated as:

)-SR0

>0 ; AD(t)=0.0232i,, (¢-T;) Equation 2.23

where T; is the time to corrosion initiation (years), ny, is the total number reinforcing bars

and D, is the original bar diameter and AD(¢) is the reduction of bar diameter at time, ¢.

2.5.3.2 Due to pitting corrosion

Pitting (localized) corrosion is very intense form of corrosion in which a small area over
the reinforcement length may suffer much greater loss of section than the rest of the
reinforcing bar, Figure 2.17. For that reason, the measurements of the corrosion rate ic,,
cannot be directly translated into the loss of cross-sectional area of the corroding bar in the

same way indicated by Equation.

According to Gonzalez et al. (1995) the maximum penetration depth caused by pitting
corrosion (Pp..) can be 4 to 8 times of that caused by general corrosion. This conclusion
was derived from results obtained from testes made on specimens of 125 mm long and
have a bar diameter of 8 mm. The corrosion rate i.,,, for general corrosion can be related to
Py at any time ¢ via the ratio R=P,,/Pa. P, is the average penetration depth expected
from general corrosion (P,= AD/2). Therefore, the maximum pitting depth in (mm) at any

time (1) may be estimated as follows (Gonzalez et al., 1995):

P, (1)=0.0116i

max

e (E =T JR Equation 2.24
In order to be able to use values of P, (t) to estimate the loss of cross-sectional area of the
reinforcing bar due to pitting corrosion, hence estimating the residual cross-sectional area
of the reinforcement, an assumption regarding the shape of the pit has to be employed.

Two such configuration has been provided by the literature, Rodriguez et al. (1997), Figure

2.18(a), and Val and Melchers (1997), Figure 2.18(b).
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D(l) N Do

(a) (b)

Figure 2.18 Pit configuration according to: (a) Rodriguez et al. (1996), (b)Val and
Melcher (1997)

The residual cross-sectional area of a single corroding bar at any time ¢ for both

configurations can be calculated as follows:

(a)
A (t)=7(D, - P(f))2/4 Equation 2.25
(b)
nD? D
4(L_A _Aw, 1) t S“L
4 1 2 ( ) \/E
A (t)=14,-A,, —DL<P(T)§D, Equation 2.26
har 2 \/E (
0 P(t)>D,
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where:

: P(t)
a2 o200
2 2 D

0

, P
A, -] a,P(t) —a i)—
2 D, Equation 2.27
a=2 p(l)\/l—(l’(f)/l)u)2
a, =2 arcsin(a/D,)

&, =2 arcsin (a/2[’(1))

Finally the remaining total cross-sectional area of the reinforcement subjected to pitting

corrosion, after (¢-7;) years of active corrosion, A(¢) can be estimated as follows:
"
A(£) =D Ay (£) 20 Equation 2.28
j=1

where n,, is the total number of longitudinal reinforcement bars.

As can be seen from the preceding presentation, estimating the residual reinforcement
cross-sectional area in the case of pitting corrosion is highly dependant on the variation of
the pitting factor R. This indicates that the uncertainty associated with estimating the end
of service life and hence the predicted time to first maintenance/repair for a structure in
terms of the ULS will depend significantly on the assumed pit sizes. Considering the
limited research studies dealing with the effect of variability of pitting corrosion on the
safety of corroding structures in marine environments (Val, 2005), this thesis will consider
investigating the influence of variability and spatial distribution of corrosion-induced pits
(i.e. pitting corrosion) on the structure safety as one of its objectives. More information
regarding statistics and distribution of corrosion pits will be given in Chapter 6. In this
regard, this thesis needed to adopt a pit configuration for the calculation of the residual
cross-sectional area of the reinforcement. The hemispherical pit configuration proposed by
Val and Melchers (1997), Figure 2.18(b), was adopted. The reason for this was that, as
shown by Figure 2.18(a), Rodriguez et al. (1997) configuration seems very conservative as
a large proportion of the cross-sectional area of the bar is discarded as a result of the
simplified approach. On the other hand, Val and Melchers (1997) configuration tends to
calculate the exact area of the pit.
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2.5.4 Corrosion rate (i.,,,)

As can be seen from most of the relations and models given in Section 2.5, the corrosion
rate is a key parameter for the plotting of the propagation stage and for determination of
the residual cross-sectional area of both, the flexure and shear reinforcements and hence
the residual capacity of the deteriorating structural member. Usually the corrosion rate is
governed by the availability of water and oxygen at the steel concrete interface, the
concrele quality and cover, temperature and humidity (Vu and Stewart, 2000). Andrade
and Alonso (1996) have accumulated and studied corrosion rate data measured in the
laboratory and on site. They observed that values of the measured corrosion rate that is
below 0.1 pA/em? are insignificant and does not seem to have a major effect on the service
life of the structure. They also concluded that values between 0.5 to 5 pA/cm? causes about
5 to 25% loss of cross-sectional area of the reinforcement during 20-50 years of active
corrosion. Values between 0.5 to 5 pA/cm? have been frequently measured on site with
values in excess of 10 pA/cm? rarely reported (Gonzalez et al., 1995; Andrade and Alonso,
1996; Rodriguez et al., 1997; Alonso et al., 1998). Based on their observations, Andrade
and Alonso (1996) proposed a classifications of the corrosion rate levels, shown in Table
2.9. Similar classifications proposed by other researchers are also indicated in the same

table.

Regarding the variability of i, Enright and Frangopol (1998a) provided some statistics on
icorr Dased on measurements performed onsite. The information they provided are given in
Table 2.10 where can be seen that the measured values are consistent with those reported
by Andrade and Alonso (1996). However, while these statistics (mean value, standard
deviation and the distribution type etc) are useful in describing the random nature of i.,,,,
information regarding systematic spatial variation has not been reported (Vu and Stewart,

2005).

Considering the importance of i, as the key parameter which can influence the rate by
which the reinforcements cross-sectional area is reduced, several attempts have been made
to predict the corrosion rate where field data on the parameter are not available. In this
regard, for a typical environment of an ambient relative humidity of 75% and temperature
of 20 "C, Vu and Stewart (2000) suggested an empirical formula for the estimation of
corrosion rate at the start of the corrosion activity i.,.(1. The proposed model relates the

corrosion rate to we and Cy as follows:
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. 37.8(1-we) ™
l('ul‘/'( 1) =
L

Equation 2.29

d

According to Duprat (2007), results obtained from Equation found to be in agreement with
corrosion rate measurements obtained from experiments performed by Gonzales et al.
(1995) and with the average corrosion rate field measurements suggested by Enright and

Frangopol (1998a), shown in Table 2.10.

Table 2.9. Reported corrosion rate classes

3 : . 2
Corrosion rate, Ieor (LA/cm”)

Classification Dhir et al. (Andrade and Broomfield Middleton & Law et al.

(1994) Alonso, 1996) (1997) Hogg (1998) (2004)
Negligible - <0.1 <0.1 - <0.2
Low 0l b TBias 0105, | obLo2 | 8205
Moderate ‘ 10 | 0510 | 0.5-5 [ 0210 | 0510
High ' 10 ' >1.0 ' >5 ' >1.0 S

Table 2.10 Expected corrosion rate (i.,,) values based on data
from existing bridges (Enright and Frangopol, 1998a).

mm/year (uA/cm’) COV
0.013 0.5 0.1
0025 | 10 | 02
0.076 | 3.0 I 03
0127 | so0 | 04
0254 | 10 05

Meanwhile, and as indicated by Liu and Weyers (1998), there is strong evidence to suggest
that corrosion rate reduces over time due to the formation of rust products which slow
down the diffusion of irons away from the steel surface. To account for the time-dependant
reduction of the corrosion rate, Vu and Stewart (2000) suggested that corrosion rate values
obtained from Equation can be modified so that the corrosion rate time-dependent can be

obtained as follows:
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. . A 1], y ’,
[(m'r(l) :lwn‘l'(])’:arp([_ri) ! :I’ ([ —Tl ) 2 l() yt"lr Equdthn 23()

where a., and A, are constants and their values are as given in Section 2.5.2.2.

Vu anc Stewart (2000) corrosion rate model has been used by several other researchers to
predict the life time safety performance of RC structures (Duprat, 2007; Stewart and

Mullard, 2007; Val, 2007; Stewart and Suo, 2009).

In a real case assessment, it is highly desirable that values of i, are obtained from site
specific measurements taken from the structure that is under investigation. However, in
many cases, as in this thesis, field data on i, measurements may not be available,
therefore, Equation and Equation maybe used to estimate the i.,,, for a given structure with
a set of environmental conditions and material properties. In this thesis, Vu and Stewart
(2000) corrosion rate model will be used to produce values of i.,,, that correlate well with
the concrete quality and the chosen cover depth used for the considred structure. Care will
have to taken when employing Equation and Equation so that produced values of i,
correspond well with the commonly field measured /., data reported by the literature. The
lcorr Produced in the way explained in this section will then be used to estimate the
propagation stage and hence the end of service life of the structure under consideration. It
is, therefore, obvious that neglecting the variability of the i.,,, will influence the estimated

time to maintenance and repair.

2.6 CRITERIA FOR REPAIR AND MAINTENANCE

The service life of a structure was defined in Section 2.1. The models that can be employed
to quantify each stage of the deterioration stages for structures affected by chloride-
induced corrosion were described in the proceeding sections. However, the end of service
life of a bridge or its component cannot be determined accurately unless the end of service
life is clearly defined. The lack of quantifying definition to the end of service life hinders
the engineer’s ability to evaluate and priotorise bridges/bridge components for
maintenance/repair based on cost requirements. Traditionally, maintenance and repair is
carried out in order to ensure that the structure is able to fulfil some design requirements

throughout its lifetime (Engelund, 1997). The most important of these requirements is to
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ensure that the bridge load carrying capacity does not deteriorate below a certein level
often characterised by a reliability performance indicator which was introduced in Section
2.2.2 and will be further discussed in Chapter 3. However, usually in practice, 1epair or
replacement of concrete structures is primarily based on visual inspection that records the
signs of deterioration such as cracking, spalling rust stains etc (Li et al., 2004). Therefore,
the time for maintenance can be related to the surface condition of the structure, e.2. when
a given percentage of the surface of the structure shows signs of deterioration. This
criterion is more related to the visual condition of the structure than to its ability to carry
the imposed loads. The following sub-sections are dedicated to discuss these criteria.
Criteria related to the load carrying capacity of the structure and hence to its ULS will be

discussed in Chapter 3.

2.6.1 Corrosion initiation criteria

Repair of RC structures exposed to chloride environments can be deemed necessary if the
chloride content at the level of reinforcement exceeds the C., value and thus corrosion is
expected to start soon after. For example, Weyers (1998) used criteria by which when 30%
of the reinforcement steel have initiated corrosion (i.e. C., is exceeded at the reinforcement
level) then repair action must be taken. Similarly, Li (2004b) referred to criteria in which if
20% of the concrete area have shown that it has corrosion initiated, then repair may have to
be considered. Li (2004b) anticipated that if 20% of the concrete surface area has its
corrosion initiated, this is maybe an equivalent to saying that 1% of the concrete surface
area has shown a sign of corrosion (i.e. cracks). This is inline with the 0.5-1.5% criterion
which is being used in the Netherlands to decide on the repair of RC structures affected by
chloride-induced corrosion (van Beek et al, 2003). However, this criterion may be
considered too conservative as corrosion initiation in itself does not affect the load carrying
capacity immediately. In addition, for a large RC structure/component, even the active
corrosion at a single location may not affect the structure load carrying capacity as such.
Therefore these criteria can be used to alert engineers/bridge owners to plan for
repair/maintenance intervention for the future but no immediate action is expected to be
undertaken. In this thesis an average value of 25% (i.e. an average value between the two
values proposed by Weyers (1998) and Li (2004b)) will be used to define the time to first

repair if the criterion of corrosion initiation is to be used.
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2.6.2 Percentage of delaminated/spalled surface area criteria

As already mentioned in the previous section, for many agencies the criteria for time to
repair/maintenance intervention is presented in terms of percentage of concrete surface
area that is shown some corrosion-induced visible damage (i.e. cracking, delamination,
spalling). Based on a survey response of 30 bridge and material engineers regarding
maintenance treatments for bridge decks, according to Weyers et al. (1991), the survey
responses indicated that the overlay of the entire surface of the bridge deck is appropriate
when 2% to 4% of the deck surface has suffered from spalling. Based on the same survey
results, another study showed that it is likely that the end of the functional service life for
concrete bridge decks is reached when the percentage of the whole deck surface area that is
delaminated, spalled and patched with asphalt ranges from 5.8% to 10% or that of the
worst traffic lane ranges from 9.3% to 13.6% (Fitch et al., 1995). Based on the results of
the survey, Fitch et al. (1995) found that this level varies from engineer to engineer and
agency to agency then he suggested that delamination of 10% to 20% of a bridge deck area

can be assumed to constitute a maximum acceptable level of deterioration for SLS.

[t has to be mentioned that there have been cases where RC crosshead beams were
replaced because the corrosion has caused 50% delamination of the concrete surface area
(Reid, 2009). It was considered that if the crosshead beam was repaired with conventional
repair methods this would had resulted in 90% removal of the concrete surface area which
was deemed to be both costly and impractical for that particular case. Another reason for

the replacement was that the reinforcements were severely damaged.

In the Netherlands, practical experience of the engineers involved in inspection,
maintenance and repair of concrete bridges stated that bridges are repaired when 0.5 to
1.5% of the surface area of the bridge exhibits a visual sign of corrosion related concrete

damage (van Beek er al., 2003).

It can be seen that there is a lack of agreement among institutions, practical engineers and
researchers on the value of the percentage of spalled, delaminated or cracked surface area
which can be used as a criteria to define the end of service life of the structure and thus the

time for repair/maintenance intervention.
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2.6.3 Crack width criteria

Cracks in concrete structures can have negative effects on important parameters such as
permeability, rate of chloride ingress and thus on protection against reinforcement
corrosion. Thus in many cases, the criteria for time to repair intervention are given in terms
of the maximum corrosion-induced crack width. There maybe a variety of opinions of what
may constitute a maximum acceptable cracks width for a concrete structure. For example
most design codes and standards, such as the American Concrete Institute ACI 318 (1999),
the British Standard BS 8110:1 (1997) and the Canadian Standard CSA A23.3 (1994),
prescribe the maximum accepted crack width up to 0.4 mm for concrete structures
(Newhook et al., 2002; Li et al., 2008). A maximum crack width between 0.3 and 0.4 mm
deemed to be appropriate for durability LS by ACI 209 (1978) whereas a limit crack width
of 0.8 mm has been recommended by Sakai er al. (1999) for serviceability (aesthetics)

requirements.

Experimental results indicated that cracks due to reinforcement corrosion were joined
together to create longitudinal cracking at crack widths between 0.3 and 0.5 mm (Vu et al.,
2005). Andrade er al. (1993) suggested that the service life of a structure may be
considerably reduced only if crack widths in excess of 0.3-0.5 mm are not repaired. This is
in line with the previously mentioned maximum accepted crack widths recommended by
varies standards. Clearly, the maximum acceptable limit for crack width depends on a
number of factors including the local regulation, the owner policies and the intended
function of the structure. In general, for the purpose of service life modelling, it may be
reasonable to consider the maximum crack limit of 1.0 mm caused by corrosion activity as
limiting serviceability intervention criteria. Thus for this thesis the end of the crack
propagation stage (Sub-stage 1 indicated in Figure 2.1), the end of the structure service life
in terms of serviceability requirements will be considered to have been reached when the

width of corrosion-induced crack reaches 1.0 mm.

Based on the preceding review, the criteria proposed in this thesis for serviceability
requirements maybe is better expressed as the surface area of the RC structure (A,%) that is
experiencing corrosion-induced crack greater than 1.0 mm in size. In order to be able
predict this proportion; the structure needs to be hypothetically discretised into small
sections, then each section is checked if it has experienced the maximum allowed crack

width at any point in time. Eventually, the number of cracked elements (sections) is
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counted and the proportioned to the total number of element to determine A,%. Such

procedure is possible by employing the Random Field theory which will be discussed in

Chapter 3.

2.7 CONCLUSIONS

The main objective of this chapter was to review the available deterioration models and
identify the appropriate models that can be used to model the service life of a corroding
structure and thus for estimating the optimal time to maintenance and repair. Part of the
task was to investigate the variability associated with the key deterioration parameters
employed by these models. RC structures in chloride environments undergo two
recognised deterioration stages, Initiation and Propagation. While there is a wide
acceptance to the use of Ficks 2" law of diffusion to estimate the initiation stage, the
propagation stage has been subjected to extensive research. Two sub-stages have been

recognised for the propagation stage, crack initiation and the crack propagation.

The key parameters to describe the initiation stage are the Dy, Cs, C,, Cgand C;. The two
variables D,,,, C; have been shown to vary significantly with mean values differ from a
structure to a structure, within a structure and from an environment to another. It was
decided, therefore, that the statistical information of both parameters are to be obtained
from a real a structure exposed to a marine environment. Ferrycarrig Bridge was, therefore,
chosen to study the variability of the two parameters which were shown to be highly

structure-dependant D,,,, Cs, as will be seen in Chapter 4.

The time-dependant property of D,,, needs to be considered if the original material
properties were not made from OPC concrete. The investigation carried out showed that
the time to corrosion initiation is highly affected if D,,, was considered to vary over time
for concretes made of PFA or GGBS. Values for the ageing factor m which allows for the
inclusion of the reduction of D, with time were proposed so that m=0.2, 0.4 and 0.6 for

OPC, PFA and GGBS respectively.

Another key parameter for the estimation of the initiation period is C.. Again this
parameter also showed a great variation. The wide scatier was attributed to the different
methods by which this parameter is measured. It may be accepted that for the same
material type and the same environmental condition, the variation of this parameter is
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reduced. Based on the collected data, a Lognormal distribution with a mean value of 0.07
(Cl1% per mass of concrete) and COV=0.25 were proposed for probabilistic modelling

intended for this thesis.

For the propagation stage, several models were reviewed. Most of these models were
mainly function of i, we, f.” and C;. Two models were chosen to represent the
propagation stage. El-Maaddaway and Soudki (2007) model was selected to estimate the
time to first cracking. For the second Sub-stage of the propagation, Vu et al. (2005) model
was selected. This model is to describe the time period from the formation of the hair size

crack until the size of the corrosion-induced crack reaches a 1.0 mm size.

Following the initiation of corrosion and during the formation of the cracks, the
reinforcement cross-sectional area is being reduced by two mechanisms; by General
(uniform) corrosion or by pitting (localised) corrosion. The pitting corrosion is more severe
and causes the loss of the reinforcement cross-sectional area of several orders of magnitude
as that caused by general corrosion. Both mechanisms will be considered in this thesis with
investigating the effect of variability of the corrosion-induce pitting on the structure safety
was highlighted as on of the tasks to be considered in this thesis. The pitting configuration
proposed by Val and Melchers (1997) will be used to relate the loss of the reinforcement

cross-sectional area caused by pitting corrosion to that caused by the general corrosion.

The literature has also shown the importance of the corrosion rate (i.,) as the main
parameter affecting the modelling of the propagation stage. It is desirable that values of
this parameter are obtained from site specific measurements, however, in the case when
such data are unavailable, the model proposed by Vu and Stewart (2000) can be used. The
corrosion rate values predicted by the proposed model should be used in light of the
typically measured values in real structures which have been reported to range from 0.1 to

10 pA/em®.

The criteria by which RC structures exposed to chloride-induced corrosion are repaired
were investigated and found to differ from engineer to engineer and from agency to
agency. However, for serviceability requirements, the percentage of the surface area that
shows sign of corrosion related damage seems an appropriate quantitative indicator. For
example, if the damage was defined such that corrosion is to be initiated, then the repair of

the structure may be deemed necessary if 25% of the surface area has indicated corrosion
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initiatbn. On the other hand, if the damage was defined such that a significantly large
cracks(>1.0 mm wide) to appear on the concrete surface, the indication for the time to first
repair nay be that when 1.5% of the surface area of the structu<ns1:XMLFault xmlns:ns1="http://cxf.apache.org/bindings/xformat"><ns1:faultstring xmlns:ns1="http://cxf.apache.org/bindings/xformat">java.lang.OutOfMemoryError: Java heap space</ns1:faultstring></ns1:XMLFault>