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ABSTRACT

The earthquake resistance o f  many building structures is provided by steel bracing members. 

Although the use o f  tension-only concentric bracing is common, the behaviour o f these systems is 

not fully understood, and international design guidance differs. Hollow section members are often 

employed as bracing elements, for both structural and aesthetic reasons. The purpose o f this thesis 

is to investigate the seismic behaviour o f  such members. The influences o f  mortar infill and o f 

member slenderness are addressed, mainly through experimental studies.

The experimental programme included both quasi-static and shake table tests on square and 

rectangular hollow and filled steel bracing members. The quasi-static tests provide necessary 

information on the strength, ductility and hysteretic behaviour o f bracing specimens. A total o f  49 

tests were carried out, which included monotonic tension and compression, as well as cyclic axial 

tests, on both steel and composite members for three different section sizes (i.e. 40 x 40 x 2.5 SHS, 

50 X 25 X 2.5 RHS and 20 x 20 x 2.0 SHS). The length o f the specimens was also varied such that 

a range o f normalised slenderness, between 0.06 and 3.2, was examined. The results provide vital 

information on the response and failure mode o f the bracing members, and indicate a significant 

dependency on m ember cross-section size and overall slenderness. Furthermore, the presence o f 

infill had a considerable influence on the specimen behaviour, except for members with relatively 

small cross-section dimensions.

The findings from the quasi-static tests, together with two and three dimensional finite element 

analyses, are used to plan and steer the shake table tests. These tests examine the response o f brace 

members in a 2.89m single-storey frame under more realistic seismic loading conditions. A pair o f 

brace specimens was em ployed in each test in order to simulate the interaction between the tension 

and compression braces within a frame under actual earthquake excitations. In total, 36 shake table 

tests were conducted on 10 pairs o f  bracing members. These included low-amplitude elastic tests 

to determine the dynamic characteristics, followed by large-amplitude inelastic tests in each case. 

The excitations used for the inelastic tests were primarily natural earthquake records, but sinusoidal 

ramp functions and synthetic seismic histories were also used in a num ber o f  tests for comparison 

purposes.

Several key response parameters are evaluated from the shake table tests and, where possible, 

comparisons are made with capacity evaluations obtained from the complementary quasi-static 

tests, and with response predictions made using standard methods. The results confirm that cold- 

formed hollow structural steel bracing members are very effective at resisting earthquake loading 

and that bracing members with slenderness exceeding the limits imposed by some seismic codes



demonstrated generally satisfactory performance. Furthermore, improved performance can be 

achieved through the use o f  m ortar infill, especially with larger section sizes.

The inelastic dynamic behaviour o f  steel and composite bracing members, and their influence on 

the overall frame response, is further evaluated using numerical analysis o f idealised single degree 

o f freedom systems. In addition, a time-frequency analysis tool known as wavelet analysis is 

employed to detect changes in the frequency content o f  the structure’s response, allowing damage 

detection to be identified.
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PRINCIPAL NOTATIONS

The following is a list o f the principal notations. All of the following are defined in the text wh 

they are used and solely listed here for clarity.

Latin upper case letters
Symbol Definition Symbol Definition
A Area; Coefficient Fc Compression force

A ’ Coefficient Fc, Buckling load

A 50mm Percentage total elongation after 
fracture

F̂ max Maximum force

Ac Gross cross-sectional area of 
concrete

Fnc Non-conservative force

Gross cross-sectional area Fs Stiffness (Spring) force

As Cross section area of steel F, Tension force

B Shorter outer dimension of the 
hollow section; Coefficient

Fu Ultimate force; Ultimate stress 
(AISC)

B ’ Coefficient Fy Elastic yield force; Yield stress 
(AISC)

C The ratio o f comer area to total 
cross-sectional area; Coefficient

Fya The full-section yield strength (as 
defined in AISI)

C Coefficient FI yc Average tensile yield strength of 
the comers of a cold-formed 
section (as defined in AISI)

D Largest outer dimension; Diameter; 
Coefficient.

1 ye Expected yield strength

D ' Coefficient Fyf Average tensile yield strength of 
the flat o f a cold-formed section 
(as defined in AISI)

E Modulus of elasticity; Energy Fym modified yield strength (as 
defined in AISC)

E a Modulus o f elasticity for steel I Second moment o f area

Ecd Modulus o f elasticity for concrete la Second moment o f area for steel

E Secant modulus of elasticity for 
concrete

Ic Second moment of area for 
concrete

Eeq Equivalent energy K Effective length factor

E i Input energy L Length

E k e Kinetic energy Le Effective length

F Modified modulus of elasticity 1̂ 0 Unstiffened length; Original 
gauge length

E„c Energy dissipated L t Overall length

F Force L u Final gauge length o f coupon after 
fracture

M Bending moment Sa Maximum response acceleration

xi



Sym bol D efin ition
Na Axial force

N a i s c  Unfactored axial design strengths
predicted using American 
specification 

Nc Maximum axial compression forces

Ncr Elastic brace buckling loads

Nec Unfactored design strengths
predicted using European 
specification 

Np!,R Plastic section capacity

N, Axial tensile force

Nu Ultimate axial strength

Ny Axial yield strength

P„ Predicted maximum axial
compression strength from AISC 

Q Restoring force

R Resistance; Internal radius; Ratio

Rj Design resistance

Re Yield strength from coupon test
obtained using one-tenth stiffness 
method

Ry Tensile yield capacity resistance

Rfy Plastic resistance of the connected
dissipative member 

R„ Maximum tensile resistance

Rpo,2 0,2% proof strength

R,o,5 0,5% proof strength

/?,. Ratio of expected yield strength to
the minimum specified yield strength 
(as defined in AISC)

So Original cross-sectional area of steel
coupon

Latin lower case letters 
Sym bol D efin ition
a Parameter

Qg Design ground acceleration

b Width; Parameter

ds Spectral design displacements

Sym bol D efin ition
Sd Maximum relative frame

displacement 
Sd,pred Predicted maximum relative

displacement

Sg Maximum table acceleration

Su Minimum cross-sectional area
after fracture 

T Plate thickness; Period

Teq Equivalent period

T„ Period o f the inelastic system

V Shear; Voltage

Ve Elastic storey shear

Fs Maximum shear force

Fu Ultimate shear force

Fy Yield shear force

IV Work; Energy

IV/o Energy dissipated up to the end of
the 10“’ cycle o f loading

IVd Work done; Energy dissipated

fV,j Wavelet coefficients

fV,o, Total energy dissipated

fVy Elastic energy

PF /̂f.J Wavelet transform

Energy index

Z Percentage reduction of area

Sym bol D efin ition
c Damping coefficient

Ceg Equivalent viscous damping
coefficient 

d  Depth; Distance

k„ Elastic stiffness



Symbol Definition Symbol Definition

/ Stress; function Ir•̂ sec Secant stiffness

fck Characteristic compressive strength 
o f  concrete

m Mass

fc r Critical buckling stress n Factor

fn Fundamental natural frequency p Forcing function

fu Ultimate stress P g a Peak ground acceleration

fu d Ultimate strength due to strain rate 
effects

Behaviour factor

fus Ultimate static tensile strength r Radius o f  gyration

f y Yield strength ri Internal radius

fy.nom Nominal yield strength ro External radius

fya Average yield strength o f the section 
(as defined in EC3)

t Thickness; Time

fyb Basic yield value o f the sheet u Relative displacement

fyd Yield strength due to strain rate 
effect

it Relative velocity

fymax M aximum permitted actual yield 
strength o f the brace members

u Relative acceleration

fys Static yield strength ^max maximum relative displacement

g Acceleration due to gravity ^  max Maximum relative acceleration

h Height Uy Relative displacement at yield

i Instance in time X Absolute displacement

J Level (frequency band) X Absolute acceleration

k Stiffness; Numerical coefficient that 
depends on the type o f  forming o f a 
hollow steel section (as defined in 
EC3)

X Absolute velocity

^ECS Elastic stiffness o f  the tension 
diagonal

z Ground (table) displacement

keio Localised averaged time-dependant 
stiffness
Energy-equivalent stiffness

Greek upper case letters

Symbol Definition 
A  Change in..
Q  Forcing frequency

z Ground accelerations



Greek lower case letters

S y m b o l D ef ln i t ion S y m b o l D e f ln i t io n

a Constant f^A,nwd M odified  ductility

P Frequency ratio Pxz C orrelation  coefficient

5 Axial deform ation CO C ircu lar frequency

5u M axim um  axial deform ation COd D am ped circu lar frequency

Su! D eform ation at fracture COgi Tem poral equivalent natural 
frequency

Su2 D eform ation at u ltim ate failure ^eiO L ocalised  average equivalent 
frequency

Sy Yield displacem ent co„ N atural c ircu lar frequency

s Strain; C onstant D am ping  ratio

8 Strain rate T em poral equivalen t dam ping 
factor

Ye Factor o f  safety Equivalen t viscous dam ping 
factor

I N orm alised  slenderness ratio V iscous dam ping  factor

D uctility dem and; M icro- H'C) B asis function; M other w avelet

M easured d isp lacem ent ductility 
dem and

¥*(■) C om plex conjugate o f  the basic 
function

Predicted displacem ent ductility 
dem and*
D isplacem ent ductility

¥ Fourier transform ation o f  the 
basis function

x iv



Introduction

Chapter 1 

INTRODUCTION.

1.1 EARTHQUAKES AND THEIR AFFECT ON BUILDINGS

Earthquakes are the result o f forces deep within the earth’s interior that continuously affect the 

surface o f the earth. The energy from these forces is stored in a variety o f  ways within the rocks. 

When this energy is released suddenly, as a result o f  slippage along a fault plane, it travels through 

the earth in the form o f seismic waves, which reach the earth’s surface and set it in motion causing 

an earthquake. During an earthquake, the ground vibrates in a complex manner, as waves o f 

different frequencies and amplitude interact with one another (Figure 1.1(a)). Therefore, there is 

great variability in the characteristics (peak, periods, pattern, duration) o f the recorded 

accelerogram, even for the same earthquake recorded at different locations. The characteristics o f 

earthquake ground motions that have the greatest importance for buildings are the duration, 

amplitude (o f displacement, velocity and acceleration) and frequency o f  the ground motion. A 

typical acceleration-time graph is shown in Figure 1.1(b).

P  08

S

^arui6H wfiv£

W/?££77i?V C f  KlflvK W V tM £ /,r

(a) (b)

Figure 1.1. (a) Four types o f earthquake waves created by a fault rupture (Arnold & Reitherman, 
1982). (b) North-south com ponent o f  ground acceleration recorded at Kobe Japanese M eteorological 
Agency (JM A) station during the Hyogo-ken Nanbu (Kobe) earthquake o f  Jan. 17, 1995. The 
magnitude is 7.2.

A structure’s response to an earthquake primarily depends upon its location in the affected region, 

its orientation relative to the direction o f the violent motion o f  the earth, its natural periods of 

vibration, its damping characteristics, the physical properties o f the structural material, and the
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Introduction

nature of the foundation material which supports it. The structure’s location is normally 

predetermined before the design process, and the direction of the earth motion cannot usually be 

accurately predicted prior to an earthquake. Thus, the design engineer cannot influence either of 

these factors. However, the design engineer can influence the dynamic and material characteristics 

of the building, and therefore must have a good knowledge o f the behaviour of buildings and their 

individual members during earthquake loading.

Ground motion damages a building by internally generating inertia forces caused by vibration of 

the building’s mass. Inertia forces (F) are the product o f the structure’s mass (m) and acceleration 

{a) (Newton’s law: F  = m x a). The response acceleration is largely a function o f the particular 

earthquake. The mass is an attribute of the building, and a building’s mass, size, and shape -  its 

configuration -  partially determines both the inertia forces experienced by the structure and how 

well they will be resisted.

The surface ground motion at a particular site is a complex superposition o f vibrations of different 

frequencies, usually with some frequencies predominant. Ground motions impart vibrations to a 

building, and the building’s vibration response tends to centre on its natural frequency. Generally, 

taller buildings possess lower natural frequencies, but the structural form of the building also plays 

an important role. For example, the braced frames examined in this research possess higher natural 

frequencies than their moment-resisting equivalents. If the ground beneath a building vibrates at a 

frequency close to the natural frequency of the structure, the two achieve a state called resonance, 

which will increase or amplify the building’s response. However, neither the frequency content of 

the ground motion, nor the natural frequency of the structure will remain constant throughout the 

earthquake, rendering the accurate prediction of the stnictural response difficult.

Structural engineers designing buildings in seismic areas must ensure that in the event of 

earthquakes human lives are protected, damage is limited, and structures important for civil 

protection (e.g. hospitals, power stations, etc.) remain operational. However, the random nature of 

the seismic events, the limited resources available to counter their effects, the fact that different 

buildings can respond in widely different manners to the same earthquake ground motion, and 

conversely, that any given building will act differently during different earthquakes makes the 

attainment of these goals very difficult and only partially possible.

Experience from recent earthquakes (for example 1985 Mexico City, 1994 Northridge, 1995 Kobe 

earthquakes) has significantly expanded knowledge of the seismic response of structural steel 

building systems. This knowledge, coupled with formal research in structural laboratories and 

institutions, has advanced the seismic design of buildings. The main objective of earthquake 

resistant design is to create buildings that will maintain their overall structural integrity during
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inelastic cyclic deformations, suffering localised damage, but not collapse. The ductility o f steel 

allows for this behaviour by absorbing and dissipating the energy produced during an earthquake.

Examples o f the three main types o f earthquake resistant dissipative steel structures are displayed 

in Figure 1.2. These are Concentrically Braced Frames (CBF), Eccentrically Brace Frames (EBF) 

and Moment Resisting Frames (MRF). Concentrically braced frames, in which members subjected 

to axial forces mainly resist the horizontal forces, are further divided into three groups: Diagonal 

bracing, V-bracing, and K-bracing, K-bracing, where the bracing is connected to the columns, is 

not recommended by Eurocode 8 (CEN, 2001) for dissipative design owing to the undesirable 

damage induced in the columns. In this study, it is mainly the behaviour o f diagonal bracing that is 

investigated.

(a) C oncentrically  Braced Fram es (CBF)

Diagonal bracing 
Dissipative zones -  tension 

diagonals only

(b) E ccentrically B raced Fram es (EBF)

/ \
/ \
/ \
/ \

5ZXZ

V -  bracing 
Dissipative zones -  tension & 

compression diagonals

(c) M om ent R esisting Fram es (M R F)

T T r T T T T T T Y r

Dissipative zones -  bending or shear links ^  TTTTTTTTT^ T  r7 'T ^  ^

Dissipative zones -  beams & 
bottom o f  columns

Figure 1.2. Main structure types of seismic resisting steel buildings (CEN, 2001).

The earthquake resistance o f  many building structures is provided by steel bracing members. 

However, there is considerable inconsistency and, in some cases, notable disagreement on 

important design issues in international seismic codes (Elghazouli, 2003). These disagreements are 

mainly attributed to the variance in design philosophy as well as the difference in the experimental 

and analytical database utilised. The relatively limited availability o f  experimental data from 

specific studies using real-time earthquake loading, which is particularly important for braced 

structures, also contributes to the inconsistency in design approaches. In particular, different 

design codes stipulate various maximum and minimum brace slenderness values.
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Rectangular Hollow Sections (RHS) and Circular Hollow Sections (CHS) are often employed as 

bracing members for structural as well as aesthetic reasons. Steel hollow sections are very 

effective at resisting axial loads. However, due to their thin walls they are susceptible to local 

buckling at high compressive strains. The onset of local buckling reduces the ductility of the brace 

member and hence may lead to brittle failure. It was envisaged that filling hollow steel sections 

would improve their squash load, but more importantly, it would delay the onset of local buckling 

and improve the member’s post-buckling response. In addition, inherent improvement in fire 

resistance provided by composite members may also lend this member type as a viable option in 

practical design situations.

Although steel bracing members are extensively used in buildings as the primary method of 

dissipating the energy produced during the earthquake, there is limited experimental data from 

specific studies on bracing members using real-time earthquake loading, and to date these brace 

members have not included filled hollow sections. Therefore, a test programme was devised to 

obtain essential experimental data on the inelastic dynamic behaviour o f steel and composite RHS 

and SHS bracing members under earthquake loading. The research described in this thesis 

comprises of the design, execution and interpretation of that test programme. It forms part of the 

ECOLEADER project entitled “Seismic Behaviour of Steel and Composite Bracing Members”, and 

was partially funded by the European Commission under the Access to Research Infrastructures 

Scheme of the Human Potential Programme. Five universities collaborated in this work: Trinity 

College Dublin, Imperial College London, National Technical University o f Athens, University of 

Darmstadt and University o f Liege.

1.2 SCOPE AND OBJECTIVES OF THE CURRENT RESEARCH

The main objective of the research work described in this thesis was to evaluate the inelastic 

response o f bracing members under earthquake loads. To achieve this, quasi-static and shake table 

tests were conducted on square and rectangular hollow and filled steel bracing members. It was 

envisaged that the shake table tests would supply direct information on the realistic behaviour of 

the bracing members under seismic loading conditions. However, the complexity of earthquake 

records and the apparent randomness of seismic response make it difficult to identify the main 

factors influencing the structural behaviour. Therefore, quasi-static tests were conducted to provide 

necessary information on the strength, ductility and hysteretic behaviour o f bracing specimens. In 

accordance with the capacity limitation of shake table testing, three cold-formed hollow section 

sizes were selected for the bracing specimens, namely SHS 40 x 40 x 2.5 mm, RHS 50 x 25 x 2.5 

mm and SHS 20 x 20 x 2.0 mm. For the composite specimens, the hollow members were in-filled 

with special cement mortar material.

4



Introduction

The first test series, referred to as the complementary tests, comprised o f a large number o f quasi

static tests undertaken in the Structures Laboratories at Trinity College, Dublin. A total of 49 tests 

were carried out including monotonic tension and compression, as well as cyclic axial tests, on 

both steel and composite members, for the three different section sizes. The length of the 

specimens was also varied such that a range of normalised slenderness, between 0.06 and 3.2, was 

examined. The purpose of the quasi-static complementary tests was mainly to provide necessary 

information on the strength, ductility and hysteretic behaviour of the bracing specimens, for the 

benefit of planning and steering the shake table tests. Furthermore, the quasi-static tests enabled an 

assessment of the adequacy and suitability of the proposed end-details for the steel and composite 

specimens.

The second series involved shake-table testing of hollow-steel and composite-filled bracing 

members, and are referred to as the shake table tests. These tests, which were carried out in the 

Laboratories for Earthquake Engineering at the National University of Athens, examined the 

response of 2.89/n high single storey test frames to various ground motions. For each test, a pair of 

bracing members was utilised in order to provide a realistic representation of the interaction 

between the tension and compression braces within a frame under actual seismic loading. In total, 

36 shake table tests were conducted on 10 pairs of bracing members. These included low- 

ampiitude elastic tests to determine the dynamic characteristics, followed by large-amplitude 

inelastic tests in each case. The excitations used for the inelastic tests were primarily natural 

earthquake records, but sinusoidal ramp functions and synthetic seismic histories were also used in 

a number of tests for comparison purposes. The experimental design was supported by two- and 

three-dimensional finite element analyses.

The inelastic dynamic behaviour of steel and composite bracing members, and their influence on 

the overall frame response, was further evaluated using numerical analysis of idealised single 

degree o f freedom systems. In addition, a time-frequency analysis tool known as wavelet analysis 

was employed to detect changes in the frequency content o f the structure’s response, allowing 

damage detection to be identified.

1.3 ORGANISATION OF THESIS

A background study is presented in Chapter 2. This includes a detailed survey o f existing 

published work on the response of cold-formed steel sections and void-filled hollow sections to 

monotonic and cyclic loading. Phenomena associated with dynamic loading o f concentrically 

braced frames are discussed, and a review of some other existing literature on the response of brace 

frames to earthquake loading is presented. This chapter also includes a brief overview of the
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current European design provision for earthquake resistance structures, Eurocode 8 (CEN, 2001), 

in particular the guidance provided for the design o f concentrically braced frames.

In Chapter 3, details o f  the test specimens, and the experimental set-up and testing methodology 

for the complementary quasi-static test series are described. These include the test-rig used, 

material tests for steel and mortar, specimen manufacture, loading and control procedures, and 

instrumentation. The results o f  the complementary quasi-static tests are presented in Chapter 4, 

comprising monotonic and cyclic tests on hollow and filled specimens, alongside observations and 

remarks regarding the test progression and specimen performance.

The shake table tests are described in Chapters 5 and 6. The details o f  the test-rig are given in 

Chapter 5, together with the specimen and instrumentation details. This is followed in Chapter 6 

by a presentation o f  the results o f the elastic and inelastic shake table tests. In addition to direct 

information obtained from the various measuring devices, this chapter also includes observations 

made during the execution o f the shake table tests and the investigation o f  key response parameters.

Chapter 7 presents correlative numerical analyses o f  the shake table tests. This includes a 

numerical evaluation o f the dynamic response o f single degree o f  freedom systems, employing 

equivalent linear damping and stiffness terms. The responses observed in selected tests are also 

investigated using wavelet analysis.

A summary o f  the work undertaken during the current research programme is given in Chapter 8. 

This is followed by a series o f conclusions and recommendations for future work in the area o f the 

earthquake resistance o f  hollow and filled steel bracing members.
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Chapter 2 

BACKGROUND STUDY.

2.1 INTRODUCTION

Concentrically braced frames (CBF), in which the bracing elements intersect the centre lines of the 

beam and column members, form one of the most effective systems for providing seismic 

resistance in both low- and high-rise structures. They resist lateral inertia forces due to an 

earthquake by a vertical truss mechanism consisting of alternating tension and compression forces 

in the bracing members. Whilst braced frames represent an effective structural form for lateral 

seismic resistance, the inelastic performance of the diagonal bracing members requires careful 

assessment. During a strong earthquake, the diagonal braces are subjected to inelastic 

deformations in cyclic tension beyond yield and compression into the post buckling range. 

Consequently, the cyclic behaviour of bracing members has been investigated experimentally and 

analytically by a number of researchers, often employing cold-formed tubes due to their structural 

and aesthetic merits, as discussed in Section 2.2.

Compared to other forms of steel members, hollow sections are very effective at resisting axial 

compression loads. However, when such sections possess thin walls, they are susceptible to local 

buckling at high compressive strains. The onset of local buckling reduces the ductility of the brace 

member and may lead to brittle failure. Whereas innovative types o f member currently emerging 

in several countries (for example, Iwata et al, 2000; Rezai et al, 2000) alleviate some behavioural 

problems, they may not be cost-effective in many cases. On the other hand, filling hollow steel 

sections with concrete or mortar could provide more favourable brace performance, in comparison 

with bare steel members, particularly in the post buckling range. In addition, the inherent 

improvement in fire resistance provided by composite members may also lend this type as a viable 

option in practical design situations. In Section 2.3, a review o f existing studies on the behaviour 

of void-filled steel sections is presented, with an emphasis on studies o f void-filled steel sections as 

brace members.

Bracing members are typically often very slender and, thus, are unable to dissipate much energy in 

compression. A characteristic of concentrically braced frames with slender brace members is their 

deteriorating pinched hysteretic behaviour during strong earthquakes. Alternating tension yielding 

and compression buckling of the bracing elements induce slackness in the lateral load resisting 

system around its point of zero displacement. This slackness translates into severely pinched 

hysteresis loops and potential impact loading in the structure (Elghazouli, 2003). This impact 

loading can contribute to amplifying the forces in the braces during tension loading. In addition, 

earthquake loading subjects the bracing members to a high strain rate demand. The yield strength
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of steel increases with increase in strain rate, although the ultimate tensile strength increases by a 

smaller amount (Gere & Timoshenko, 1997). Thus, during a strong earthquake the actual tensile 

forces in the brace member could be higher than expected, which may cause overloading of other 

members, which are expected to stay elastic. These phenomenon, and others associated with 

dynamic loading o f concentrically braced frames, are discussed in Section 2.4. Within that section, 

findings from previous studies on the response of braced frames to earthquake loading are 

discussed.

Seismic design issues for concentrically braced frames have been discussed in numerous 

publications, for example Mazzolani et al (1995), Mazzolani & Piluso (1996), Ambrose & Vergun 

(1999), Gioncu & Mazzolani (2002), Elghazouli (2003). In addition, throughout the world there 

are many codes to guide engineers designing earthquake resistant buildings. For example, in 

Europe the seismic design code is Eurocode 8 (CEN, 2001) and in North American there is the 

‘Seismic Provision for Structural Steel Buildings’ (AISC, 2002).

During small to medium size earthquakes a building is expected to behave elastically, with little or 

no structural damage occurring. However, the damaging potential o f strong earthquakes is well 

known and is accepted as an underlying premise by most design codes. For example, Eurocode 8 

(CEN, 2001) adopts the philosophy that structural damage is acceptable, although it must be 

limited, during the rare maximum intensity earthquake, but that collapse is not acceptable in any 

event. Thus, the structure must be able to dissipate energy through significant inelastic 

deformations, without collapsing. Codes give the designer two options when designing for 

earthquake-induced loads: (a) carry out a dynamic structural analysis, or (b) for certain classes of 

structural systems, estimate an equivalent static load. In the latter approach, dissipative design is 

carried out by assigning a structural behaviour factor (also referred to as a force reduction or 

modification factor), which is used to reduce the forces resulting from idealised elastic response 

spectra. This is carried out in conjunction with failure mode control and capacity design 

procedures, which involve the selection of predefined ductile zones and the provision of 

overstrength factors for other regions. In the case of concentrically braced frames, capacity design 

generally implies allowing buckling and yielding in the diagonal braces while avoiding these in 

other frame members and components.

Elghazouli (2003) compares the design approaches for concentrically braced frames taken in the 

European (CEN, 2001) and American (AISC, 2002) seismic provisions and notes several 

inconsistencies. Some of these differences are associated with the design approaches employed, 

while others are related to geometric and dimensional limitations. The most noticeable difference 

in the design approach is that the American guideline (AISC, 2002) bases the design strength on 

the brace buckling capacity in compression, whereas European practice (CEN, 2001) is
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contrastingly based on the brace plastic capacity in tension. A brief discussion o f the guidelines 

provided in Eurocode 8 for the design o f concentrically braced frames is presented in Section 2.5.

2.2 COLD-FORMED STRUCTURAL STEEL SECTIONS 

2.2.1 Introduction

Cold-formed steel structural members are made by bending flat sheets o f steel at ambient 

temperature into shapes that can support greater load than the flat sheets themselves. Typical 

sections are shown in Figure 2.1. Metallic sheeting with trapezoidal folding is also produced by 

cold-forming. Cold-formed steel shapes are formed in rolls or brakes from sheet or strip steel. The 

steel used typically has a nominal minimum yield strength in the range o f  235 to ASONImn? (Table 

2.1). However, the actual yield strength can be significantly higher than the specified nominal 

value. Table 2.1 presents a list o f  steel grades and their nominal tensile strengths, which were 

employed in previous studies on cold-formed sections.

( o l  ( b ) ( c )

( l ) ;i)

( e ) ( f )

L J L  
L JL
( g )  ( h )

( k ) ( I )  ( m)  ( n )

L
I s )  { t )( o )  ( p )  ( q )  ( r )

Figure 2.1 Typical cold-form ed structural mem bers (Yu, 2000).

Two useful review papers were published in recent years that summarise the latest developments in 

cold-formed steel structures (Davies, 2000; Rondal, 2000). The general report by Rondal (2000) 

deals with stability problems o f  cold-formed members and jo in ts between cold-formed members. 

Davies (2000) reviews developments in cold-formed section technology, practical applications, 

design procedures and models for cold-formed sections.

More recently, Hancock (2003) published a review article on cold-formed steel structures. This 

paper reviews and summarises the major research developments in cold-formed steel structures 

over the 3-year period 1999-2001 as published in leading journals on steel structures and thin- 

walled structures. It also summarises the development o f  the North American Specification (NAS) 

for the Design o f Cold-Formed Steel Structural M embers (AISI, 2001) and provides a brief
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summary o f the Direct Strength Method (DSM) being developed by the American Iron and Steel 

Institute Specification Committee.

Ghersi et al (2002) give a general overview o f the main aspects o f  the design o f metallic cold- 

formed thin-walled structures and compare the design methodologies o f  Eurocode 3 (CEN, 1996), 

Eurocode 9 (CEN, 1998) and the AISl Specification (AISI, 1996). Eurocode 3 and the AISI 

Specification deal with steel structures, whereas Eurocode 9 deals with aluminium structures. 

There are many other books which deal specifically with the design issues for cold-formed steel, 

such as Rhodes & Lawson (1992), Rhodes (1991), and Yu (2000).

Table 2.1 Nominal strengths o f material in cold-form ed steel sections

C ountry Specirication Steel G rade

Nominal
yield
strength
(M Pa)

Nominal
Ultimate
strength
(M Pa)

Com m ents Study used in

ASTM A501 
(1999) A501 248 400 Hot formed Tremblay (2002)

ASTM A500 
(1999) A500, gr. B 317 400

Tremblay (2002), Tang & 
Goel (1989), Foutch et al 
(1987)

ASTM A570 A570 260 Annealed Jain et al (1980)
America ASTM A653/

A653M
(1996)

A653/ 
A653M, 
gr.50 (gr.33)

345 (228) Zinc coated Abdel-Rahman & 
Sivakumaran (1997)

AISI A1S11020 220
(530 or 629)

Annealed
(Unannealed) Popov et al (1979)

ASTM A312/
A312M
(1991)

Type 302 Austenitic 
stainless steel

Liu & Young (2003), 
Young & Liu (2003), 
Young & Hartono (2002).
Elchalakani et al (2003); 
Tremblay (2002), Mashiri et 
al (2002a), Mashiri et al 
(2002b), Wilkinson & 
Hancock (2000), Wilkinson

C350 350 430 & Hancock (1998), Sully & 
Hancock (1996), Zhao &

Australia/
New
Zealand

ASI163-I991 
(SAA, 1991)

Hancock (1995a), Zhao et 
al (1995), Zhao & Hancock 
(1995b), Zhao & Hancock 
(1992)

C450 450 500 Galvanised
( ‘Duragal’)

Mashiri et al (2002a), 
Mashiri et al (2002b), Zhao 
et al (2002), Wilkinson & 
Hancock (2000), Zhao et al
(1999), Zhao & Grzebieta 
(1999), W ilkinson* 
Hancock (1998).

Canada CSA-G40.21
(1996) 350W 350 450 Tremblay et al (2003), 

Tremblay (2002)

S235J0H 235 360-510
(340-470)

t < 3mm 
(3 < t < 40mm) Present study

Europe EN10219.1 
(CEN, 1997) S275J0H 275 430-580

(410-560)
t < 3mm 
(3 < t < 40mm) Present study

S355J0H 355 510-610 t < 3mm Mashiri et al (2002a),
(490-630) (3 < t < 40mm) Mashiri et al (2002b)
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Growth in the use o f cold-formed steel has significantly outstripped that o f hot-rolled steel 

structural members, particularly with the increased use in residential construction throughout the 

world, especially in the US (Hancock, 2003). The main applications o f  cold-formed sections are 

purlins and sheeting rails and associated components; cladding and decking; pallet racking and 

shelving etc. However, there are many developing practical applications for cold-formed sections, 

such as their use in complete prefabricated building modules (Davies, 2000).

A consequence o f  the developments in cold-formed section technology is that design procedures 

are becoming more complicated. Sections may buckle locally, globally, distortionally or in shear. 

Nevertheless, most cases o f practical importance are covered by the design codes. The design 

method used in Eurocode 3 (CEN, 1996) and the American Specification (AISI, 1996) to account 

for local and distortional buckling o f thin-walled members in compression and bending are based 

on the effective width concept for stiffened and unstiffened elements.

Cold working increases the yield strength o f the material due to strain hardening effects, as 

illustrated in Figure 2.2. Cold working also reduces ductility, and affects the ultimate to the yield 

strength ratio o f  the material (Rhodes & Lawson, 1992). Therefore, in cold-formed sections the 

yield strength o f  the com ers is increased, although the thickness o f  the steel at the comers is 

reduced. However, the effect o f  ‘thinning’ o f the com ers is generally small since the comers are 

usually only a small proportion o f the overall cross-sectional area (Rhodes, 1991).

Eurocode 3 (CEN, 1992) and the American Specification (AISI, 1996) provide specific expressions 

to evaluate the increase in basic yield strength due to cold working. These are given in Chapter 3. 

Eurocode 3 relates the increase in yield strength to the num ber o f  bends, the type o f  forming, the 

thickness o f  the basic sheet material, the gross cross-sectional area, and the basic yield and ultimate 

strengths o f  the sheet. The American Specification provides a specific equation for the increase in 

the yield strength o f  the com er area due to cold working, which is related to the inside bend radius, 

the sheet thickness, and the virgin yield and ultimate strengths. This equation is based on the semi- 

empirical model o f  Karren (1967), which is given by:

S.
(com er zone) 1. ( )

{ R l t Y ‘
(Eqn. 2.1)

where = 3 .6 9 - ^ - 0 .8 1 9 -1 .7 9 ,

and w = 0.192-
F„

0.068,

in which AF,, (com er zone) is the increase in yield strength at the com ers, Fy is the virgin yield 

strength, is the virgin ultimate strength, R is the inside-bend radius, and t is the sheet thickness.
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Figure 2.2 The influence o f cold form ing on the stress-strain diagram  o f steel (Rhodes & Lawson, 1992)

Abdel-Rahman & Sivakumaran (1997) found that cold-roll forming had only a marginal effect on 

the flat part o f  cold-formed sections, but considerably increased the yield and ultimate strengths 

(between 23-47%) at the comers, which was accompanied by a decrease in ductility and the 

disappearance o f the yielding plateau and the strain hardening range. In addition, the yield and 

ultimate strengths o f the areas close to the comers were found to be generally higher than the flat 

parts. Ballio & Mazzolani (1983) also found that the material elastic limit increased up to 50% in 

folded areas in the case o f  profiles obtained by more than one folding operation (Figure 2.3).
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Figure 2.3. Variation in yield and ultimate in cold-form ed sections (Ballio & M azzolani, 1983)
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To incorporate the variation o f the yield strength into an analytical model, Abdel-Rahman & 

Sivakumaran (1997) proposed dividing the cold-formed section into two zones: a comer zone 

(which extended a length of Vinx from the bend radius) and a flat zone. No increase in yield 

strength (due to cold-forming) was considered in the flat zones. The increase in yield strength of 

the comer zones was based on Karren’s model (Equation 2.1) multiplied by a modification factor 

of 0.60 to take account of the increase in yield strength not only at the comer, but also in the area 

adjacent to the comer. This modification factor was chosen based on experimental results. 

Karren’s model is that used in AISI (1996).

Cold-rolling produces mechanical residual stress which vary across the sheet material. Abdel- 

Rahman & Sivakumaran (1997) conducted four residual stress tests on channels with strain gauges 

used to establish the magnitude and distribution of residual stresses within the channel sections. 

The surface strains were released by slicing the sections into strips using the method of electric 

discharge machining (EDM). It was found that the magnitude o f the residual stresses on the 

outside surface o f a section was very close to that o f the magnitude o f the residual stresses on the 

corresponding inside surfaces, but of the opposite sign. It was also found that the magnitude of the 

transverse residual strains was not significant compared to that o f the longitudinal residual strains.

Residual stresses may be removed by annealing the steel section, but this may produce softening of 

the steel. Other processes involving heat treatment, such as welding or galvanising the section after 

forming, may also produce softening. The cold-formed sections employed in this study were not 

subjected to any heat treatment after forming, besides welding of the end connections, as described 

in Chapter 3.

2.2.2 Previous studies on the behaviour of cold-formed sections

A large amount o f experimental work on the behaviour o f cold-formed hollow structural steel 

members has been carried out in Australia by Zhao, Hancock and co-workers. Grade C350L0 and 

C450L0 cold-formed steel members were employed in all tests = 350MPa and 450MPa, 

respectively). These grades of steel are equivalent to the American specification ASTM A500 

(1999) and the Canadian specification CSA-G40.21 (1996) (see Table 2.1). The Grade C450 

specimens are produced using a proprietary cold-forming and in-line galvanizing process 

{‘'DuraGal'), which coats the steel sections with zinc.

The type of tests conducted on cold-formed steel members by the aforementioned authors were as 

follows: monotonic bending of beams (Zhao & Hancock, 1992; Zhao et al, 1995; Wilkinson & 

Hancock, 1998), cyclic bending of beams (Zhao & Grzebieta, 1999), transverse bearing capacity of 

beams (Zhao & Hancock, 1992; Zhao & Hancock, 1995a), combined axial and bending of beam-
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columns (Sully & Hancock, 1996), monotonic loading of welded connections (Zhao & Hancock, 

1995b; Zhao et al, 1999), bending of knee joints (Wilkinson & Hancock, 2000), cyclic fatigue of T- 

connections (Mashiri et al, 2002a; Mashiri et al, 2002b), and cyclic axial loading of braces (Zhao et 

al, 2002; Elchalakani et al, 2003). A brief summary of the findings of these tests, which are 

relevant to the present study, is presented hereafter.

Tests were conducted by Zhao & Hancock (1995b) and Zhao et al (1999) on longitudinal fillet 

welds, butt welds and transverse fillet welds in cold-formed C350 and C450 members with wall 

thickness less than 3mm, by loading specimens in pure axial tension (Figure 2.4). Complete 

penetration butt weld and full-length transverse fillet welds were stronger than the RHS. However, 

partial length transverse fillet welds sheared across the throat (Zhao & Hancock, 1995b). 

Therefore, for seismic design, complete penetration butt welds or full length transverse fillet welds 

should be used to avoid brittle failure. The authors noted that the predominant failure mode of the 

tubes was tearing along the seam, probably due to lower ductility at this location.

The main failure mode o f the specimens shown in Figure 2.4(c), which contained a 10mm gusset 

plate fillet welded longitudinal in one end, was tearing of the RHS along the weld contour (Zhao et 

al, 1999). When there were no end return welds, tearing was usually found to initiate at the end of 

the weld adjacent to the end o f the plate and then progress along the weld contour. When end 

return welds were employed, the rupture started at the transition zone from the end of the 

longitudinal weld to the end return weld. It should be noted that LRFD Specification for steel 

hollow structural sections (AISC, 2000) does not recommend continuing the weld around the top of 

the gusset plate. The two reasons given for this is that (1) this practice may be hard to implement 

in field conditions and (2) it also creates a potential stress riser that may lead to crack initiation.

The influence o f web slenderness in beams with rectangular hollow sections (RHS) was 

investigated by Wilkinson and Hancock (1998). Considerable interaction between the webs and 

the flange was noted during the experiments, which influenced the rotation capacity. A proposed 

bilinear interaction formula between the web and flange slenderness limits for compact RHS is 

given: A,* < 70 -  5V 6, X(< 30, where and are the web and flange slenderness, respectively. 

This is in contrast to the approach in Eurocode 3 (CBN, 1992), in which flange and web 

slenderness limits are given independently.

Zhao et al (1995) proposed a design rule for lateral buckling o f cold-formed RHS beams based on 

independent test results, which is less conservative than those given in Eurocode 3 (CEN, 1992). 

Cold-formed compact square hollow sections (125xl25x6SHS) were tested under varying 

load/moment ratios by Sully & Hancock (1996). All the specimens showed good ductility and
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good capacity to absorb moment past the maximum axial load, although they were not tested to 

failure due to experimental constraints, and no local buckling was observed.
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Figure 2.4. Welded connection tests by Zhao and co-workers: (a) Butt welds (Zhao & Hancock, 1995b), 
(b) transverse fillet welds (Zhao & Hancock, 1995b), and (c) longitudinal fillet welds (Zhao etal, 1999).

Wilkinson & Hancock (2000) examined the ability of knee connections in portal frames to form 

plastic hinges. Five types of connection were tested: stiffened welded connection, unstiffened 

welded connection, bolted end plate, welded internal sleeve and bolted internal sleeve. The 

internal sleeve connection exhibited the most suitable behaviour for plastic design. Under closing 

moment, web local buckling was the failure mode in all types of joints. Most tension (opening) 

joints failed at or near the weld on the inside of the knee. Tube fracture occurred in the heat 

affected zone (HAZ) next to the weld, and fracture always began in the comer o f the RHS. 

Similarly, in the fatigue tests on tube-to-tube and tube-to-plate T-connections Mashiri et al (2002a, 

2002b) found that cracks always initiated along the weld toe at the comer o f the hollow section.

Zhao et al (2002) tested steel rectangular hollow sections (RHS) filled with normal and lightweight 

concrete under axial cyclic loading. These specimens were made from cold-formed steel grade 

C450 {A50MPa nominal yield strength. Table 2.1) and were 2500mm in length. Two section sizes 

were employed in the tests, namely 150x50x2 and 150x50x4. The findings o f these experiments 

are discussed in Section 2.6.

Elchalakani et al (2003) subjected twenty fixed ended tubular braces made from cold-formed steel 

grade C350L0 (350A/Po nominal yield strength, Table 2.1), with normalised slendemess in the 

range of 0.34 to 0.57 and diameter-to-thickness ratios in range o f 19<Z)//<56, to cyclic concentric 

axial loading. The measured compressive strength of the brace specimens was less than that 

predicted by the design curves given in AISC-LRFD (1999) and Eurocode 3 (CEN, 1992). In order
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to propose new design curves for hollow sections, the authors recom m ended that further tests be 

conducted on specimens with normalised slenderness X between 0.54 and 1.35. As expected, the 

authors deduced that ductility decreases with increase in section slenderness, although there was a 

large scatter in the obtained results. However, they concluded that the ductility o f  braces under 

cyclic loading is more sensitive to member slenderness than section slenderness, which is a similar 

finding to Tremblay (2002).

In Asia, Young and co-workers conducted experimental studies on cold-formed stainless steel 

columns that were monotonically compressed between fixed ends (see, for example. Young & 

Hartono (2002), Liu & Young (2003), Young & Liu (2003)). The specimens ranged in length from 

260mm  to 3600mm  with d/t ratios ranging from 17 to 57 for the RHS members (Young & Liu, 

2003) and from 11 to 32 for the SHS members (Liu & Young, 2003), where d  = D -  3t in which D  

is the larger outer dimension and t is the wall thickness. The length o f  CHS specimens tested 

ranged from 550mm  to 3000mm, with DIt ratios between 32 and 75 (Young & Hartono, 2002). The 

ultimate failure modes involved local buckling, overall flexural buckling, and combined local and 

overall buckling. The fixed-ended test strengths were compared with unfactored design strengths 

predicted using the American (ASCE, 1991), Australian/New Zealand (Aust/NZS, 2001), and 

European (CEN, 1998) specifications. The design strengths predicted by all codes were generally 

conservative for SHS and RHS members, except for some o f  the longer columns, and 

unconservative for the CHS members.

As noted from the review o f  papers by Zhao, Hancock and co-workers and by Young and co

workers a large variety o f  tests have been carried out on cold-formed hollow steel sections. 

However, the vast majority o f  these tests were performed on hollow sections sourced in Australia, 

as is evident from Table 2.1. In addition, only two o f the aforem entioned studies investigated the 

cyclic behaviour o f  brace members (Zhao et al, 2002; Elchalakani et al, 2003). On the other hand, 

several studies have been undertaken elsewhere to examine the inelastic behaviour o f cold-formed 

hollow sections as bracing members.

Earlier tests by Popov et al (1979) on circular hollow sections (CHS) reported that once a member 

buckled during cyclic testing, its compressive capacity in subsequent cycles decreased and that the 

axial stiffness o f  a specimen during tension loading deteriorated with each cycle to larger 

displacement amplitudes. It was also noted that local buckling lead to the development o f  tears in 

the steel. Fixed-ended specimens exhibited greater initial stiffness than pinned-ended specimens 

and due to their sm aller lateral deflections, local buckling was delayed and the strength o f the steel 

during inelastic cycling was maintained. Thus, it was concluded that fixing the ends o f the 

specimens resulted in superior energy dissipation characteristics.
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Further work by Jain et al (1980) on square hollow sections (SHS), with effective slenderness 

(KLIr) in the range o f 30 to 140 (A ranging from approximately 0.34 to 1.57), suggested that the 

post-buckling reduction in compressive strength during cyclic loading could be expressed as a 

function o f the effective slenderness ratio o f  the member. The proposed model used the AISC 

recommendation to compute the maximum compression resistance o f the brace (P„). The predicted 

post-buckling compression resistance at displacement ductility (|a = 8/ 8^) o f 5.0 and 12.0 were

brace ,and r the radius o f gyration.

More recently, Remennikov & Walpole (1998) established that the post-buckling compression 

capacity o f steel bracing members can vary between 20% and 100% o f that in the first cycle 

depending upon the slenderness ratio o f brace, with slender braces suffering more reduction in 

compressive strength. Furthermore, Remennikov & W alpole (1998) proposed the following 

expression for a compression reduction factor P to approximate the post-buckling brace 

compression capacity in the first and second cycles at 8 = 58y:

where P is the ratio o f  the post-buckling capacity to the first buckling capacity, 8 is the axial

brace slenderness, X = KLIr is the brace slenderness, fy  is the yield stress, E  is the modulus o f 

elasticity, L is the length o f the brace, K  is the effective length factor, and r is the radius of 

gyration.

Tremblay (2002) surveyed 9 experimental studies including 76 axial cyclic tests, during which it 

was found that the com pressive strength o f  the braces at first buckling generally exceeded the value 

predicted using the Canadian (CSA, 2001) and American (AISC, 1999) column design curves. In 

all tests, the compressive resistance o f the braces decreased upon applying larger compression 

deformations or during the second and subsequent cycles at a given displacement amplitude. After 

buckling, shortening o f  the brace develops through plastic rotation at hinge(s) and lateral 

deformations. As the lateral deformation increases on shortening the braces, a lower axial load is 

required to induce further rotation at the hinges. The cumulated elongation o f  a brace under cyclic 

loading also contributes in reducing its compressive strength because a longer brace exhibits larger 

lateral deformations at a given compressive displacement.

18 12
, respectively, where K  is the effective length factor, L the length o f the

fo r  0 < A < 1, 

fo r  I < A < 4.
(Eqn. 2.2)

deformation, 8y is the axial deformation at yield, /I = A is the effective (non-dimensional)
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Tremblay (2002) determined the post-buckling compression resistance Cu’ at ductility levels of 2, 3 

and 5 and plotted these against the non-dimensional slenderness ratio A (Figure 2.5). A lower 

bound definition o f Cu’ was employed. Specifically, Cu’ was taken as the brace load that was 

measured at the target ductility in compression, after a ductility in tension equal to (or exceeding by 

up to 0.5 units) the target ductility had been attained. The force Cu’ was limited, however, to the 

load at the target ductility in compression, as recorded after a compression ductility equal to (or 

exceeding by up to 0.5 units) has been reached in the previous cycle. It was found that braces with 

intermediate slenderness (A varying from 0.5 to 1.5) exhibited the largest compressive strength 

degradation. It was noted that the influence of the bit ratio was more pronounced for less slender 

braces.

Tremblay (2002) proposed the following equation, based on nonlinear regression of experimental 

data, to determine the post-buckling capacity of brace members:

C„’ = AgFy{a+b I •") < C„. (Eqn. 2.3)

where C„’ is the post-buckling compressive capacity, C„ is the buckling capacity, Ag is the gross 

cross-sectional area, Fy is the yield strength, A is the non-dimensional slenderness, a, b and c are 

constants found for ductilities o f 2, 3 and 5 and defined in Table 2.2. For ductilities greater than 5, 

the value o f C„^’ is still applicable as test results showed that the compressive strength becomes 

nearly constant beyond that point. The proposed equations were compared with those by 

Nakashima et al (1992), Remennikov & Walpole (1998), CSA S I6.1 Standard (1994), new CSA 

Standard (2001), Japanese specification for Building Structures (at a ductility o f 3) and the 

American seismic provision (AISC, 1997), as shown in Figure 2.6. Nakashima et al (1992) and 

Tremblay’s predictions agreed well over the entire range o f slenderness. The expression proposed 

by Remennikov & Walpole (1998) (Equation 2.2) appeared to overestimate post-buckling load for 

a ductility of 5.0. The CSA S I6.1 Standard (1994) gave much higher values than those observed in 

the survey. Japanese specifications were found to be generally conservative. The American 

seismic provision (AISC, 1997) assumes that the post-buckling brace capacity is 0.26P„, where P„ 

is the predicted maximum axial compression strength, regardless o f the ductility level. This 

provided a good approximation to Tremblay’s equations for a ductility o f 5.0 and normalised 

slenderness in the range of 0.6 to 1.5. AISC (1997) underestimated C„’ for other brace slenderness 

ratios. CSA (2001) gave close results for ductility o f 3.0 and normalised slenderness in the range 

of 0.6 to 1.5.
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Figure 2.6. Com parison of prediction models for post-buckling compression capacity (Tremblay, 2002)
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Table 2.2. Nonlinear regression o f post-buckling compression  
resistance o f braces surveyed by Tremblay (2002)

Ductility a b c
Conditional

Standard
deviation

2 0.058 0.23 1.40 0.070

3 0.084 0.12 1.61 0.060

5 0.095 0.046 2.22 0.036

O f the experimental studies surveyed by Tremblay (2002) six contained cold-formed RHS braces, 

with a total o f  38 RHS specim ens tested in total. Their normalised slenderness and length ranged 

from 0.31 -  1.497 and 985mm -  4850/wm, respectively. A s the experiments were conducted in 

various countries, different grades o f  steel were employed. These are listed in Table 2.1, together 

with their nominal yield and ultimate tensile strengths. Fracture o f  rectangular hollow  section  

bracing members was found to depend strongly on the slenderness ratio o f  the bracing members 

and, to a lesser extent, on the width-to-thickness ratio o f  the cross-section and the imposed 

displacement history. It was reported that slender braces sustained higher ductility levels prior to 

fracture, most likely because the strain demand in the plastic hinge reduces with brace slenderness. 

Tremblay’s results suggest that slender braces perform w ell during quasi-cyclic testing, which 

agrees with the findings o f  Jain et a l  (1980).

Elchalakani et a l  (2003) examined the effect o f  section slenderness on the energy absorption 

capacity o f  the braces, using the concept o f  the energy index W (Usam i & Ge, 1998). The energy 

index is expressed as

w  = ^ t w ^  (E qn2.4)
i=\

where Wi is the energy under the load-axial deflection curve in both tension and compression 

regions during the /th cycle, and Wy = I/2  RySy is the energy absorbed at the tensile yield o f  the strut, 

in which Ry is the tensile yield capacity and 5y, is the tensile yield axial displacement. The authors 

found that there was a general trend o f  decreasing W as the section slenderness increased, although 

there was a considerable scatter. Jain et a l (1980) noted that the area enclosed by the hysteresis 

loop decreased as the effective slenderness ratio (KL/r) increased and that the total energy 

dissipated through hysteretic cycles was independent o f  the direction o f  loading. In fact, past 

research has evidenced that the effective brace slenderness is the single most important parameter 

influencing the shape o f  the hysteresis curves and, thereby, their energy dissipation capacity 

(Tremblay et al, 2003).

Tremblay e t a l (2003) compared the performance o f  full size cross bracing and single diagonal 

bracing system s, which contained RHS brace members, in quasi-static cyclic tests. For cross
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bracing configurations, the effective brace slenderness ratio was determined assuming that the 

tension brace provides a full support at mid-length to the compression brace. This was found to be 

adequate for assessing the brace compression strength, as well as the ability of the brace to 

dissipate energy under strong ground motions. By comparing cross bracing systems to single 

bracing systems, Tremblay et al (2003) observed that the hysteretic behaviour of both systems are 

similar for a given member slenderness ratio.

For a given ductility level, out-of-plane deformations o f the compression brace upon inelastic 

buckling were found to be higher in cross bracing than in equivalent single bracing members, due 

to the double curvature response induced by the support provided by the tension brace. The higher 

curvature demand imposed in the cross-bracing configuration resulted in local buckling and 

fracture of the RHS braces occurring at a lower ductility level in cross-bracing systems than in 

equivalent single braces.

2.3 VOID-FILLED STEEL HOLLOW SECTIONS 

2.3.1 Introduction

Coinpared to other forms o f steel member, hollow sections are very effective at resisting axial 

loads. However, when such sections possess thin walls, they are susceptible to local buckling at 

high compressive strains. The onset of local buckling reduces the ductility o f the brace member 

and may lead to brittle failure. This has been noted in a number of experimental studies on cold- 

formed hollow section bracing members (for example, Popov et al, 1979; Jain et al, 1980; 

Tremblay, 2002; Elchalakani et al, 2003; Tremblay et al, 2003).

Filling hollow sections with concrete or mortar can prevent their thin steel walls from inward 

buckling and the pattern o f buckling is therefore changed, usually to a higher mode, as shown in 

Figure 2.7. The change in buckling mode of the steel tube alone, without including for the 

additional compressive resistance of the mortar infill, can increase the ultimate compressive 

strength of the section by up to 50 percent (Bridge & O ’Shea, 1998). This behaviour provided the 

motivation for the examination of filled brace members in this study. Specifically, it was 

envisaged that filling hollow steel sections with concrete or mortar would improve their squash 

load, but more importantly, it would delay the onset of local buckling and improve the member’s 

post-buckling response. In addition, the inherent improvement in fire resistance provided by 

composite members may also lend this member type as a viable option in practical design 

situations.
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Figure 2.7. Local buckling o f  (a) hollow and (b) filled sections. (C ioncu & M azzolani, 2002)

2.3.2 Previous studies on the behaviour of void-filled steel hollow sections

Gardner and Jacobson (1967) described the mechanical behaviour o f short stub concrete-filled steel 

tubes. They stated that stub columns concentrically loaded on the entire section are significantly 

affected by the difference between the values of Poisson’s ratio o f the steel tube Vo and the concrete 

core Vf. In the initial stages o f loading, Poisson’s ratio for concrete is lower than for steel. 

Therefore, the steel tube expands faster in the radial direction than the concrete core, and as a result 

the steel does not restrain the concrete core. Provided the bond between the concrete and the steel 

does not break, the initial circumferential steel hoop stresses are compressive and the concrete is 

under lateral tension. As the load increases and the compressed concrete starts to plasticise, the 

lateral deformations of the concrete catch up with those o f the steel and, for further increase in 

load, the steel tube restrains the concrete core and the hoop stresses in the confining steel become 

tensile. At this stage, and later, the concrete core is stressed triaxially and the steel tube biaxially. 

Because of the presence o f hoop tension, the steel tube cannot sustain its plastic resistance in the 

axial direction.

A large amount of research has since been performed into the response o f concrete-filled RHS stub 

columns, such as Furlong (1967), Ge & Usami (1996), Bridge & O ’Shea (1998), Schneider (1998), 

Kitada (1998), Zhang & Shahrooz (1999), Uy (2000), Vrcelj & Uy (2002), Han (2002), Han & Yao 

(2003a), Liu et al (2003). Some of the results are summarised by Hajjar et al (1997) and Zhang 

and Shahrooz (1999). In brief, it was found that the presence o f concrete infill eliminated or 

delayed local buckling o f steel hollow sections, and increased significantly the ductility of the 

section. If both the concrete core and the confining tube are loaded axially in compression, then
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the materials undergo the same increase in strain. Hence, the steel sleeve yields long before the 

concrete reaches its compressive strength, as illustrated from the stress-strain diagram in Figure 2.8 

(Narayanan, 1988). However, the concrete in the column pushes out against the steel wall, offering 

support to the steel section and preventing local buckling o f the steel tube even after it has yielded. 

As noted by Gardner and Jacobson (1967), this dilation o f the concrete causes an increase in hoop 

stress in the confining tube, which reduces how much more stress can be achieved by the steel prior 

to yield. On the other hand, the compressive load carrying capacity o f the concrete is increased due 

the presence o f the confining steel.

Steel

Stress

Concrete

0.1 0.2 0.3 0.4
Strain e (%)

Figure 2.8. Stress-strain diagram  for com posite column (after Narayanan, 1988)

If  concrete is confined and prevented from expanding laterally in two out o f  the three mutually 

perpendicular directions then the ultimate compressive strength o f  the material in the third direction 

increases considerably (numerous papers which have shown this are well summarised in De Nicolo 

et al, 1997). This is because the concrete is unable to freely expand laterally and the cracks, which 

would form in unconfined concrete under axial load, are prevented from opening. The 

experimental studies confirm that the effectiveness o f  the confinement depends on the thickness o f 

the confining steel wall, width-to-thickness ratio {Bit or D/t, D  for diam eter o f  circular cross- 

section), the height-to-width ratio {LIB or LID) (or slenderness ratio), the cross-sectional shape o f 

the steel tube, and the strength ratio o f  concrete to steel.

Theoretical models to predict the response o f the confined concrete to axial loading are quite 

limited due to the complicated stress state within the confined concrete, and because when 

passively confined, the lateral pressure is not constant throughout the entire period o f loading as it 

varies with the applied axial pressure. The majority o f these models are either purely empirical or 

are semi-analytical with empirically derived constants, but have had reasonable success in 

predicting the response o f  confined concrete to an axial load. Relationships between the uniaxial
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compressive strength of confined and unconfined concrete {fee and fc , respectively) and between 

the corresponding strains (Scc’ and 8c’, respectively) are often based on those proposed by Mander 

et al (1988), which are as follows

f L = f l  + K f i  (Eqn. 2.5)

I + A:,—  /; (Eqn. 2.6)
c J

where f  represents the confining pressure around the concrete core, and k\ and kj are constants that 

can be obtained from experimental data. The stress-strain model proposed by Mander et al (1988) 

for monotonic compression loading of confined and unconfined concrete is shown in Figure 2.9.

1
Confined
concrete

Firs t 
hoop 

fracture

Unconf in e d ^ ^ ^ ^  
concrete

^ ^ > 4 ssu m ety  h r  
concrete.

Compressive S tra in,

Figure 2.9. Stress-strain model proposed for monotonic compression loading of confined and 
unconfined concrete (Mander et al, 1988)

When load is applied only to the steel section, the steel tube expands outwards from the concrete 

core in the radial direction; consequently, the bond is broken and these is no redistribution of the 

axial force from the steel tube to the concrete core. However, during initial small deformations, 

load is transferred through an interface bond associated with friction at the interface. Verdi & 

Dowling (1980) suggested that this bond occurred due to the two types o f imperfections in the 

confining steel, namely, surface roughness and shape variation. Roeder et al  (1999) undertook a 

set of experiments investigating the bond strength along the interface o f full-scale circular 

concrete-filled steel tubes beam-columns. Their experiments, coupled with previous research, 

showed that bond strength in concrete-filled tubes (CFTs) was relatively large for CFTs with small 

diameter, but significantly smaller for CFTs with a large diameter. Shrinkage was seen to be both 

noticeable and detrimental to bond strength, particularly in CFTs with larger diameters or high D/t 

ratios. It was suggested that care should thus be taken with the concrete mix if  bond strength is to 

be relied upon in design. Cyclic loading was also shown to decrease the bond strength.
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Han and Yao (2003b) investigated the influence o f concrete compaction on the strength o f 

concrete-filled steel RHS columns. As expected, it was found that better compaction resulted in 

higher member capacities in concrete-filled steel RHS columns. Furthermore, greater strength loss 

due to poor compaction was found for more slender members, as compaction is more difficult in 

these members.

A comparison o f  the compressive behaviour o f short concrete-filled steel circular, square and 

rectangular tubes was made by Schneider (1998). His results agreed with those o f many previous 

researchers in that the circular steel tubes provided more post-yield axial ductility in compression 

than similar square or rectangular sections. In circular columns the confining steel goes into hoop 

tension evenly around the circumference and so a uniform lateral confining pressure is applied to 

the concrete. However, in the case o f rectangular sections the confinement is partially in hoop 

tension and partially in bending, as shown in Figure 2.10. Lateral confining pressure provided by 

square hollow sections decreases with increasing values o f  w idth-to-thickness ratio Bit. This is 

because square hollow sections with large Bit ratios are more prone to local buckling than those 

with small Bit ratios.

The strains measured in the steel tubes by Schneider (1998) suggested that very little confinement 

is provided by the steel tubes until the load reaches approximately 90% o f  its ultimate strength and 

that local buckling o f the steel tube walls occurred in the post-yield part o f  the curve. Furthermore, 

he showed that tubes with thinner walls carry a higher proportion o f the load near yield than tubes 

with thick walls and, up to the yield strain, the ratio o f  the lateral and axial strains in the tube is 

approximately equal to Poisson’s ratio.
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Figure 2.10. Diagrams of forces acting on steel tube of filled section when axially loaded in 
compression.
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Comparatively less research has been performed on void-filled RHS braces subjected to cyclic 

axial loading. Earlier experimental work by Liu & Goel (1988) on the cyclic behaviour of cold- 

formed steel RHS bracing members filled with concrete found that the infill improved specimen 

buckling, post-buckling and tensile capacity, reduced the severity o f local buckling and hence 

delayed cracking of the steel, and ultimately increased ductility capacity. The presence of concrete 

infill led to the greatest improvement in performance for specimens with larger width-to-thickness 

ratios and smaller overall slenderness ratios, as these members are more susceptible to local 

buckling. It was noted that increasing the strength of the concrete infill over 2SMPa and/or using 

steel fibres did not affect the behaviour of the composite specimens. This was because the 

specimens were mainly governed by overall and local buckling of the steel tubes.

Liu & Goel (1988) proposed an approximate method to compute the first buckling load based on 

the separate capacities of the steel tube and concrete, and assuming strain compatibility between 

the two materials.

Zhao et al (2002) tested fixed-ended cold-formed steel rectangular hollow sections filled with 

normal and lightweight concrete under axial cyclic loading (negative displacements only). As 

expected, it was found that filling the hollow sections increased their first cycle peak load, post 

peak residual strength, ductility and energy absorption capabilities. Similar to Liu & Goel (1988), 

they found the improvements were more significant in sections with thinner walls, for which the 

first cycle peak compression loads and the energy dissipated increased by up to 100% and 85%, 

respectively. The improvements were also more significant for the members filled with normal 

concrete rather than light-weight concrete.

Zhao et al (2002) found good agreement between the first cycle buckling load o f the concrete-filled 

RHS members and predictions using formulas given in international codes (AISC (1999), Eurocode 

4 (CEN, 1993), AIJ (1987), and CIDECT (Bergmann et al, 1995)). This could be expected, as the 

specimens were loaded in compression to at least their expected yield deformation prior to any 

cyclic loading being applied.

Most of the theoretical work on confined concrete has been either an empirical analysis of existing 

experimental results or involved analytical models to predict the constitutive relationship of the 

composite. However, work in the area o f finite elements has resulted in a highly detailed 

understanding o f the complex states of stress and strain to which concrete is subject. Furthermore, 

elements that can capture the behaviour of concrete-filled tubes (CFT) have been developed.

Hajjar et al (1997, 1998a, 1998b) developed two nonlinear beam-column finite element models for 

CFTs, both suitable for use in three-dimensional monotonic static, cyclic static, or transient time
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history (seismic) analysis o f composite concrete filled structures. The first formulation was a 

macro beam-column element in which the material model consisted o f  a concentrated plasticity 

bounding surface formulation in three-dimensional stress-resultant (force) space (Hajjar et al, 

1997). A polynomial expression developed by Hajjar & Gourley (1996) to represent the cross- 

section strength o f the section was incorporated into this material model to represent the force- 

space yield surfaces. New formulas were presented for isotropic and kinetic hardening o f the 

loading and bounding surfaces to model strength degradation and stiffness deterioration o f CFTs 

subject to cyclic loading. The CFT beam element developed was calibrated and verified against 

experimental data, and was found to be accurate for a wide range o f  concrete-filled tube cross- 

section sizes and material strengths. The second model (Hajjar et al, 1998a,b) used fibre-based 

distributed plasticity finite element formulation to analyse square and rectangular CFT beam- 

columns. The results from the model were compared with many experimental test results, and 

good agreement is found. The model takes account o f slip between the steel tube and concrete 

infill, but the authors concluded that slip is negligible on the global effects o f the frame or on the 

strength o f the CFT. The slip model was calibrated and verified using experimental data.

A study o f the non-linear response o f  concrete filled steel tubular members under monotonic axial 

compression loading was undertaken by Shams and Saadeghvaziri (1999) using finite element 

analysis. When loaded initially, the steel took the majority o f  the load until it reached yield, 

whereupon the load was transferred back into the concrete core until this, in turn, reaches its 

maximum compressive strength. The load is then transferred back into the confining steel, which 

undergoes hardening to withstand the increased load. The authors undertook a parametric study to 

determine the effects o f  changing the DIt ratio, the cross-sectional shape (circular or square) o f  the 

column and the concrete strength. The increase in the thickness o f  a thick wall sleeve provided 

very little increase in confinem ent because the stress distribution was not uniform over the cross- 

section o f the confining steel and the dilation was already considerably reduced. For the same D/t 

ratio, the ratio o f confined strength to the unconfined strength was less for higher strength concrete 

than for lower strength concrete. This was because, as the strength o f the concrete is increased, the 

stiffness increased which meant that less lateral expansion can take place and that the confining 

pressure was reduced. The modelling also showed that the confinem ent was more effective in 

circular columns than in square ones because the stress distribution is more uniform. The finite 

element modelling was used to calibrate an empirical model and to determine when buckling and 

failure o f the steel tube would occur.

Comparing nonlinear finite element models to experimental data, Hu et al (2003) showed that for 

circular CFT columns, the tubes can provide a good confining effect to the concrete especially 

when the width-to-thickness ratio DIt is small (say DIt < 40). For square CFT columns, the tubes 

did not provide a large confining effect to the concrete especially when the width-to-thickness ratio
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Bit is large (say Bit > 30). Furthermore, local buckling o f the steel tube is likely to take place in 

these members.

A stress-strain model for a square steel tube was formulated by Sakino et al (2004) based on

behaviour. For steel tubes with small Bit ratio the maximum stress is expected to be larger than the 

yield stress due to the strain hardening effect. The maximum stress o f steel tubes with large B/t 

ratio does not reach the yield stress due to local buckling.

2.4 DYNAMIC RESPONSE OF BRACED FRAMES 

2.4.1 Introduction

For dynamic response, the most notable properties o f a building are its mass, its fundamental 

period o f vibration, and the presence or absence o f various factors that cause damping (reduction) 

or resonance (magnification) o f the vibration. The forces sustained by a building, as well as its 

ability to absorb forces without experiencing critical damage, are affected by these dynamic 

properties. In addition, the structure o f a building -  more specifically the bracing members in 

braced frames -  must resist these forces while performing within some acceptable limits o f 

development o f stresses (force resistance) and strains (deformation or deflection resistance).

The characteristics o f earthquake ground motions that have the greatest importance for buildings 

are the duration, amplitude (o f displacement, velocity and acceleration) and frequency o f ground 

motion. Buildings suffer the greatest damage from ground motion at a frequency close or equal to 

their own natural frequency, due to the phenomenon o f resonance. The resulting dynamic 

amplification effect can increase the building’s response acceleration to a value two or more times 

that o f the ground acceleration at the base o f the building. The fundamental natural period o f a 

structure T is determined by its mass, stiffness, and size. The natural frequency cOn, in rad!sec, is 

related to stiffness k, in NIm, and mass m, in kg, by

where co = 2%IT.

Eurocode 8 (CEN, 2001) gives two expressions to approximate the fundamental period o f vibration 

for buildings up to 40m in height; one in terms o f height, the other in terms o f lateral displacement 

at the top o f the building. These are

experimental results, which accounted for the effect o f the width-to-thickness ratio on the

(Eqn. 2.7)

(Eqn. 2.8)

and
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T ^ = l 4 d  , (Eqn 2.9)

where T\ is the fundamental period o f vibration in sec, H  is the height o f the building in m, and d  is 

the lateral displacement o f the top o f the building, in m, due to the gravity loads applied in the 

horizontal direction.

Response spectra are often employed to represent the range o f  responses o f  buildings with different 

natural periods to a specific earthquake. A response spectrum shows the maximum response values 

o f accelerations, velocity or displacement for a structure with a certain natural period or frequency 

and are used in most seismic codes as an aid to design. Response spectra for individual 

earthquakes display an uneven, jagged appearance. This provides spurious accuracy for design 

purposes, considering that knowledge for seismotectonics is limited, the design process involves 

many uncertainties and the natural period o f  structures can only be evaluated to a limited accuracy. 

Smoothed response spectra are obtained by averaging those obtained with a number o f earthquake 

records. If  a response spectrum is being created for design, the num ber and range o f records should 

reflect the seismological characteristics o f the site or region concerned (CEN, 2001). Idealised 

elastic response spectra are adopted by seismic design codes. Generally, these elastic response 

spectra are modified to take account o f  inelastic behaviour. A m ajor disadvantage o f response 

spectrums is that they do not give any indication o f the duration or time when maximum responses 

occur. A time-frequency analysis, such as wavelet analysis, is required if  the time and frequency 

are both required. This is discussed in more detail in Chapter 7.

The force effect caused by motion is directly proportional to the mass o f  the structure. Simplifying 

the structure as a single degree o f  freedom system, shown in Figure 2.11, this inertia force is 

defined by N ew ton’s law, F = m'x, where m is the mass o f  the structure and x the absolute 

acceleration o f  the mass. Thus, an increase in mass generally results in an increase in the inertia 

force. Another detrimental aspect o f  mass is the greater the mass the greater the moment induced 

in vertical elements, such as columns or walls, due to the P-A effect.

The inertia force is also related to the stiffness o f  the structure by F  =k{x -  z), where k is the 

stiffness, x  is the absolute displacement o f the mass, and z is the displacement o f  the ground, as 

shown in Figure 2.11. In steel braced frames, the lateral stiffness o f  the structure is provided 

mainly by the brace members. Steel braced frames have an advantage over other types o f 

construction, as they are a relatively light type o f construction, while providing excellent lateral 

stiffness. However, the ductility capacity o f braced frames may be limited. During a large 

earthquake, a structure is required behave in a ductile manner to dissipate energy resulting from the 

ground motions.
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Figure 2.11. Single degree of freedom system.

The ductility of a building is in fact one of the most important factors affecting its earthquake 

performance. Ductility is the ability to undergo distortion or deformation without resulting in 

complete breakage or failure. The larger the ductility, the greater the energy due to the seismic 

force that is dissipated through plastic deformations. However, high ductility can be associated 

with large horizontal deflections of the building, known as drift. Excessive drift could cause 

damage to the building contents and non-structural elements o f the construction, particularly 

partitions and ceiling elements. Large horizontal displacements can also cause discomfort to 

occupants and increase the P-A effect on vertical members, such as columns. Thus, the maximum 

allowable drift is limited by seismic codes. In the case o f steel braced frames, the tension yielding 

and compression buckling o f the bracing members provide the ductility in the structure. Large 

lateral deflections o f the bracing members may cause damage to non-structural elements, such as 

glass cladding, which in turn may be harmful to occupants of the building or people in close 

proximity to the building.

The dissipation of energy through plastic deformations reduces the time taken for a structure to 

stop vibrating. Other intrinsic sources of damping in a building undergoing an earthquake include 

those due to internal friction within members and connections, and the absorption of energy by 

sliding o f non-structural elements. A critically damped system is one that contains the smallest 

amount o f damping for which no oscillation occurs in the free-vibration response. Most structures 

are underdamped; that is, their level of damping is less than the critical damping value and their 

damped natural frequency coj is given by

Reitherman (1982) notes that damping of buildings are generally in the order of 2% to 15% of 

critical, with figures at the low end of the scale most commonly used in design. On the other hand,

(Eqn. 2.10)

where cOn is the undamped natural frequency and ^ is the viscous damping ratio. Arnold &
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Satake et al (2003) observed that the first mode damping ratios for many high-rise steel-framed 

buildings in Japan are under 2% and noted that the damping ratio decreases with building height.

Unlike easily quantifiable properties like mass and stiffness, the level o f damping is an ambiguous 

quantity. It can vary with the amplitude of excitation and depends upon complex mechanisms 

within the structure, some of which are mentioned above. Thus, experimental studies on actual 

structures are required to estimate accurately the damping level in the structure. However, the 

methods used to determine the damping of full-scale structures and the analysis and interpretation 

of such data induce additional uncertainties (Kijewski & Kareem, 2000). A database containing 

damping properties o f many buildings and structures was complied by the AIJ Damping 

Committee in Japan in 1996 (Tamura et al, 1996). This database was examined by Satake et al 

(2003). They observed that the first-mode damping ratios in the small amplitude region increase 

linearly with natural frequency and vibration amplitude.

The damping of a lightly damped elastic system can be determined experimentally from its free 

vibration response, using techniques such as the logarithmic decrement method, half-amplitude 

method, or from the forced vibration response using, for example, the half-power (band-width) 

method (Clough & Penzien, 1993). However, during medium to strong earthquakes, the amount of 

damping in the system changes, mainly due to the development o f plastic hinges in the structure. 

In this case, the damping in the system is not of the linear viscous type. As indicated previously, 

one of the principal effects o f damping is to remove energy from a system. This allows the concept 

of equivalent viscous damping to be employed, based on the equivalence of the energies removed 

by a notional viscous damping mechanism and the actual non-viscous damping mechanism. 

Equivalent viscous damping is discussed in more detail in Chapter 7.

In addition to the aforementioned intrinsic damping mechanisms, additional damping devices can 

be added to artificially increase the total damping in a building and so improve its earthquake 

response. These damping devises can be grouped into broad categorises as follows: friction 

dampers, metallic dampers, viscoelastic dampers, and viscous dampers. As their names suggest, 

friction dampers utilise friction forces to dissipate energy, metallic dampers utilise the deformation 

of metal elements within the damper, viscoelastic dampers utilise the controlled shearing of solids, 

and viscous dampers utilise the forced movement (orificing) o f fluids within the damper. An 

example of a damping device installed as part of the bracing system is shown in Figure 2.12.

Additional damping devices can be effective at dissipating energy during an earthquake, while 

minimising the damage caused. However, these techniques are often very expensive and have 

additional problems associated with them, and are beyond the scope o f this present study. Instead, 

the study focuses on the dissipating behaviour of the brace members themselves. In the next sub-
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section, the behaviour o f  the bracing members and the implication o f  their response on other non

dissipating parts o f  the structure are discussed.

Figure 2.12. Testing of damping devices installed with CHS braces (Ambrose & Vergun, 1999).

2.4.2 Properties of the bracing members

The response o f a concentrically braced frame is typically dominated by the behaviour o f its 

bracing members. Under strong earthquake loading, the braces experience several cycles o f 

inelastic excursions. This behaviour has been investigated experimentally and analytically for 

hollow steel sections by a number o f researchers, as discussed in Section 2.2. Slender braces 

transit between an elastic buckling state, a re-straightening state, in which they carry almost no 

load, an elastic loading state as they are straightened and, finally, a tension yielding state. Less 

slender braces experience inelastic buckling during compression loading and form plastic hinges, 

which lead to gradual reduction in capacity as the frame laterally deflects further. Subsequent 

loading in compression results in buckling at loads lower than the initial strength owing to the 

residual deformations, the increase in length and the Bauschinger effect. Moreover, owing to 

permanent elongation, tension yielding occurs at axial deformations that increase with each cycle 

of loading. Note, however, that the cyclic behaviour is influenced by several factors, including the 

member slenderness and the loading history.

When designing buildings to resist static loads, a conservative estimate o f  member capacity 

normally represents a safe design value. However, in earthquake-resistant design, an underestimate 

of brace resistance could result in under-designed non-dissipative elements such as connections, 

beams and columns, leading to premature brittle failure and global instability. On the other hand,
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an overestimate o f the capacity o f  the brace members could lead to premature failure o f these 

dissipative members during maximum intensity earthquakes. Thus, accurate predictions o f the 

tensile resistance and buckling strengths o f  brace members are essential for reliable capacity 

design.

The nominal tensile resistance o f a brace member is given as the product o f  the cross-sectional area 

and the yield strength. The actual capacity o f  the brace m ember in tension may be considerably 

higher, owing to several factors, such as (1) the actual yield strength may exceed the design value 

by up to 20% or more (Elghazouli, 2003), (2) strain hardening may lead to an increase in the 

tension force (estimated by Tremblay (2002) to be between 5 and 10% on average), and (3) the 

higher strain rates experienced by the brace members under seismic conditions may lead to an 

additional increase in yield strength (Filiatrault & Halleran, 2001). The aforementioned factors are 

recognised by most codes, usually through an enhancement coefficient ranging between 10 and 

35% depending on the code (Elghazouli, 2003).

Many experimental studies have been carried out to investigate the effects o f  strain-rate on steel 

behaviour (for example, Wright & Hall, 1964; Soroushian Choi, 1987; Kassar & Yu, 1992). 

These studies indicated that an increase in strain rate results in an increase in both the yield stress 

and, to a lesser degree, the ultimate stress o f steel. Furthermore, these studies allowed the 

development o f  constitutive material laws to model the influence o f  strain rate as follows:

where fyd and fud are the yield and ultimate strengths due to strain rate effects, s  is the strain rate, 

and fys and /„j are the static yield and ultimate tensile strengths. Under earthquake conditions, the 

likely strain rate is o f the magnitude o f 10'^.

Wright and Hall (1964): 10' ^  <  e  < 10^

ys

(Eqn. 2.11)

Soroushian & Choi (1987): 10 ’ ' ' <  8 <  1 0 '

^  = 1.46 -  4.51 X 10-V ,.  + (0.0927 -  9.2 x 1 O’’ ) l oge
J VJys

(Eqn. 2.12)

^  = 1.15 -  7.7 X 10" + (0.0497 -  2.44 x 1 O'" )log s
f u sus

(Eqn. 2.13)

K asser&  Y u(1992): 10 - ' ' <  s  < 1 0 '

ys

^ ,  = 320M Pa (E qn.2.14)

ys

fys = 495MPa (Eqn. 2.15)
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More recently, Wakabayashi et al (1994) proposed the following equation to estimate the increase 

in yield strength of steel with strain rate:

1 + 0.0473 log ^
f y s

(Eqn. 2.16)
’ ys \ ^ o  ^

in which fyj is the dynamic yield strength for a strain rate e and fy^ is the quasi-static yield strength 

under a strain rate = 50 x lO'^s''. These researchers reported an increase in yield strength of 

30%, but a much smaller increase in ultimate tensile strength. It should be noted that the above 

expressions are for constant amplitude excitation under monotonic loading. Research by Sugiura et 

al (1988) suggested that cyclic loading reduces the pronounced effect o f strain rate, typically to less 

than half. Filiatrault & Tremblay (1998) estimated the increase in yield strength of tension-only 

bracing members due to strain rate effects to be up to 14%, with an increase in tensile strength of 

about half of this amount.

Based on previous work into strain-rate effects on the properties o f steel, an increase in strain-rate 

will result in increases in both the yield stress fy and to a less degree the ultimate stress /„. The 

resulting change in the yield to ultimate strength ratio generates higher plastic strain demands and 

reduces the available ductility of the material, and consequently the member. Increased strain rates 

also reduce the energy dissipation characteristics o f the material, which in turn can contribute to 

brittle failure, and reduce the plastic deformation capability available. In Section 2.2 it was noted 

that for cold-formed members, the cold-forming operation also increases the yield and ultimate 

strengths of the material, with the increase in ultimate strength being less pronounced. Thus, there 

may be concern that the combination of cold-forming and strain rate effects may significantly 

reduce the ductility o f cold-formed sections, rendering them unsuitable as energy dissipating 

members in earthquake resistant structures.

Another possible source of brace force amplification during tension loading is a true impact 

phenomenon caused by the rapid transfer of force from the floor masses, being suddenly halted in 

their motion, when the braces become suddenly taut. It is suspected that this effect may be relevant 

for very slender brace members. No experimental evidence, however, has been provided so far to 

confirm, or to quantify, this phenomenon (Tremblay & Filiatrault, 1996).

The buckling resistance predicted using buckling curves, such as in Eurocode 3 (CBN, 1992) and 

AISC (1999), normally provides a conservative estimate of the minimum buckling strength under 

monotonic loading. To account for a possible increase in buckling strength, design codes may 

apply an enhancement factor, which may be fixed between 10 and 20% (Elghazouli, 2003).

A critical loading condition exists in tension-compression bracing when the sum o f the horizontal 

components of the compression and tension braces reaches its maximum value. As mentioned
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previously, the brace com pression strength degrades w ith axial deform ation and the num ber o f  

cycles. Therefore, the m ost severe condition typically  develops w hen the tension brace yields ju s t 

after the com pression brace has buckled (T rem blay, 2002). T rem blay (2002) determ ined the 

com pression brace force at a ductility  o f  1.0 (C „/’) by projecting  the linear-portion  o f  the axial 

load-deform ation response o f  the brace to a com pressive load corresponding  to - A / y  to find the 

displacem ent at w hich this occurs, w here Ag is the gross cross-sectional area o f  the brace and fy  is 

the tensile yield strength. R esults show ed that the full strength  o f  the com pressive brace (C„) 

should be com bined w ith the y ield  capacity o f  the tension brace for A less than 1.0, w here A is the 

non-dim ensional slenderness ratio  defined in Eurocode 3 (C EN , 1992). A s brace slenderness is 

increased, buckling occurs at a sm aller deform ation and yield ing  develops in the tension brace after 

the com pression brace has experienced som e degradation (C „/’ < C„). T his reduction seem ed to be 

less pronounced for braces that had been stretched in tension p rio r to  buckling. This is m ainly due 

to the B auschinger effect. T rem blay recom m ends for these braces a value o f  C„/’ = 0.8C„ for 

design w hen X > 1 .0 , w here C„ is the com pression brace buckling  capacity .

2.4.3 Previous testing of braced frames subjected to earthquake loading

All o f  the tests on cold-form ed structural hollow  steel m em bers and filled m em bers, review ed in 

Sections 2.2 and 2.3, w ere perform ed under static or quasi-static  loading. A s quasi-static loading is 

carried out at a relatively slow rate, strain-rate effects m ay be neglected  as internal forces are able 

to equalise as the loading is im posed. In earthquake loading, or o ther type o f  pulse loading such as 

blast or im pact, the loading is im posed at a m uch h igher rate. T his m ay lead to  d ifferent m aterial 

properties being displayed, as d iscussed earlier. This is especially  re levant for near-source 

earthquakes w here spectral velocities can be m uch h igher than those assum ed in design. Therefore, 

dynam ic effects, such as strain rate or the possibility  o f  im pact loading, w hich m ay arise during 

realistic earthquake loading, are no t investigated in quasi-static  tests. In th is section, a review  o f  

previous pseudo-dynam ic and dynam ic tests on braced fram es is presented.

A full-scale six-storey, tw o-bay-by-tw o-bay steel-fram ed office bu ild ing  w ith com posite steel 

metal deck and light-w eight concrete floor system  w as pseudo-dynam ically  tested  in the Large Size 

Structures Laboratory o f  the B uild ing  Research Institute (B R I) in T sukuba, Japan  as part o f  the US- 

Japan Joint R esearch Program  (Foutch e t a l, 1987). The typical plan and fram e elevation o f  the 

structure are show n in F igure 2.13, w here the d irection in w hich the earthquake loading was 

applied is indicated. The structure, 15.0m square in plan and 21.5m  high, consisted  o f  three fram es 

parallel to the loading direction; tw o ductile m om ent-resisting  space fram es on grid  lines A and C 

and a concentrically  chevron-braced fram e (inverted V -bracing) on grid line B. This braced frame 

(frame B) w as approxim ately 3 . 5 - 4  tim es stiffer than the com bined  m om ent fram es (fram es A and 

C) when the structure was elastic  (Roeder, 1989). T here w ere three fram es transverse to the
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loading direction: two cross-braced frames on grid lines 1 and 3 and an unbraced frame on grid line 

2. The brace members were cold-form ed steel square hollow  sections, ranging in size from ST 4 x 

4 X Vi6 (101.6 X 101.6 X A.16mtn) for the upper floors, to ST 6 x 6 x V2 (152 .4  x 152.4 x \2 .1mm)  

for the lower floors. Thus, the brace members had a normalised slenderness ratio X  o f  between 

approximately 1.3 and 1.6.
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Figure 2.13. Typical Pan and Elevation of US-Japan Joint Research Programme full-scale test frame: 
(a) Typical floor plan, (b) Fram e B elevation, (c) Frame A and C elevation, and (d) Fram e 1 and 3 
elevation (Foutch etal, 1987).

The test frame was subjected to scaled versions o f  the N -S  component o f  the 1978 M iyag i-ken -O k i 

earthquake record through servo-controlled actuators attached to a huge reaction w all and to each 

floor level. Tests to simulate small, moderate and m ajor size earthquakes were conducted by 

scaling the peak acceleration o f  the earthquake record to approxim ately 6.5, 25 and 50%  o f  gravity  

respectively. The tests were conducted at a slow test rate to enhance the observation o f the test 

results. Details o f the test set-up, experimental programme, and prelim inary results are presented
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by Foutch et al (1987). Further discussion and analysis of the results are given by Yamanouchi et 

al (1989), Roeder (1989), and Tang & Goel (1989).

During the small size earthquake, the structure appeared to remain elastic throughout the test. In 

the moderate size earthquake, limiting yielding and brace buckling were observed. In addition, 

failure occurred at an unusual brace-beam connection detail, illustrating the importance of design 

details for satisfactory seismic performance (Foutch et al, 1987). It is for this reason that Eurocode 

8 (CEN, 2001) recommends that the seismic performance o f all connection details be verified 

experimentally prior to construction of the structure. The connections that under-performed during 

the moderate earthquake were stiffened prior to subjecting the structure to the major earthquake. 

During the major earthquake, extensive brace buckling and yielding were observed. In fact, the test 

was stopped early due to brace failure. In addition to brace buckling and yielding, beams and 

columns also showed extensive yielding throughout the bottom three stories and extensive cracking 

o f the composite slab was noted in the region near the V-braces (Yamanouchi et al, 1989).

In the moderate intensity test, brace buckling did not have a large impact on the energy dissipated. 

Most of the energy was dissipated through yielding of the connections at the end of the brace 

members. In the final test, it was observed that in the dual system, brace buckling contributed 

approximately 80% of the total energy dissipated during the early portion o f the test, but its 

proportion decreased to approximately 60% at the end of the test due to severe buckling and 

deterioration (Roeder, 1989). Flexural yielding o f beams and columns and shear yielding of the 

beam-column panel zones were the other sources of energy observed during testing. Roeder (1989) 

noted that the contribution o f the composite slabs to the energy dissipation capacity of the floor 

system is questionable after a few cycles o f reversed loading.

During the tests, brace failure initiated at the comers of the hollow sections after several cycles of 

post-buckling behaviour, which is consistent with observations from tests on cold-formed members 

by other researchers (Jain et al, 1980; Tremblay et al, 2003). It is important to be able to accurately 

assess the fracture life o f brace members in concentrically braced frames during severe 

earthquakes. The response o f a structure after fracture of bracing members depends mainly on two 

factors: the fracture sequence, and the impact effect due to force released from fractured bracing 

members (Tang & Goel, 1989).

Foutch et al (1987) found that when the dual system was subjected to the major earthquake, the 

braces initially resisted about 80% of the total shear, compared to 20% resisted by the moment 

frames. This is consistent with the relative elastic stiffness o f the frames. Later in the tests, 

however, the braces were severely buckled and their compressive strength decreased. Thus, 

redistribution of the load occurred and the moment frames carried about 60% of the lateral load.

37



Background Study

This was verified in static tests on a half-scale model (Fukuta et al, 1989). Thus, without the 

moment frames as a backup, the building would have had little strength or stiffness and might not 

have survived the major earthquake. Mazzolani et al (1995) also noted that by using combined 

systems, the performance of buildings in earthquakes can be improved significantly.

Tests on a reduced scale model of the structure tested in Tsukuba were conducted on the 

earthquake simulator at the University of California at Berkeley (Bertero et al, 1989). A length 

scale factor o f 0.3048 was adopted for the design and construction o f the model, with lead ballast 

fastened to the roof and floor slabs to comply with similitude of mass density. All members were 

fabricated from steel plates, as the reduced-scale structural shapes were not available. The model 

was subjected to a scaled version of the N-S component of the 1978 Miyago-Ken-Oki earthquake 

record. Serviceability limit state and collapse limit state tests were conducted by normalising the 

earthquake record to a peak acceleration of 0.063g and 0.65g, respectively.

The authors note that the bracing members in the ductile moment resisting steel frame (DMRSF) 

increased its elastic lateral resistance by a factor of 3.9. In addition, the braces resisted 60-80% of 

the storey shear in each storey during the minor earthquake, which is a similar finding to that from 

the full-scale test. Brace buckling and yielding was observed during the major earthquake, with 

two brace members fracturing. However, stable shear and interstorey drift behaviour (i.e. stable 

hysteretic behaviour) was observed after brace buckling because o f the strength o f the moment 

resisting frames. The available ductility of the frame fell in the range o f 2.5 -  3.0. The total 

reduction factor from the required elastic strength (i.e. modification factor R) was 3.6, much less 

than the AISC (2002) recommendation of 4.5 for Intermediate moment frames (IMF) or 8 for 

special moment frames (SMF) with concentric bracing.

Half-scale, two-storey tension only concentrically braced frame (TOCBF) models were tested on a 

uniaxial 3.4w x 3.4w earthquake simulation facility at Ecole Polytechnique in Montreal, Canada 

(Tremblay & Filiatrault, 1996; Filiatrauh & Tremblay, 1998). Low amplitude ambient vibration 

simulation (0-25Hz flat white noise) was used to determine the natural periods of the test frame. 

Free vibration tests gave the first modal damping ratio o f the structure by employing the 

logarithmic relative displacement decrement at each floor. Three historical earthquake ground 

motions, recorded in North Western American, were inputted for the seismic shake table tests. To 

quantify the strain rate demand on the braces, the time required to increase the tensile stress from 

zero to the static yield strength before each inelastic excursion was computed from the 

experimental data. Quasi-static tests were then carried out on complete bracing systems under the 

same inter-storey drift sequence as measured during the seismic shake table tests. For this purpose, 

the first floor was linked to a rigid reaction frame to prevent it from moving horizontally. For each 

earthquake excitation, the shake table was controlled by a displacement signal corresponding to the
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first floor inter-storey drift time history recorded during the seismic tests. This inter-storey drift 

signal was played out 400 times slower than recorded to maintain an average strain rate in the first 

floor braces o f 50 x 10'  ̂s'' (mean strain rate demand on braces during seismic tests was 22 x 10'  ̂s' 

’). Under quasi-static conditions, the brace yielded at its quasi-static strength and did not exhibit 

any force amplification. Under dynamic conditions, however, the yield strength of steel increased 

causing an increase in tensile forces in the bracing member. Monotonic dynamic tensile tests were 

conducted on steel bars {150mm long) taken from the first floor bracing members used for the 

shake table investigation. These tests were performed at a uniform prescribed strain rate of 22 x 

10'  ̂ corresponding to the mean strain rate demand on the braces during the shake table tests. 

The increase in yield strength due to the strain rate effect was found to be very similar to the 

maximum normalised stress recorded in the braces during the shake table study, which indicates 

that the strain rate effect is the main contributor to the increase in tensile forces in braces of 

TOCBF.

Filiatrault & Tremblay (1998) proposed an expression to estimate dynamic amplification factors for 

brace members, and suggested that a conservative dynamic amplification factor for the braces of 

1.15 could be used for preliminary code design applications. In their inelastic shake table tests, the 

maximum measured stress varied between 1.01 and 1.14 times the yield stress found from quasi

static monotonic tensile tests. The authors noted that the strain rates are generally higher in the 

bracing members than in adjacent structural elements of the lateral load resisting system. In 

capacity design, these adjacent elements are generally designed to be non-dissipating elements and, 

hence, remain essentially elastic while the bracing members yield. In this case, bracing members 

may still experience high strain rates and, thus, exhibit a higher yield resistance, while the elastic 

stress in the adjacent elements would remain constant with no strain rate effect. In addition, some 

of these adjacent elements could be larger in size than merely required to resist the forces induced 

by the braces and thereby, would experience only a fraction o f the stress variation induced in the 

braces. Therefore, in design the resistance of adjacent non-dissipating elements should be based on 

static strength properties.

Tension-only concentric bracing systems were found to improve the seismic response o f moment 

resisting frames, especially when coupled with a supplementary damping system (Figure 2.14) 

(Pekcan et al, 2000). Prestressing the braces eliminated or significantly reduced the problems 

associated with sudden loading of tension-only bracing. The addition o f sacrificial fuse bars at the 

end of the braces allowed yielding without the complete loss o f the prestress force. Elastometric 

spring damper (ESD) devices acted as a back up system and locked the prestress.
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The use of dissipative inverted V-bracing systems for seismic protection o f buildings, to be used 

either in retrofitting or in the design of new constructions, was investigated by Ciampi et al (1997). 

This involved conducting shake table tests on a full-scale two-storey one-bay moment resisting 

frame, with or without additional V-bracing, at the Innovation Department o f the Italian National 

Agency for Energy and Environment (ENEA). The V-bracing was attached to the beams using 

dissipative devises. The addition of the dissipative bracing system was found to be effective for 

seismic protection of buildings, reducing the base shear by at least 40% and the maximum storey 

drift by up to 80%.

Shake table tests on a braced frame employing slotted bolt connections were conducted by Popov 

et al (1995). The structure tested represented two end walls o f a building, which has 3 floors. The 

slotted bolted connections were used at top of braces only, and were found to be very effective at 

dissipating most o f the input energy.

2.5 GUIDANCE OF EUROCODE 8 FOR CONCENTRICALLY BRACED FRAMES

Eurocode 8 (CEN, 2001) applies to the design and construction of buildings and civil engineering 

works in seismic regions. Its purpose is to ensure that in the event o f earthquakes human lives are 

protected, damage is limited, and structures important for civil protection remain operational. In 

this section, the guidance o f Eurocode 8 on the design o f earthquake-resistant concentrically braced 

frames is discussed.
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Eurocode 8 makes use of limit state design philosophy. Steel structures may be designed as either 

dissipative or low-dissipative. The latter, which is based on the structure remaining elastic, is 

recommended for structures in low-seismicity regions or structures o f special use and importance. 

Dissipative design is based on the capability of parts of the structure (dissipative zones) to resist 

earthquake actions out o f their elastic range. In the case of concentrically braced frames, Eurocode 

8 assumes that only tension diagonals participate in the lateral resistance of earthquake-induced 

loading, and hence, in these structures dissipative zones are mainly located in the tension diagonals. 

The non-dissipative parts of the structure, for example the beams, columns and connections, are 

designed to have sufficient overstrength to allow the development o f cyclic yielding in the brace 

members. For example, Eurocode 8 recommends using full penetration butt welds for non- 

dissipative connections, or if fillet welds or bolted connections are used they are designed to have a 

resistance o f 1.35 times that o f the plastic resistance of the brace member.

To ensure that non-dissipative members possess sufficient overstrength, the actual yield strength of 

the bracing members must not be greater than 1.35 times the nominal yield strength (for example, 

for S235 not higher than 'iMMPa). In addition, Eurocode 8 stipulates that the maximum permitted 

actual yield strength of the brace m e m b e r s m u s t  be specified on the drawings. It also requires 

that the strength and ductility o f dissipative members and their connections under cyclic loading 

should be supported by experimental evidence.

Structures are classified according to their ability to dissipate energy in plastic mechanisms. A 

structure belonging to a given ductility class must meet specific requirements in one or more of the 

following aspects: structural type, class of steel sections and rotational capacity of connections. 

The High and Medium ductility classes correspond to a global drift o f the structure equal to 35mrad 

and 25mrad, respectively. A table is given in Eurocode 8 relating the global ductility of the 

structure to the local ductility of the steel elements, as determined by Eurocode 3 (CEN, 1992). 

Concentrically braced frames with Class 1 brace members are classified as High ductility, implying 

their ability to realise a global drift o{35mrad.

The diagonal elements of bracings shall be placed in such a way that the structure exhibits similar 

load deflection characteristics at each floor and in every braced direction under load reversals. 

Under gravity load conditions, only beams and columns are considered to resist such loads, without 

taking into account the bracing members. Under seismic action, the diagonals are taken into 

account in the analysis. As mentioned previously, in frames with diagonal bracings, only the 

tension diagonals are assumed to participate in the structural resistance. In frames with V bracings, 

both the tension and compression diagonals are assumed to participate in the structural resistance.
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In frames with X  diagonal bracings, the non-dimensional slenderness A as defined in Eurocode 3

(CEN, 1992) is limited to 1.3 < A < 2.0. The lower limit is defined to avoid overloading columns 

in the prebuckling stage, where both compression and tension diagonals are active, above the action 

effects obtained from an analysis at the ultimate stage where only the tension diagonal is active. In 

frames with diagonal bracings in which the diagonals are not positioned as X  diagonal bracings, the

non-dimensional slenderness is limited to A < 2.0.

The earthquake motion at a given point of the surface is represented by an elastic ground 

acceleration response spectrum called the elastic response spectrum. The horizontal seismic action 

is described by two orthogonal components considered as independent and represented by the same 

response spectrum. The vertical component of the seismic action is represented by the response 

spectrum as defined for the horizontal seismic action but with reduced ordinates. A choice of two 

response spectra is given, whose choice depends on the seismic region under consideration. The 

ordinates of the elastic response spectra are based on the design ground acceleration a^, vibration 

period of a linear single degree of freedom system T, soil parameter S, and damping correction 

factor t| (t| =1 if 5% damping).

To avoid explicit inelastic structural analysis in design, the capacity o f the structure to dissipate 

energy, through mainly ductile behaviour of its elements and/or other mechanisms, is taken into 

account by performing an elastic analysis based on a response spectrum reduced with respect to the 

elastic one, called the design spectrum. This reduction is accomplished by introducing the 

behaviour factor q.

The behaviour factor q is an approximation of the ratio o f the seismic forces that the structure 

would experience if  its response was completely elastic with 5% viscous damping to the minimum 

seismic forces that may be used in design with a conventional elastic response model, still ensuring 

a satisfactory response o f the structure. The values o f the behaviour factor q are given for the 

various materials, structural systems and ductility classes in the relevant parts o f Eurocode 8. For 

concentrically braced frames with Class 1 bracing members, the behaviour factor q is taken as 4.0.

The reference method for determining the design seismic base shear force Ft, is the lateral force 

method, for which

Fh = SJ,T^)mX (Eqn. 2.17)

where SJ^Ti) is the ordinate of the design spectrum at the fundamental period o f vibration Ti, m is 

the total mass o f the building and ^ is a correction factor. This base shear can then be distributed 

using mode shapes determined from modal analysis or, for simplified analysis, using weighted 

ratios of the product of storey mass and interstory drift or the product o f storey mass and height.
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Eurocode 8 allows time-history analysis to be used as an alternative to the design spectrum. It 

recommends using artificially generated accelerograms that match the elastic response spectrum, or 

at least three recorded accelerograms, which are suitable to the region. A non-linear time history 

(dynamic) analysis may also be performed on the structure, where the time-dependent response o f 

the structure is obtained through direct numerical integration o f its differential equations o f motion, 

using artificial accelerograms and recorded or simulated accelerograms to represent the ground 

motions. Time history analysis o f  the earthquake response o f concentrically braced frames was 

carried out in this present study, and is presented in Chapter 7.

2.6 SUMMARY

Although concentrically braced frames may represent an effective structural form for providing 

lateral stiffness and strength under earthquake loading, the inelastic performance o f diagonal 

bracing members require careful examination. In a severe seismic event, bracing members 

experience inelastic deformations in cyclic tension beyond yield and compression into the post- 

buckling range. The cyclic behaviour o f bracing members has therefore been investigated by 

several researchers, often examining cold-formed tubes in particular. These studies identified that 

the energy dissipation and ductility capacities o f a bracing m em ber are strongly dependent on 

member slenderness. However, most available experimental studies are based on quasi-static 

cyclic tests under pre-defmed displacement histories, and address only narrow ranges o f member 

slenderness. As a consequence, there exists relatively few experimental data on the frame ductility 

demands and overstrengths likely to be experienced under realistic dynamic loading conditions, or 

o f  the dependence o f these factors on brace slenderness.

Cyclic testing o f diagonal bracing systems verifies that energy can be dissipated after the onset o f 

global buckling if brittle failures due to local buckling, stability problems and connection fractures 

are prevented. Hollow steel sections are very effective at resisting axial loads, but when such 

sections possess thin walls, they are susceptible to local buckling at high compressive strains. 

Research has shown that filling these sections with concrete or m ortar can prevent their thin walls 

from buckling. However, the performance o f these members under cyclic axial loading has not 

been extensively investigated, although the limited available test data suggests that infill can 

improve the specimens buckling, post-buckling and tensile capacities, reduce the severity o f local 

buckling and hence delay cracking o f the steel, and ultimately increase the m em ber’s ductility. It is 

envisaged that this thesis will further existing knowledge o f the behaviour o f void-fill hollow 

sections under cyclic loading, and broaden this work to investigate their behaviour under real-time 

earthquake loading.
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Dynamic loading induces strain rate effects in dissipating structural members. Strain rate effects 

increase the yield and ultimate strengths o f steel, with the increase in ultimate strength being less 

dramatic, resulting in ductility capacity reduction. A similar effect is noted due to cold-forming; 

i.e. the increase in yield strength being greater than the increase in ultimate strength. Therefore, 

due to limited ductility capacity o f  cold-formed members, coupled with strain rate effects, there 

may be concern that cold-formed members might not be suitable as energy dissipating members in 

earthquake resistant structures. This and other potential effects associated with slender braces as 

earthquake resistant members are addressed in this thesis.
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Chapter 3

SPECIMEN DETAILS AND EXPERIMENTAL SET-UP: 

COMPLEMENTARY TESTS.

3.1 INTRODUCTION

The main objective o f  the testing undertaken in this study was to obtain essential experimental data 

on the inelastic dynamic behaviour o f steel and composite RHS and SHS bracing members under 

earthquake loading. To this end, the main phase o f  the test programme was the execution o f a 

number o f focussed shake table tests on typical brace configurations at the laboratories o f  the 

National Technical University o f  Athens. However, in addition to these tests, complementary 

m ember tests were undertaken in the structures laboratory at Trmity College Dublin to investigate 

specific aspects o f  the behaviour o f the bracing members under investigation. Short specimens 

were tested in axial tension to investigate the tensile yield strength and ultimate strength o f the steel 

hollow sections employed. These tests were also designed to verify the adequacy o f the shake table 

specimen connection details. Short specimens were also tested in compression to establish the 

squash loads o f stub columns o f this type o f section. In addition, long and intermediate length 

specimens were tested under cyclic axial loads to determine their hysteretic behaviour, overall 

buckling capacity and ductility.

This chapter provides details o f the specimens, experimental set-ups and testing procedures 

employed in the complementary quasi-static tests. Table 3.1 summarises the tests performed, 

indicating the specimen and loading type, and the nominal dimensions o f  the specimens. The 

geometry o f  these specimens is described in more detail in the following section, together with the 

nomenclature used to describe each individual specimen.

Tensile coupon tests carried out to determine the material characteristics o f  the steel specimens are 

discussed in Section 3.3. The yield and ultimate strengths evaluated from these coupon tests were 

used to estimate the yield strengths o f the hollow sections using methods given in European (CEN, 

1996) and American (AISI, 1996) Standards. In Chapter 4, these estimates are compared with 

yield strengths obtained from the tensile tests on short specimens.

The aforementioned strut tests were performed on both hollow steel sections and mortar-filled 

hollow steel sections. Therefore, a number o f  material tests were required to determine a suitable 

mix composition for the mortar to be used in the composite specimens. These tests are discussed in 

Section 3.4.
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Table 3.1 Programm e o f com plem entary tests and nominal dim ensions o f  specimens.

Specimen ID Section size 
D x B x t

Composite 
/ Steel

Loading
type

End
Fixity

Steel
length
ID

T
{mm)

Lo
(mm)

L t
{mm)

X y - y

TSS0-40H 40x40x2.5SHS Steel Tension Pinned AO 12 120 370 0.06
TSS1-40H 40x40x2.5SHS Steel Tension Pinned AO 12 120 370 0.06
TSS2-40H 40x40x2.5SHS Steel Tension Pinned AO 12 120 370 0.08
TSS3-40H 40x40x2.5SHS Steel Tension Fixed A5 20 120 370 0.08
TSS4-40H 40x40x2.5SHS Steel Tension Pinned A5 20 120 370 0.08
TSS5-40H 40x40x2.5SHS Steel Tension Pinned A1 20 120 370 0.08
TSS6-40H 40x40x2.5SHS Steel Tension Pinned A2 20 120 370 0.07
TSS7-40H 40x40x2.5SHS Steel Tension Pinned A3 20 120 370 0.07
TSS8-20H 20x20x2.0SHS Steel Tension Pinned CO 20 60 310 0.07
TSS9-20H 20x20x2.0SHS Steel Tension Pinned CO 20 60 310 0.07
TSS10-20H 20x20x2,0SHS Steel Tension Pinned Cl 20 60 310 0.07
TSS11-20H 20x20x2.0SHS Steel Tension Pinned Cl 20 60 310 0.07
TSS12-20H 20x20x2.0SHS Steel Tension Pinned C2 20 60 310 0.07
TSS13-20H 20x20x2.0SHS Steel Tension Pinned C3 20 60 310 0.07
TSS14-20H 20x20x2.0SHS Steel Tension Pinned C4 20 60 310 0.07
TSS15-50H 50x25x2.5RHS Steel Tension Pinned BO 20 150 400 0.13
TSS16-50H 50x25x2.5RHS Steel Tension Pinned BO 20 150 400 0.13
TSS17-50H 50x25x2.5RHS Steel Tension Pinned B4 20 150 400 0.13
TSS18-50H 50x25x2.5RHS Steel Tension Pinned B4 20 150 400 0.13
TSS19-50H 50x25x2.5RHS Steel Tension Pinned Bl 20 150 400 0.13
TSS20-50H 50x25x2.5RHS Steel Tension Pinned B2 20 150 400 0.13
TSS21-50H 50x25x2.5RHS Steel Tension Pinned B3 20 150 400 0.13

CSSI-40H 40x40x2.5SHS Steel Compression Pinned AO 12 120 370 0.09
CSS2-40H 40x40x2.5SHS Steel Compression Fixed AO 12 120 370 0.09

CylSl-40H 40x40x2.5SHS Steel Cyclic Fixed AO 20 850 1100 0.4
CylS2-40ll 40x40x2.5SHS Steel Cyclic Fixed AO 20 850 1100 0.4
CylS3-20H 20x20x2.0SHS Steel Cyclic Fixed CO 20 850 1100 0.9
CylS4-20H 20x20x2.0SHS Steel Cyclic Fixed CO 20 850 1100 0.9
CylS5-50H 50x25x2.5RHS Steel Cyclic Fixed BO 20 850 1100 0.6
CylS6-50H 50x25x2.5RHS Steel Cyclic Fixed BO 20 850 1100 0.6

TSS1-40F 40x40x2.5SHS Composite Tension Fixed A5 20 120 370 0.09
TSS2-40F 40x40x2.5SHS Composite Tension Pinned A5 20 120 370 0.09

CSS1-40F 40x40x2.5SHS Composite Compression Fixed A5 20 120 370 0.09
CSS2-40F 40x40x2.5SHS Composite Compression Fixed A5 20 120 370 0.09

CyISI-40F 40x40x2,5SHS Composite Cyclic Fixed A5 20 850 1100 0.6
CylS2-40F 40x40x2.5SHS Composite Cyclic Fixed A5 20 850 1100 0.6
CylS3-20F 20x20x2.0SHS Composite Cyclic Fixed Cl 20 850 1100 1.0
CylS4-20F 20x20x2.0SHS Composite Cyclic Fixed C l 20 850 1100 1.0
CylS5-50F 50x25x2.5RHS Composite Cyclic Fixed B4 20 850 1100 0.7
CyIS6-50F 50x25x2.5RHS Composite Cyclic Fixed B4 20 850 1100 0.7

CyLSl-40F 40x40x2.5SHS Steel Cyclic Fixed A8 20 3050 3300 1.3
CyLS2-40F 40x40x2.5SHS Steel Cyclic Fixed A7 20 3050 3300 1.3
CyLS3-40F 40x40x2.5SHS Steel Cyclic Fixed A7 20 3050 3300 1.3
CyLS4-20F 20x20x2.0SHS Steel Cyclic Fixed C8 20 3050 3300 3.2
CyLS5-20F 20x20x2.0SHS Steel Cyclic Fixed Cl 20 3050 3300 3.0
CyLS6-20F 20x20x2.0SHS Steel Cyclic Fixed Cl 20 3050 3300 3.0
CyLS7-50F 50x25x2.5RHS Steel Cyclic Fixed B4 20 3050 3300 1.9
CyLS8-50F 50x25x2.5RHS Steel Cyclic Fixed B7 20 3050 3300 2.2
CyLS9-50F 50x25x2.5RHS Steel Cyclic Fixed B7 20 3050 3300 2.2

Section 3.5 describes the method em ployed to manufacture the strut specim ens, including the rigs 

used to ensure consistent dim ensions and quality, and the procedure em ployed to fill the composite 

specimens.
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Section 3.6 describes the test-rig used in all complementary tests, and the procedure followed 

during installation o f test specimens in the test-rig. The loading and test control employed during 

the tests is outlined in Section 3.7, while the penultimate section provides details o f the 

instrumentation employed.

3.2 GEOMETRY OF TEST SPECIMENS

All specimens were square or rectangular hollow sections manufactured from cold formed steel 

S235JRH, with a nominal yield strength o f 235M /’a  and an ultimate strength o f between 360MPa  

and 5\0M P a  (CEN, 1997) and supplied by the manufacturer in uncut lengths o f  7500ww. The end 

connection detail shown in Figure 3.1 was used in all tests. An Swot thick stiffener (height \25mm, 

width 100mm) runs through the centre o f the faces o f the hollow section which are located at 90° to 

the seam weld. In other words, the stiffener runs through the centre o f  Faces C and D along the y- 

axis, as defined in Figure 3.2. Base plates are welded to the specimen to facilitate a bolted 

connection to the loading rig through 6 no. M16 bolts at both ends. The base plates and stiffeners 

were cut from lengths o f  200x20mm  and 100x8mm grade S275 flat, respectively. These were 

welded into position with 5mm fillet welds, which were m anually formed using a MIG welder. The 

length o f weld required to resist the maximum predicted capacity o f the sections dictated the length 

and height o f  the stiffener plates. It was also envisaged that the stiffeners would affect the direction 

o f  buckling in the longer (slender) specimens. The thickness (7) o f the base plates was increased 

from 12mm to 20mm after the first three tensile tests as it was found that welding the specimens 

caused warping o f the base plates and the amount o f  bending observed in the plates during testing 

was considered unacceptable. This was verified using a finite element model, built using LUSAS.

The length o f the specimens ( L t)  varies, as indicated in Table 3.1. The monotonic tensile and 

compressive tests were carried out on short specimens having an unstiffened length {Lo = L t  ~ 

2(125)) o f three times their largest outer dimension (D). The specimens in the cyclic tests had 

unstiffened lengths o f 850mm or 3050mm, and are referred to as intermediate and long specimens 

respectively. The unstiffened length o f the short specimens was chosen to ensure an aspect ratio o f 

3:1 to promote local buckling, while preventing overall lateral buckling. The long cyclic 

specimens have high slenderness and should fail in lateral bending. The intermediate length cyclic 

specimens were expected to fail by a combination o f buckling and crushing.

The response o f three section sizes were investigated, namely 40x40x2.5SHS, 20x20x2.OSHS and 

50x25x2.5RHS. These are the same section sizes used in the shake table tests. The outer 

dimensions o f  the sections were measured and found to be within ±0.1mm o f the nominal 

dimension. Hence the nominal outer dimensions o f the test specimens are used in all calculations.
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Figure 3.2 Definition o f  dim ensions o f hollow sections

The interior and exterior radii o f  the sections were found to be consistent and are given below in 

Table 3.2. The wall thicknesses o f each length o f hollow section were measured using a 

micrometer and these are given in Tables 3.3 -  3.6. With respect to local buckling, international 

codes (AISC, 1999; AISC, 2002; CEN, 1992; BSI, 2000a) classify the walls o f  these sections as 

Plastic or Class 1. Such sections should form plastic hinges capable o f  sustaining their moment 

capacity at significant levels o f  rotation.
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Table 3.2 Measured fillet radii of hollow steel sections.

Section Interior radius, 
r ,  ( /m /m)

Exterior radius, r„ 
(m m )

40x40x2.5SHS 1.5 4.5

20x20x2.5SHS 1.25 4.0

50x25x2.5RHS 1.5 4.0

The normalised slenderness ratio X was calculated in accordance with Eurocode 3 (CEN, 1992) 

for each specimen using its actual material and geometric properties. The short specimens in the 

compressive monotonic tests had a normalised slenderness o f 0.09, while that o f  the intermediate 

and long cyclic test specimens ranged from 0.6 to 1.5 and from 1.3 to 3.2 respectively, as shown in 

Table 3.1. The normalised slenderness ratio o f the specimens employed in the shake table tests 

ranged from 1.3 to 3.0.

Note that the normalised slenderness ratio X is defined by Eurocode 3 (CEN, 1992) for non- 

slender cross-sections as {Npi,/t/Ncrf ' ,̂ in which NpiR and Ncr are the plastic section capacity and 

theoretical elastic (Euler) buckling load respectively. The relationship between ( A ) and K U r  

(which is used by some codes) depends on the yield strength ify), such that (A ={A^L/r}/93.9e) 

where e is (235//^.)°^, K  is the effective length factor, L the m ember length, and r the radius of 

gyration about the relevant axis. The AISC LRFD specification (AISC, 1999) defines the non-

KL I  f
dimensional slenderness ratio as . Note that when the modulus o f  elasticity, E  is

r jt \ E

210,000MPa, the European and American non-dimensional slenderness ratios are exactly the same.

This is because Eurocode 3 simplifies n  | —  as 93.9s. In other words, both Eurocode 3 and AISC
\ f y

LRFD specifications use the same expression to determine the non-dimensional slenderness ratio 

for steel sections. For composite sections, AISC LRFD (AISC, 1999) employs the same formula as 

above for steel, but with a modified yield strength {Fy„) and a modified modulus o f  elasticity {E„) 

to take account o f  the strength and stiffness enhancement o f  the infill. Eurocode 4 (CEN, 1993) 

uses the same formula as Eurocode 3 ( X = (Â p/,«/Â cr)“^), in which Np^R and N^r take account o f the 

additional strength and stiffness resulting from the infill, respectively. M ore specifically, the 

plastic section capacity is given by

Npi.R = AJ'y^-AJ'ck, (Eqn- 3.1)

where and Ac are the gross cross-sectional areas o f the steel and concrete, respectively, fy  the 

yield strength o f the steel, and f./, the characteristic compressive strength o f the concrete. The 

theoretical elastic (Euler) buckling load is given by
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where the equivalent stiffness {EPje = EJa+O.’&EcJc; in which Ea and Ecd are the modulus o f 

elasticity for the steel and concrete, respectively, and la and 4  are the second moment o f areas for 

the steel and concrete, respectively. Note that Ecd is defined in Eurocode 4 (CEN, 1993) as Ecd = 

Ecmhe, where Ec„ is the secant modulus o f  elasticity for concrete and is a factor o f  safety o f 1.35.

Each specimen tested was assigned a unique designation (for example, “TSS1-40F”) to identify the 

load and specimen type, as follows:

• The first group o f letters describe the load type and specimen length:

TSS Tensile short specimen

CSS Compressive short specimen

CylS Cyclic intermediate length specimen (1 lOOwm)

CyLS Cyclic long specimen (3300/ww)

• The number following these three letters indicates the test num ber in that particular series 

o f tests.

• The number immediately after the dash is the nominal depth {D) o f  the hollow steel 

section.

• The letters ‘H ’ and ‘F ’ indicate hollow specimens and specimens filled with mortar, 

respectively.

3.3 MATERIAL PROPERTIES OF HOLLOW STEEL SECTIONS 

3.3.1 Coupon tests

Longitudinal tensile coupons were tested in accordance with the European Standard BS EN 10002- 

1 (BSI, 2001) for tensile testing o f metals. The test pieces were obtained by machining samples 

from each o f  the square and rectangular hollow section lengths used to manufacture the specimens 

for the complementary and shake table tests. Three flat samples were taken from each length, one 

from the centre o f  each face, with the exception o f the face containing the seam weld. Non

proportional test pieces were used. In other words, the original gauge length {Lq) was independent 

o f the original cross-sectional area {So).

All coupons had a 15mm  parallel length o f width {b) \2.5m m . The parallel length (Z-c) is connected 

to the gripped ends by means o f  a transition curve with a radius o f  20mm. The width o f the ends 

(B) is 20mm. The original gauge length (Lo) o f each sample was 50mm, which was marked by fine 

scribed lines. These dimensions are shown in Figure 3.3, while the original measured dimensions 

o f each test piece are given in Tables 3.3 to 3.6.
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G ripped e n d s

Z__
L q

Lc

L-t

T e n s i l e  t e s t  c o u p o n

Figure 3.3 Tensile test coupon

The coupons were tested to failure in a 50kN capacity Hounsfield displacement-controlled testing 

machine (with friction grips) at a displacement rate of 0.0\25mm/sec up to a displacement of 4mm, 

followed by a displacement rate of 0.25mm/sec up to failure. These are equivalent to strain rates of 

0.00025s'' and 0.005s‘‘. A calibrated extensometer of 50mm gauge length was used to measure the 

longitudinal strain. A data acquisition system was used to record the load and extension at regular 

intervals during the tests. A typical load-extension curve is shown below in Figure 3.4. The 

material properties obtained from the coupon tests are summarised in Tables 3.3 to 3.6. The yield 

strength Re was obtained using a method similar to that outlined in Section 3.7.1. The tensile 

strength, 0.2% proof strength (non-proportional extension) and 0.5% proof strength (total 

extension) were also obtained. These are indicated by R^, Rpo,2 and Riô s respectively and are 

defined in BS EN 10002-1:2001. The final gauge length after rupture Lu was determined using a 

vernier calliper by carefully fitting the two broken pieces of the test piece back together so that 

their axis lied in a straight line. The permanent elongation of the gauge length after fracture (Lu -  

Lo) was then used to determine the percentage elongation after fracture (Asomm)- The percentage 

reduction in area, Z was also determined.

The American provision for seismic design (AISC, 2002) provides a table of permitted structural 

steels, which have been selected based on their inelastic properties and weldability. In general, 

they meet the following characteristics: (1) a ratio of yield to tensile stress not greater than 0.85; (2) 

a pronounced stress-strain plateau at the yield stress; (3) a large inelastic strain capability (for 

example, tensile elongation of 20% or greater in a 50mm gauge length); and (4) good weldability. 

For rectangular HSS, ASTM A500 Grade B (ASTM, 1999a) is the most commonly available 

material (minimum tensile properties: fy = 1>\1 MPa, fu = 400MPa). In North America, all ASTM 

A500 rectangular HSS for structural purposes are welded.

In this context, the following results from the coupon tests were relevant:
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(1) The average values o f  the ratio Rpo,2 /  Rm for the 40x40x2 .5SH S, 50x25x2.5RHS and 

20x20x2.OSHS specim ens are 0.88, 0.92 and 0.98 respectively . O nly one o f  the 

40x40x2.5SHS specim ens conform ed to the lim it o f  0.85.

(2) A verage percentage elongation after fracture, Asomm, for the 40x40x2.5SHS, 

50x25x2.5RHS and 20x20x2.OSHS specim ens are 24.8% , 39.0%  and 16.1% respectively.

E xtension  (mm)

Figure 3.4 Typical load-extension curve for the tensile tests
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Table 3.3 Material properties obtained from tensile coupon tests (samples from 40x40x2.5SHS).

Section
length

Face b
{mm)

t
{mm)

So
{mm^)

L„
{mm)

Lc
{mm)

L,
{mm)

B
{mm)

Re
{MPa)

ALe
{mm)

Rm
{MPa)

A Lt
{mm)

Lu
{mm)

bu
{mm)

tu
{mm)

Su
{mm^)

AsOmm
{ % )

z
{ % )

RpO,2
{MPa)

Rto,s
{MPa)

E
{kN/mm^)

AO B 12.503 2.493 31.175 50 75 194 20 249.7 0.075 319.5 27.85 70.5 7.78 1.18 9.180 41.0 70.6 276.6 280.1 136
C 12.663 2.467 31.236 50 75 222 20 258.4 0.109 325.4 29.62 71.75 7.94 1.06 8.416 43.5 73.1 278.4 279.6 104
D 12.463 2.487 30.992 50 75 211 20 246.9 0.076 322.3 28.28 71.5 7.82 1.17 9.149 43.0 70.5 274.3 279.1 143

mean 12.543 2.482 31.134 50 75 209 20 251.6 0.087 322.4 28.58 71.25 7.85 1.14 8.915 42.5 71.4 276.4 279.6 128
Al B 12.447 2.540 31.615 50 75 216 20 434.8 0.138 505.5 12.60 59.5 9.09 1.61 14.635 19.0 53.7 464.2 463.6 151

C 12.523 2.527 31.642 50 75 176 20 455.5 0.264 513.9 12.49 58.25 9.35 1.69 15.802 16.5 50.1 471.6 412.8 85
D 12.560 2.550 32.028 50 75 215 20 430.3 0.147 492.7 12.53 58.5 9.05 1.46 13.213 17.0 58.7 455.9 454.0 138

m ean 12.510 2.539 31.762 50 75 202 20 440.2 0.183 504.0 12.54 58.75 9.16 1.59 14.550 17.5 54.2 463.9 443.5 125
A2 B 12.443 2.493 31.025 50 75 217 20 317.0 0.120 397.7 15.79 61.5 8.75 1.47 12.863 23.0 58.5 340.6 341.0 129

C 12.497 2.470 30.867 50 75 218 20 315.8 0.096 398.9 16.61 62.0 8.48 1.64 13.907 24.0 54.9 339.3 340.1 154
D 12.447 2.480 30.868 50 75 218 20 332.6 0.175 416.6 18.44 63.5 8.98 1.59 14.278 27.0 53.7 351.1 344.6 91

m ean 12.462 2.481 30.920 50 75 218 20 321.8 0.130 404.4 16.94 62.33 8.74 1.57 13.683 24.7 55.7 343.7 341.9 125
A3 B 12.483 2.470 30.834 50 75 220 20 300.9 0.099 373.0 15.19 61.25 8.4 1.43 12.012 22.5 61.0 323.6 324.8 139

C 12.503 2.430 30.383 50 75 212 20 298.9 0.123 371.5 14.54 60.75 8.71 1.59 13.849 21.5 54.4 320.2 321.0 116
D 12.690 2.417 30.668 50 75 218 20 300.9 0.157 371.7 13.3 60.0 8.58 1.65 14.157 20.0 53.8 320.8 317.1 93

mean 12.559 2.439 30.628 50 75 217 20 300.3 0.126 372.1 14.35 60.67 8.56 1.56 13.339 21.3 56.4 321.5 321.0 116
A5 B 12.493 2.537 31.691 50 75 171 20 431.4 0.142 495.4 11.40 58.75 8.99 1.54 13.845 17.5 56.3 459.5 458.2 145

C 12.477 2.533 31.608 50 75 184 20 412.2 0.176 491.7 11.31 58.75 8.63 1.46 12.600 17.5 60.1 437.2 423.3 116
D 12.717 2.547 32.385 50 75 211 20 409.3 0.108 486.6 12.82 59.5 8.77 1.37 12.015 19.0 62.9 443.6 446.6 170

mean 12.562 2.539 31.895 50 75 189 20 417.6 0.142 491.2 11.84 59 8.80 1.46 12.820 18.0 59.8 446.7 442.7 144

m ean 12.527 2.496 31.268 50 75 207 20 346.3 0.1 418.8 16.9 62.4 8.6 1.50 12.7 24.8 59.5 370.4 365.7 127
CO V 0.00 0.02 0.02 0 0 0.06 0 0.23 0.26 0.19 0.41 0.08 0.06 0.13 0.17 0.42 0.12 0.22 0.20 0.08
NOTES:

Specimens employed in the Shake Table tests were manufactured from lengths A l, A2 and A3. The composite specimens were made from steel length Al



Table 3.4 Material properties obtained from tensile coupon tests (samples from 50x25x2.5RHS).

Section
length

Face b
{mm)

t
{mm)

So
{mm^)

L„
{mm)

Lc
{mm)

L,
{mm)

B
{mm)

R ,
{MPa)

ALe
{mm)

Rm
(MPa)

ALu
(mm)

Lu
(mm)

b u  tu  Su  
(mm) (mm) (mm^)

AsOmm
( %)

Z
(%)

Rp0,2
(MPa)

Rto,s
(MPa)

E
(kN/mm^)

BO B 12.647 2.470 31.237 50 75 208 20 260.2 0.082 327.3 27.41 70.25 8.17 1.19 9.722 40.5 68.9 284.8 288.0 138
C 12.680 2.497 31.658 50 75 205 20 279.8 0.079 336.8 27.44 70.0 8.49 1.14 9.679 40.0 69.4 310.3 315.5 151
D 12.567 2.507 31.500 50 75 207 20 283.7 0.074 332.9 24.17 67.75 8.04 1.07 8.603 35.5 72.7 311.8 315.0 159

mean 12.631 2.491 31.465 50 75 207 20 274.6 0.078 332.4 26.34 69.33 8.23 1.13 9.335 38.7 70.3 302.3 306.2 149
Bl B 12.500 2.457 30.708 50 75 215 20 264.7 0.085 330.1 28.09 70.75 8.02 1.39 11.148 41.5 63.7 289.8 293.0 133

C 12.567 2.487 31.249 50 75 216 20 297.2 0.116 338.4 23.75 67.75 8.61 1.43 12.312 35.5 60.6 321.5 323.5 117
D 12.560 2.493 31.316 50 75 213 20 294.3 0.132 339.3 26.22 69.75 8.15 1.34 10.921 39.5 65.1 317.1 315.9 104

mean 12.542 2.479 31.091 50 75 215 20 285.4 0.111 335.9 26.02 69.42 8.26 1.39 11.460 38.8 63.1 309.5 310.8 118
B2 B 12.330 2.437 30.044 50 75 217 20 275.9 0.129 332.2 32.07 74.25 8.23 1.34 11.028 48.5 63.3 294.5 294.9 100

C 12.547 2.460 30.865 50 75 212 20 306.7 0.156 339.8 24.88 68.75 8.44 1.45 12.238 37.5 60.3 325.1 322.3 93
D 12.460 2.480 30.901 50 75 210 20 300.3 0.120 341.4 29.20 72.75 8.29 1.4 11.606 45.5 62.4 324.0 324.0 110

mean 12.446 2.459 30.603 50 75 213 20 294.3 0.135 337.8 28.72 71.92 8.32 1.40 11.624 43.8 62.0 314.6 313.7 101
B3 B 12.383 2.467 30.546 50 75 196 20 269.5 0.118 330.7 27.86 69.75 8.31 1.27 10.554 39.5 65.4 291.4 294.7 104

C 12.453 2.470 30.76 50 75 213 20 296.3 0.097 341.4 24.30 68.0 7.97 1.32 10.52 36.0 65.8 289.4 292.7 139
D 12.513 2.473 30.95 50 75 215 20 311.3 0.174 340.9 24.17 68.0 8.3 1.41 11.703 36.0 62.2 327.3 322.4 86

mean 12.450 2.470 30.752 50 75 208 20 292.3 0.130 337.6 25.44 68.58 8.19 1.33 10.926 37.2 64.5 302.7 303.3 109
B4 B 12.593 2.440 30.728 50 75 228 20 268.6 0.095 332.4 27.00 70.0 8.51 1.09 9.276 40.0 69.8 293.0 296.2 128

C 12.537 2.467 30.924 50 75 230 20 303.9 0.145 338.7 25.25 68.75 8.28 1.17 9.688 37.5 68.7 323.7 320.8 95
D 12.517 2.477 31.000 50 75 237 20 288.0 0.097 337.9 20.99 66.0 8.19 1.12 9.173 32.0 70.4 318.9 324.1 138

mean 12.549 2.461 30.884 50 75 232 20 286.8 0.112 336.3 24.41 68.25 8.33 1.13 9.379 36.5 69.6 311.9 313.7 121

mean 12.524 2.472 30.959 50 75 215 20 286.7 0.1 336.0 26.2 69.5 8.3 1.3 10.5 39.0 65.9 308.2 309.5 120
COV 0.01 0.01 0.01 0 0 0.05 0 0.03 0.20 0.01 0.06 0.02 0.01 0.11 0.11 0.07 0.06 0.02 0.02 0.15
NOTES:

Specimens employed in the Shake Table tests were manufactured from lengths Bl, B2 and B3. The composite specimens were made from steel length B l.



Table 3.5 Material properties obtained from tensile coupon tests (samples from 20x20x2.0SHS).
Section
length

Face b
{mm)

t
{mm)

So
{mm^)

Lo
{mm)

L c
{mm)

L,
{mm)

B
{mm)

K
{MPa)

ALe
{mm)

Rm
{MPa)

A Lu
{mm)

Lu
{mm)

bu
{mm)

tu
{mm)

Su
{mm^)

AsOmm
(%)

z
{%)

RpO,2
{MPa)

R|0,5
{MPa)

E
{kN/mm̂ )

CO B 12.783 2 .0 8 0 2 6 .5 8 9 50 75 207 20 287 .8 0 .1 0 4 308 .4 13.48 60 .0 7 .94 1.03 8 .178 2 0 .0 69 .2 311 .7 313 .0 123
C 12.593 2 .053 2 5 .8 5 8 50 75 201 20 278 .2 0 .078 312 .9 16.24 61 .75 7 .52 0 .99 7 .445 23 .5 71 .2 308 .0 3 12 .0 156

D 12.470 2 .0 4 7 2 5 .5 2 2 50 75 191 20 280.5 0 .105 310.6 19.65 64.5 7 .34 0.97 7 .120 29 .0 72.1 302 .4 303.1 120

mean 12.616 2.060 25.990 50 75 200 20 282.2 0.096 310.6 16.46 62.08 7.60 1.00 7.581 24.2 70.9 307.4 309.4 133
C l B 12.430 2 .0 2 7 25.191 50 75 200 20 320 .3 0 .143 346.1 9 .12 57 .0 8 .10 1.10 8 .910 14.0 64 .6 342.1 340 .5 106

C 12.533 2 .033 2 5 .4 8 4 50 75 201 20 315 .6 0 .1 2 0 342 .6 9.61 57.75 7 .97 1.10 8 .767 15.5 65 .6 3 37 .8 338 .8 120
D 12.487 2 .0 4 0 2 5 .473 50 75 2 0 4 20 299 .9 0 .075 343.1 9.85 57.5 8.23 0 .94 7 .736 15.0 69 .6 334 .4 340 .7 172

mean 12.483 2.033 25.383 50 75 202 20 311.9 0.113 343.9 9.53 57.42 8.10 1.05 8.471 14.8 66.6 338.1 340.0 133
C2 B 12.317 2 .0 8 7 25.701 50 75 173 20 305 .7 0 .163 326 .8 10.19 57.75 7.82 1.07 8 .3674 15.5 67 .4 325.1 319 .7 92

C 12.277 2 .0 6 7 2 5 .3 7 2 50 75 178 20 295 .9 0 .119 326 .7 11.63 58.75 7 .78 1.22 9 .4916 17.5 62 .6 321 .5 323.1 115
D 12.503 2 .0 2 0 2 5 .2 5 7 50 75 177 20 299 .0 0 .125 325 .5 9 .00 57 9 .46 1.28 12.109 14.0 52.1 322 .8 3 23 .6 113

mean 12.366 2.058 25.443 50 75 176 20 300.2 0.136 326.3 10.27 57.83 8.35 1.19 9.989 15.7 60.7 323.1 322.1 107
C3 B 12.427 2 .0 1 7 2 5 .0 6 50 75 176 20 337 .0 0 .220 340 .0 8.96 57 8.55 1.33 11.372 14.0 54 .6 334 .3 339 .4 75

C 12.447 2 .0 2 0 2 5 .1 4 2 50 75 176 20 333 .2 0 .163 342.5 8.40 50.75 8.47 1.42 12.027 1.5 52 .2 340 .4 342 .0 97
D 12.343 2 .013 24.851 50 75 178 20 3 06 .4 0 .102 340 .4 9 .7 4 56.5 8 .26 1.33 10.986 13.0 55 .8 334 .5 3 37 .4 165

mean 12.406 2.017 25.018 50 75 177 20 325.5 0.162 341.0 9.03 54.75 8.43 1.36 11.462 9.5 54.2 336.4 339.6 112
C 4 B 12.407 2 .077 2 5 .765 50 75 176 20 2 8 4 .4 0 .057 333 .0 9 .70 57.5 8.43 1.51 12.729 15.0 50 .6 325 .5 332.1 219

C 12.317 2 .0 9 0 2 5 .7 4 2 50 75 177 20 282 .7 0 .057 324 .0 14.10 60.5 7 .74 1.21 9 .3 6 5 4 21 .0 63 .6 313 .0 319 .2 144

D 12.437 2 .0 3 0 2 5 .2 4 6 50 75 177 20 8.44 56 .75 10.12 1.43 14.472 13.5 42 .7
mean 12.387 2.066 25.584 50 75 177 20 283.6 0.057 328.5 10.75 58.25 8.76 1.38 12.189 16.5 52.3 319.3 325.7 182

mean 12.451 2.047 25.484 50 75 186 20 300.7 0.1 330.1 11.2 58.1 8.2 1.2 9.9 16.1 60.9 324.8 327.3 133
COV 0.01 0.01 0.01 0 0 0.07 0 0.06 0.35 0.04 0.27 0.05 0.05 0.15 0.20 0.33 0.13 0.04 0.04 0.22
NOTES:

1) Due to comers o f 20x20x2.0SHS the thickness o f the grip area is reduced near the edges.
Specimens employed in the Shake Table tests were manufactured from lengths C2, C3 and C4. The composite specimens were made from steel length C4.
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Table 3.6. Material properties obtained from tensile coupon tests (taken from steel for 3300/m/m long 
cyclic specimens)

Section Face b t So Re Rm Rp0,2 E
length (mm) {mm) {mm^) (MPa) (MPa) (MPa) (kN/mm^)
A7 B 12.36 2.51 31.02 314.7 370.7 344.1 192

C 12.23 2.56 31.32 297.1 343.3 326.5 111
D 12.53 2.46 30.88 311.8 364.3 338.2 151

Mean 12.37 2.51 31.07 307.9 359.4 336.3 173
A8 B 12.51 2.52 31.58 317.6 372.0 345.6 277

C 12.37 2.51 31.05 300.0 362.3 339.4 322
D 12.64 2.54 32.15 290.6 357.7 340.6 422

Mean 12.51 2.52 31.59 302.7 364.0 341.9 340
B7 B 12.57 2.45 30.85 322.7 494.4 450.0 199

C 12.50 2.56 32.08 407.7 475.3 _ * 264
D 12.50 2.53 31.67 345.5 521.0 475.9 210

Mean 12.52 2.51 31,53 358.6 496.9 463.0 224
C l B 12.61 2.23 28.11 376.9 444.6 419.2 169

C 12.61 2.24 28.34 355.0 441.1 415.4 183
D 12.59 2.22 28.05 369.2 436.7 400.0 246

Mean 12.60 2.23 28.17 367.0 440.8 411.5 199
C8 B 12.50 2.10 26.25 411.5 466.7 446.2 169

D 12.50 2.10 26.25 403.8 457.1 445.8 181
Mean 12.50 2.10 26.25 407.7 461.9 446,0 175

Mean 348.8 424.6 399.7 222
COV 0.13 0.14 0,15 0.31
N otes:
One o f  the coupons for C8 failed outside the gauge length, and hence its results are not included.
Steel length B4 was used to manufacture Specimen CyLS7-50F. Coupon results for this length are given in Table 3.4.
* Graph not long enough to get reading!

3.3.2 Section tensile strengths

A specific feature o f  cold-formed elements is that their yield strength can locally increase due to 

cold working. Eurocode 3 (CEN, 1996) therefore defines an average yield strength fya, which may 

be detennined from the results o f  full size tests or by the expression

f  + f  h
f y a  = f y b  ~ f y b )  but (Eqn. 3.3)

Ag L

where:

t = the material thickness before cold-forming {mm)-,

Ag = the gross cross-sectional area

k = a numerical coefficient that depends on the type o f  forming {k = l  for cold-rolling and k 

= 5 for other methods o f forming);

n = the num ber o f 90° bends in the cross-section with an internal radius r < S t (fractions o f 

90° bends are counted as fractions o f «);

fyb = the basic yield value o f sheet (nominal value is 235N/mm^ (E N 10025));

/„  = the basic ultimate tensile strength o f sheet (nominal value is 360N/mm^ (EN 10025)).

56



Specimen Details & Complementary Test Set-up

The American Standard (AISI, 1996) also provides specific expressions to evaluate the increase in 

basic yield strength due to strain hardening:

F y , = C F y , + { \ - C ) F y f  (Eqn.3.4)

in which:

F y c = - ^  (Eqn.3.5)
 ̂ ( /?/ / )

Fu= 3 .6 9 ^ - 0 .8 1 9
2

•1.79 (Eqn. 3.6)

w = 0 .1 9 2 ^ - 0 .0 6 8  (Eqn. 3.7)

where:

Fya = the full-section tensile yield strength;

Fyc = the average tensile yield strength of the comers;

Fyf= the average tensile yield strength of the flat;

Fy = the virgin yield strength;

Fu = the virgin ultimate strength;

C  = the ratio of comer area to total cross-sectional area;

R = the inside-bend radius; 

t = the sheet thickness.

Using nominal and measured yield and ultimate strength values, the computed yield strengths of 

the various sections tested are given below in Table 3.7. Nominal yield and ultimate strength 

values o f 235M Pa  and 360M Pa  were used respectively. The measured values were obtained from 

the tensile coupon tests. In Chapter 4, these estimates are compared with the yield strengths 

obtained from the tensile tests on short specimens.

Table 3.7 Estimated average section yield strengths

Section Ag (mm^) t {mm) fya {MPa)
(EC3)

Fya {MPa) 
(ASTM)

fya {MPa)
(EC3)

Fya {MPa) 
(ASTM)

40x40x2.5SHS 359 2.5 295.8 273.2 379.6 374.0

20x20x2.0SHS 132 2.0 297.5 308.7 311.4 326.8

50x25x2.5RHS 338 2.5 297.5 270.4 315.4 314.9

Notes:
1) Calculated using nominal basic (virgin) yield and ultimate strength values.
2) Calculated using average yield and ultimate strength values from tensile coupon tests.
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3.4 MORTAR DESIGN AND ASSESSMENT

Several mortar mix designs were assessed to determine which was most suitable for use in the 

composite specimens (Goggins & Broderick, 2003). The water content, sand/cement ratio and 

admixtures added to the mix were varied in the designs. It was envisaged that there would be 

difficult to compact the mortar in the slender hollow steel sections. Therefore, a self-compacting 

concrete admixture was added to the mix. The admixture used was ADVA® Flow 340 obtained 

from Grace Construction Products. ADVA® Flow 340 is extremely dose efficient, allowing the 

production o f very high flow and self-compacting mortar without excessive admixture dosage, and 

at ‘norm al’ water contents. As with most products o f this type, the magnitude o f the effect 

obtained with ADVA® Flow 340 is governed by the quantity o f  product used, water-cement ratio, 

and the specific nature o f  the mortar and its constituent materials (Neville, 1995). It was necessary, 

therefore, to assess performance o f the design mortar using site materials to determine optimum 

dosage and effect on both plastic and hardened properties, such as cohesiveness, workability, set 

characteristics, early rate o f  strength gain, ultimate compressive strength, tensile splitting strength 

and shrinkage. It was decided to use an addition level o f 1.0% ADVA® Flow 340 volume per 

weight o f cement.

The shrinkage o f the mortar was also relevant. Mortar tends to change volume as a result o f  drying 

shrinkage. However, in the filled specimens, the m ortar is restrained from shrinking by the bond it 

forms with the inside faces o f the hollow steel section and, hence, tensile stresses high enough to 

cause cracking may occur. In addition, the greater the longitudinal shrinkage o f  the mortar, the 

more the hollow steel section will have to deform in compression prior to the concrete becoming 

effective in resisting axial load.

Therefore, a shrinkage reducing admixture was also added to the mix design. The admixture used 

was Eclipse® Shrinkage Reducing Admixture, also obtained from Grace Concrete Products. This 

product works by reducing the surface tension o f water, which is the primary driver in the 

predominant mechanism causing shrinkage (Balogh, 1996). The recommended addition rate to 

maximise the effectiveness o f Eclipse is 2% by weight o f  cement. Eclipse weighs approximately 

0.93kg/L. Therefore, for a mix design with 10kg o f cement, 0.20kg or 0 .2 15L o f Eclipse should be 

added.

Eclipse contains no water but is added at fairly high dosages and so is accounted for in the mix 

design. Therefore, an equal volume o f  water, say 0 .2 15L in the above example, is replaced with 

the volume o f Eclipse used in the mix.

58



Specimen Details & Complementary Test Set-up

3.4.1 Trial mix designs

The mortar design mixes were divided into three categories according to the admixtures added to 

the mix, namely A, B and C. Type A is the standard fine aggregate (sand)/cement mortar with no 

additives, mix type B contains the self-compacting admixture (ADVA Flow® 340), and mix type C 

contains both the self-compacting admixture and the shrinkage reducing admixture (Eclipse®). A 

summary o f the m ortar mix designs is provided below in Table 3.8.

Table 3.8 M ortar mix designs

Mix
Name

Mix
Designation
1)

Water/
cement
ratio

Volume 
o f m orta r
(m ’)

Mass of fine 
aggregate 
(sand)^’ (kg)

Mass of
cement
(kg)

Water
(L)

ADVA 
Flow® 
340 (L)

Eclipse*
(L)

A iii 0.53 0.0195 33.10 5.39 2.855 0 0
A 2 i 0.53 0.020 34.00 10.04 5.321 0 0
B2 i 0.53 0.020 34.00 10.04 5.321 0.100 0
C i 0.38 0.020 34.00 10.04 3.800 0.100 0.216
C l i 0.68 0.020 34.00 10.04 6.812 0.100 0.216
C2 i 0.51 0.020 34.00 10.04 5.105 0.100 0.216
C3 i 0.51 0.020 34.00 10.04 5.105 0.100 0.216

Notes:
1) A ccording to B S4551: Part 1: 1998 (B Si, 1998).
2) Volum e o f  mortar multiplied by 1700kg/m^ to obtain the mass o f  fine aggregate.
3) U sed for shake table tests (N T U A ).
4) Used for com plem entary tests (TC D)._________________________________________________________________

3.4.2 Mortar test details

Tests to investigate the following properties o f  each o f the design mixes were carried out in the 

concrete laboratories at Trinity College Dublin:

• Compaction

• Compressive strength

• Shrinkage

• Tensile splitting strength.

The compressive strength and tensile splitting strength o f the m ortar were determined after 7 and 

28 days for each mix design in accordance with BS4551:Part 1 (BSI, 1998) and BS EN 12390-2 

(BSI, 2000b), respectively. Sample data sheets for compressive strength and tensile splitting 

strength tests are provided in Appendix A. The shrinkage tests were conducted in accordance with 

the provisional European Standard prEN 1015-13 (BSI, 2002). Shrinkage readings were taken 

daily, up to 28 days after pouring. The relative humidity (RH) and temperature o f  the storage room 

were also monitored daily, as these were expected to affect the magnitude o f shrinkage. PrEN 

1015-13 (BSI, 2002) specifies storage conditions o f temperature and relative humidity o f 20°C ± 

2°C  and 50% R H  ± 5% R H  respectively. However, it was not possible to replicate these storage 

conditions with the current facilities available in the Structures laboratory at Trinity College
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Dublin. The main objective o f these tests was to identify a mortar with low shrinkage, rather than 

quantify the amount o f shrinkage and, therefore, the relative humidity was permitted to vary (68 -  

82% RH) outside the recommended range. The readings taken are provided in Appendix A.

A separate test was conducted to investigate the likely adequacy o f the compaction in slender 

hollow sections. This was done by filling  a 20mm (internal diameter 17.5mm) plastic tube o f 

length 3000mm with mortar. The tube was split open after 7 days and the mortar inspected for 

quality o f compaction. Samples o f the specimens extracted from the tube are displayed in Figure 

3.5.

Figure 3.5 (a) Plastic tube used to investigate the adequacy in compaction of the mortar, (b)
Samples extracted from the tube for various mixes.

3.4.3 Mortar test results

The results o f the mortar strength and shrinkage tests are given in Table 3.9, with the shrinkage test 

results illustrated in Figure 3.6. “ M ix A ”  was the first design mix assessed. However, when the 

plastic tube containing this mix was opened, it was found to be empty or only partially-filled in 

parts, although it was well compacted elsewhere. Significant shrinkage o f the mortar was also 

noted close to the ends o f the tubes. The changes in length o f the M ix A shrinkage test specimens 

were also large (Figure 3.6).
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Figure 3.6 (a) Change in length of shrinkage test specimens after demoulding. (b) Shrinkage test 
specimens with humidity and temperature monitor.

Self-compacting and shrinkage reducing admixtures were added to the next mix design (“ M ix C” ), 

while the water content was reduced and the cement content increased. This mix displayed higher 

strengths and less shrinkage than M ix A, however, its water content was not sufficient to allow the 

admixtures to be distributed evenly throughout the mix, and hence they were not effective. The 

water/cement ratio o f the next mix design, namely “ M ix C l” , was increased to 0.68. The 

compressive and tensile splitting strengths o f this mix design were greater than those o f the 

previous mixes, as indicated in Table 3.9. Also, the changes in length o f the shrinkage test 

specimens for M ix C l were o f similar magnitude to that o f M ix C, even though M ix C l had a 

higher water/cement ratio (Figure 3.6). However, when the tube containing M ix C l was split, the 

mortar seemed to have consolidated and the cement settled to the bottom o f the tube. This is
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evident in the photo in Figure 3.5(b) where the bottom third o f the sample is dark and smooth, 

while the top third is lighter in colour, slightly grainy and less dense. Significant surface air voids 

were also evident throughout the length of the specimen.

On the basis of the tests conducted on the previous mix designs, a design mix “Mix C2” was used 

to fill the steel hollow sections for the shake table tests at the National Technical University of 

Athens. The composition of this design mix is given in Table 3.8. Its water/cement ratio is 0.51, 

with the percentages by mass of cement and fine aggregate (sand) on the dry mass o f the mix being 

22.8 and 77.2 percent respectively. From the results given in Table 3.9, it can be seen that the 

properties of the hardened mortar improved for this design mix, with its compressive and tensile 

splitting strengths at 28 days being 24 N/mm^ and 2.23 N/mm^ respectively. The rate of shrinkage 

also reduced with this design mix, as is apparent from Figure 3.6.

Mix C3, which has a similar composition to Mix C2, was used to fill the hollow sections for the 

complementary tests at Trinity College Dublin. No shrinkage tests were carried out for this batch, 

however, its compressive and tensile strengths were similar to those for Mix C2, as indicated in 

Table 3.9.

For completeness, two more design mixes were produced, namely Mix B2 and Mix A2. The 

composition of these mixes was similar to Mix C2, but Mix B2 had no shrinkage reducing 

admixture, while Mix A2 contained no admixtures at all. The compositions o f these mix designs 

are detailed in Table 3.8. Figure 3.6 suggests that the shrinkage reducing admixture significantly 

reduces the rate of shrinkage of the mortar, with the reduction in the mean shrinkage value at 28 

days of Mix C2 being approximately 40% (Table 3.10). It also suggests that the use of the self 

compacting admixture has a negligible effect on the amount o f shrinkage a mortar experiences. 

Similarly, Figure 3.7 indicates that the shrinkage reducing admixture has a negligible effect on the 

strength o f the mortar provided the water content of the mixture is reduced by an amount equal to 

the volume of admixture added. However, the addition o f the self-compacting admixture 

appreciably increases the strength of the mortar. Both the compressive and tensile splitting 

strengths of Mix B2 and Mix C2 are more than 35% greater than the equivalent strengths of Mix 

A2. The effects o f the admixtures on the compressive strength, tensile splitting strength and 

reduction of shrinkage are summarised below in Table 3.10.
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Table 3.9 Test results for m ortar mix designs

Mix
Design

C om pressive
strength
(N/mm^)

Tensile
splitting
strength

Mean shrinkage value 
(/m /m )

Mean specific length  
variation (%)

7 28 1 28 7 14 28 7 14 28
days days days days days days days days days days

A 5.6 8.0 0.53 0.67 0.084 0.108 0.125 0.05 0.07 0.08

A2 11.2 17.6 1.31 1.61 0.055 0.091 0.121 0.03 0.06 0.08

B2 17.6 24.2 1.80 2.19 0.051 0.090 0.119 0.03 0.06 0.07

C 10.8 14.8 1.27 1.85 0.037 0.060 0.079 0.02 0.04 0.05

C l 13.5 18.7 1.30 1.87 0.026 0.052 0.081 0.02 0.03 0.05

C2 17.8 24.5 1.53 2.23 0.018 0.038 0.072 0.01 0.02 0.05

C3 17.7 23.6 1.97 2.53

Notes:
1) These values are relative to the length of the specimens after demoulding (i.e. after 2 days).
2) No shrinkage tests carried out on mix C3.

Table 3.10 Adm ixture effect on m ortar properties

Mix Reference 

"M ix A2"

ADVA Flow® 340(1% ) '* 

"Mix B2"

ADVA Flow® 340(1% )  
& Eclipse® (2.0% ) 

"M ix C2"
Water-cement ratio 0.53 0.53 0.51

Water reduction (%) - - 4

7-day compressive 
strength (N/mm^)

11.2 17.6 
(157% o f ref.)

17.8 
(159% o f ref.)

28-day compressive 
strength (N/mm^)

17.6 24.2 
(138% o f re f)

24.5 
(139% o f re f)

7-day tensile splitting 
strength (N/mm )

1.31 1.80 
(137% of re f)

1.53 
(117% o f re f)

28-day tensile splitting 
strength (N/mm )

1.61 2.19 
(136% o f re f)

2.23 
(139% o f ref.)

7-day shrinkage 
(mm)

0.055 0.051 
(93% o f re f)

0.018 
(33% o f re f)

14-day shrinkage 
(mm)

0.091 0.090 
(99% o f ref.)

0.038 
(42% of ref)

28-day shrinkage 
(mm)

0.121 0.119 
(98% o f ref.)

0.072 
(59% of ref.)

Notes:
1) Percentage volume by weight o f cement.
2) Percentage weight by weight o f cement.
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Figure 3.7 Admixture effect on mortar strength.

3.5 SPECIMEN MANUFACTURE

Similar methods were employed to manufacture the short, intermediate and long specimens. The 

hollow steel sections were cut to the required length. Their ends were milled to ensure a flat 

surface at 90° to the long axis. Slots 8/w/w wide and \29mm long (height o f stiffener plus the radius 

o f the drill bit) were milled at both ends o f the member to allow the stiffeners to pass through. 

Base plates and stiffeners were cut from lengths o f 200x20/w/w and 100x8/«/n grade S275 flat, 

respectively. These were welded into position with Smm fille t welds, which were manually formed 

using a MIG welder. The stiffeners were welded in position first, followed by the end plates. 

Initially, the short specimens were positioned on the base plate by taking constant measurements, 

and tacking the section in place, before a continuous fille t weld was applied. However, this was 

deemed unsatisfactory as there was significant ‘pulling over’ o f the base plates during welding, and 

the base plates were neither aligned correctly nor parallel after the welding was complete (Figure 

3.8). To counteract this problem two solutions were used, depending on the length o f the 

specimen. For the short samples, the two base plates were clamped together with four lengths o f 

M I6  threaded, which allowed the separation distance to be set very accurately. This ensured that 

the base plates o f the specimens were parallel, the holes aligned properly and all test specimens 

were o f the same length. For longer specimens, a jig  was formed by accurately lining up two 

plates, identical to those used for the base plates o f the specimens, and welding these, at the 

required separation distance, to a large plate girder, as shown in Figure 3.9. The base plates o f the 

specimen were bolted to these. A SOmm spacer was then placed under the stiffener and the hollow 

section was welded to the base plates. The specimens were left in position in the jig  until they had 

cooled.
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Figure 3.8 Base plates o f specimen non-parallel (exaggerated)

s e  p t o t e
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50nn high s p a c e r  b lo c k s

RSJ n o t  show n F o r  c l a r i t y

Figure 3.9 Jig for m anufacturing longer specim ens

To determine if  the initial out-of-straightness o f the longer specimens had an influence on the 

direction in which the specimen buckled during testing, an initial longitudinal axis profile was 

produced for each specimen. This was achieved by re-placing the specimen in the jig  and 

measuring the vertical distance from the top o f the RSJ to each face o f  the specimen at set distances 

along the specimen. However, no significant relationship between the initial profile o f  the 

specimens and their final buckled shape was observed.

The composite specimens were manufactured by a similar procedure to the steel specimens. 

However, the specimens were filled with mortar prior to welding the stiffener into position and a 

glass fibre resin was used to fill the area around the stiffener before the end plates were added. 

Special attention was taken to ensure good compaction o f the mortar. The hollow sections were 

filled in small layers, with each layer being tamped with an appropriately sized steel rod. After at 

least 14 days, the mortar was removed from the ends o f the specimens, up to a height o f  125ww 

from each end, and the 8ww thick stiffeners were welded into place. The area surrounding the 

stiffener was then filled with the glass fibre resin (“Plastic Padding Glass Fibre Resin”). This was 

activated with approximately 3% hardener paste (Dibenzoyl Peroxide, paste with plasticizer). The 

setting time for the resin was approximately 20-30mins. The ends o f  the specimens were then 

ground flat prior to welding o f the base plates.

65



Specimen Details & Complementary Test Set-up

Five cylindrical samples, with a nominal diameter and height o f 'ilAmm  and 2\mm, respectively, 

were prepared from each batch o f  glass fibre resin and m onotonically tested in compression. The 

average compressive strength o f the resin was found to be 1 \AMPa, which is over 4.5 times that o f 

the mortar.

3.6 TEST RIG AND INSTALLATION 

3.6.1 Test rig

The short and intermediate length specimens were tested in an RDP Group hydraulic testing 

machine, depicted in Figure 3.10. The frame has four hydraulic locks allowing accurate 

positioning o f the upper loading platen, to which a 500^A^ hydraulic actuator is attached, allowing 

specimens o f different lengths to be tested. The same test set-up was used for both the monotonic 

and cyclic tests. However, the 3300ww long specimens could not be tested in this rig due to the 

limited clearance available. Therefore, another similar test rig with a greater clearance and a fixed 

upper platen was employed in testing the long cyclic specimens. This test rig had a 1000^// 

hydraulic actuator attached to its lower platen. A detailed description o f  this test rig is given in 

Lucas (2003).

3.6.2 Specimen boundary conditions

For the tensile static tests, a pinned connection was employed at both ends o f the specimen and, 

hence, the cylinders with adjustable screws (indicated as number 4 in Figure 3.10) were omitted. It 

should be noted that the upper and lower connections in the test rig are pinned in one direction only 

and were always orientated in mutual orthogonal directions.

For the cyclic and monotonic compressive tests, in the first test on each section size the seam weld 

o f the hollow section faced forward in the test rig as shown in Figure 3.10. In the second test o f 

each pair, the specimen was rotated 90 degrees clockwise in the test-rig to investigate whether 

slightly non-parallel loading platens, non-parallel end plates, or small rotation o f  the connection 

caused the specimen to buckle in one direction rather than another. It was observed that the 

orientation o f the specimen in the test rig did not influence the axis about which it buckled for the 

stockier specimens (40x40x2.5SHS and 50x25x2.5RHS). However, it did influence the direction 

o f buckling for the more slender specimens.
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1: Specimen, 2: Base platen, 3: Collet lock, 4: Stirrup, 5: Cylinder with adjustable screws to 
make rigid coimection, 6: External LVDT, 7: Magnetic stand to hold LVDT in place, 8: 
400kN Load Cell, 9: Link between Load Cell and actuator, 10: Lock wedges, 11: Moveable 
upper platen, 12: Servo controller, 13: 500kN Actuator, 14: Internal LVDT.

Figure 3.10 Test set-up for static and intermediate length cyclic tests
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3.6.3 Specimen installation

A standard procedure was followed when installing the specimens into the test rig. This was 

designed to minimise the preload imposed when tightening the connecting bolts. First, the distance 

between the loading platens was set to approximately the total length o f the specimen and the 

bottom plate o f the specimen fixed to the loading rig. The loading ram was then carefully moved 

down close to the top o f  the specimen and the bolts were loosely tightened in the top plate. Six 

M16 bolts were used to connect each end plate to the loading rig for the tensile and cyclic tests, 

while only two bolts were used for the compressive tests. An external LVDT was then placed in 

position and the data readings from all instrumentation zeroed. The data acquisition system was 

then set recording. Following this, the top platen was moved down until it touched the top plate o f 

the specimen and the bolts were tightened. The position o f the top loading platen was then adjusted 

slightly until approximately zero load was applied to the specimen. The specimen was then ready 

for testing.

3.7 LOADING AND TEST CONTROL

The testing procedure used for these tests was developed as a European reference standard (ECCS, 

1986) for the cyclic testing o f structural steel specimens. This testing procedure is very similar to 

the American version known as ATC-24 (Applied Technology Council, 1992). This reference 

standard was developed because the actual response o f  a steel elem ent to a cyclic load may be far 

removed from the elastic-plastic behaviour that is assumed in m any national building codes (for 

example, Eurocode 3, BS 5950).

Two separate testing procedures are set out in the ECCS document. The first method is known as 

the “Complete Testing Procedure” and involves both monotonic and cyclic testing o f specimens to 

obtain a complete picture o f the response o f the element. The second method is known as the 

“Short Testing Procedure” and only uses cyclic testing. The “Complete Testing Procedure” was 

utilised in this experimental study.

3.7.1 Static monotonic tests

Both tensile and compressive monotonic displacement-controlled tests were performed. The yield 

strength o f steel is known to increase with the rate o f  loading, although the ultimate strength is 

unaffected. Strain rate also has a negligible effect on the elastic and strain-hardening moduli o f 

steel (Tremblay & Filiatrault, 1996). A very low rate o f  loading o f Q.0Q5mmlsec was applied, 

which ensured that the stresses in the test specimen had time to equilibrate before yielding 

occurred.
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The yield load and displacement from these monotonic tests were used to define the parameters o f 

the waveform used in the cyclic tests. There are a number o f  possible definitions o f the elastic 

yield force, Fy, o f  an element. For this experimental study, the following definition is taken. From 

a recorded force-displacement curve such as that shown in Figure 3.11, the elastic range limit, Fy, is 

calculated as follows:

• The tangent at the origin o f the curve is evaluated to give the elastic, or initial, stiffness o f the 

element, E,;

E /•  The secondary stiffness with a slope o f  Es = ^ m is c a lc u la te d ;

• The tangent to the curve with the secondary stiffness, Es, is found;

•  The intersection o f the initial stiffness and the secondary stiffness tangents defines the elastic

limit, Fy;

•  5y is the displacement value o f the intersection point.

F

5

Figure 3.11 Force-Displacement Curve

3.7.2 Cyclic tests

A cyclic displacement test with increasing amplitude (ECCS, 1986) was used. The imposed 

displacement waveform has the following characteristics:

S ~
• One cycle in the range;

4 4

2cJ-
• One cycle m t h e  , -------  range;

4 4

3 ;̂
• One cycle in t h e  ,  range;
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• One cycle in the 5 ^ ,  d~  range;

• Three cycles in the 2 5 '^, 2d~ range;

• Three cycles in the (2 + 2x \)5^ , (2 + 2n)S~  range, where n = 1, 2, 3, ...;

More cycles at each displacement interval may be added if necessary, as well as different intervals 

depending on the experimental requirements. The yield displacements, 5y, were deduced from the 

monotonic tensile tests on short specimens. The waveform is shown in Figure 3.12. In these tests

the period of the cycles was maintained at \20sec and ISOsec for the intermediate length (1 lOOmw)

and long {3300mm) specimens, respectively. The specimens were initially loaded in compression.

Figure 3.12: Cyclic displacement waveform for ECCS procedures 

3.7.3 Test control

The above waveform was created using the “Waveform Manager Plus V2.0” software package and 

then downloaded into a TTi TGA1240 40MHz Arbitrary Waveform Generator. The method by 

which the Arbitrary Wave Generator and other components interact to control the actuator and 

measure the load and displacement is illustrated in Figure 3.13.

The actuator command console, shown in Figure 3.14, receives a voltage signal from the Arbitrary 

Waveform Generator and passes it to the servo-valve control which opens, or closes, to move the 

actuator to the required position. Both the load cell and the actuator displacement transducer send 

a return voltage, Vre„ to the command console. The Vre, from the displacement transducer is 

compared to the original Fo„, signal. If the actuator has not reached the correct position, Fo„, is 

updated and sent to the servo-valve control.

This is a continuous process in the actuator command console and may be assumed to happen 

virtually instantaneously. At the same time, the return signals from the actuator load cell and
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displacement transducer are passed into a National Instruments PCA-M I0-16E-1 data acquisition 

card (DAQcard). This data is then written to the hard disk o f the computer.

An external LVDT placed on the actuator was used to verify the actuator’s internal LVDT 

displacement readings. The output from the Arbitrary Waveform Generator was verified visually 

using an oscilloscope. LVDT, load cell and strain gauge m easurements were logged to a System 

5000 Data Acquisition System.

Wave
generator

Voltage Signal
Oscilloscope

Computer software and 
DAQcard

Scanned Hard
DiskDataVoltage

Signal

Load and 
Disp Signal

Actuator
command
console

o u l
No further 

action

ret
YES

T  NO 
Updated Vout

Actuator 
control valve

Actuator with in
built displacement 
transducer

Return Signals from Displacement
Transducer and Load Cell

Load
Cell

Experimental
specimen

Figure 3.13 Flow chart detailing system  integration
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A diagram o f the test set-up is given in Figure 3.10, while the Arbitrary Waveform Generator, 

actuator command console and oscilloscope can be seen in Figure 3.14. The Arbitrary Waveform 

Generator was also used to control the rate o f loading for the monotonic tensile and compressive 

tests. A ramped response with a constant displacement rate o f 0.0052mmlsec was employed in 

these tests.

Figure 3.14 W ave generator, actuator command console and oscilloscope 

3.8 INSTRUMENTATION

The overall load displacement response, together with a measurement o f the local deformations o f  

the specimens was required in each test. Therefore, a load cell, linear variational displacement 

transducers (LVDTs) and strain gauges were employed.

The test actuator, depicted in Figure 3.10, contained an internal LVDT and a dedicated 400^A^ load 

cell. Prior to testing it was necessary to calibrate the dedicated load cell and LVDT. The LVDT 

was calibrated using an external LVDT, while also measuring the movement o f  the actuator with a 

vernier calliper. This external LVDT was an RDP Electronic Ltd. ACT200 LVDT with a linear 

range o f ±50mm  and sensitivity o f 2S.44mV/V/mm  with 5V(RM S) 5Hz energising supply. This 

LVDT was also employed during all tests, and it was found that its readings agreed well with those 

o f  the internal LVDT. The dedicated load cell was calibrated against a Mayes 250kN  load cell.
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The local deform ation response o f  the specim ens was determ ined using  up to fifteen strain gauges. 

These w ere C -930519-K  electrical resistance strain gauges, m anufactured  by M icro-M easurem ents 

Division o f  M easurem ents Group Inc., and had a nom inal resistance o f  350 .OQ ±  3%. These 

gauges were attached to  the slightly roughened, but w ell cleaned  specim en, as advised by the 

m anufacturers. They w ere used to m easure longitudinal strains in the tensile tests and both 

longitudinal and lateral strains in the com pressive and cyclic  tests. T he locations o f  these strain 

gauges for the m onotonic tests are show n in F igures 3.15 and 3.16, w hile their num bers are 

indicated in Tables 3.11 and 3.14. N o strain gauges w ere em ployed  on the long cyclic test 

specim ens.

__
VIEW C CVIEW B B VIEW D D

L
y,

PLAN 
( S e c t io n  X

Figure 3.15 Strain gauge locations for m onotonic tensile tests.
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Figure 3.16 Strain gauge locations for monotonic compressive tests.

Table 3.11 Strain gauge locations for monotonic tensile tests.
Location

ID
T S S 1 -4 0 H T S S 2 -4 0 H T S S 3 -4 0 H T S S 4 -4 0 H T S S 1 -4 0 F T S S 2-4 0F

Gauge
ID.

Distance
(mm)

Gauge
ID

Distance
(mm)

Gauge
ID

Distance
(mm)

Gauge
ID

Distance
(mm)

Gauge
ID

Distance
(mm)

Gauge
ID

Distance
(mm)

A 1 2 5 .8 1 3 0 .8 1 3 2 .7 - - 1 2 4 .6 - -

B 2 10 .6 2 14 .0 2 15.9 - - - - - -

C 3 9 .2 3 9 .9 3 11 .0 - - 2 11 .8 - -

D - - - - - - 1 6 6 .0 15 5 7 .0 1 7 4 .0

E 10 5 6 .0 10 6 4 .6 4 8 6 .5 3 6 4 .0 3 8 5 .3 3 8 3 .0

F 6 12 .2 6 10 .0 6 16 .7 11 2 1 .0 11 1 5 .0 11 2 7 .0

G - - - - - - 4 1 5 0 .0 4 137 .3 4 1 5 2 .0

H 7 6 0 .0 7 6 0 .0 7 6 0 .0 12 5 6 .0 12 6 0 .0 12 6 0 .0

I 8 6 0 .0 8 6 0 .0 8 6 0 .0 8 5 6 .0 8 6 0 .0 8 6 0 .0

J 9 6 0 .0 9 6 0 .0 9 6 0 .0 5 5 8 .0 5 6 0 .0 5 6 0 .0

K - - - - 15 6 0 .0 9 5 8 .0 9 6 0 .0 9 6 0 .0

L 4 6 0 .0 4 6 0 .0 10 6 0 .0 10 5 8 .0 10 6 0 .0 10 6 0 .0

M 5 6 0 .0 5 6 0 .0 5 6 0 .0 7 5 8 .0 7 6 0 .0 7 6 0 .0

N 11 11.5 11 10 .7 11 16.5 2 2 1 .0 13 2 1 .6 2 2 6 .0

0 - - - - - - 6 1 5 8 .0 6 1 3 7 .7 6 1 5 2 .0

P 12 82 .1 12 6 7 .5 12 66.1 - - - - - -

Q 13 9 .6 13 13 .4 13 16 .4 - - - - - -

R 15 2 4 .4 15 23 .1 14 2 0 .7 - - - - - -

S 14 9 ,8 14 9 .2 - - - - - - - -
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Table 3.12 Strain gauge locations for m onotonic com pressive tests.

Location ID CSS1-40H CSS2-40H CSS1-40F CSS2-40F
Gauge
ID.

Distance
(mm)

Gauge
ID

Distance
(mm)

Gauge
ID

Distance
(mm)

Gauge
ID

Distance
(mm)

Longitudinal
A 1 19.3 1 26.6 1 71.3 1 64.7
B 2 93.0 2 90.0 2 80.6 2 84.0
C 3 11.7 3 15.2 3 20.0 3 22.0
D 4 60.0 4 60.0 4 60.0 4 60.0
E 12 60.0 12 60.0 13 60.0 13 60.0
F 11 60.0 11 60.0 - - - -
G 9 60.0 9 60.0 9 60.0 9 60.0
H 7 60.0 7 60.0 7 60.0 7 60.0
1 6 60.0 - - 6 60.0 6 60.0
J 5 12.8 5 16.5 5 13.9 5 22.3

Lateral

K 10 14.8 10 19.6
L - - 6 60.0 - - - -
M - - 15 60.0 14 60.0 14 60.0
N 10 60.0 10 60.0 11 60.0 11 60.0
0 8 60.0 8 60.0 8 60.0 8 60.0
P - - - - 15 136.0 15 138.4

Q - - 14 21.0 12 12.6 12 18.3
R - - 13 137.0 - - - -

3.9 SUMMARY

This chapter provided a detailed account o f information related to the preparation and fabrication o f 

the test specimens for the quasi-static complementary and shake table tests. The set-up o f the test- 

rigs employed in the quasi-static tests was also described. The following chapter presents the 

results and observations from these tests. Chapters 5 and 6 discuss the test set-up and results for 

the shake table tests.
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Chapter 4

EXPERIMENTAL RESULTS AND OBSERVATIONS FROM 

COMPLEMENTARY TESTS.

4.1 INTRODUCTION

This chapter examines the results from the complementary test programme, in which twenty-eight 

monotonic tests and twelve cyclic tests on intermediate length (1100/wm) specimens were 

performed on steel and composite RHS and SHS specimens. In addition, nine long (3300w/«) steel 

RHS and SHS specimens were tested under cyclic loading. These quasi-static cyclic tests allow the 

performance o f brace members under idealised seismic loading conditions to be examined. 

Monotonic tests on short specimens were performed to establish their compressive and tensile 

resistances and to investigate the effect o f  infill on local buckling and ductility. The vast majority 

o f  the monotonic tests were tensile tests performed on steel hollow sections (22 in total). A 

summary o f the test programme was presented in Table 3.1.

The experimental results are presented by test type. Sections 4.2 and 4.3 detail the results and 

observations from the m onotonic tensile and compressive tests, respectively. The results from 

cyclic testing o f intermediate and long specimens are presented in Sections 4.4 and 4.5, 

respectively. The chapter concludes with a summary discussion o f  all tests. Sections 4.2 -  4.4 are 

each divided into three subsections. The first sub-section considers the tests conducted on steel 

hollow specimens, while the next subsection is concerned with the filled specimens. The final 

subsection compares the behaviour o f the hollow and filled sections. None o f  the longer cyclic test 

specimens were filled with mortar. The test set-up for the aforem entioned tests, specimen details 

and type o f loading employed are described in Chapter 3.

4.2 MONOTONIC TENSILE TESTING OF SHORT SPECIMENS

This was the largest group o f  tests conducted, with a total o f  tw enty-four short specimens tested 

under displacement-controlled monotonic tensile loading. The unstiffened length o f the monotonic 

test specimens had an aspect ratio o f three. That is, the unstiffened length o f the specimens was 

three times their largest outer dimension. The end connection detail o f  the specimen was the same 

for all monotonic, cyclic and shake table test specimens, as depicted in Figure 3.1. A 

comprehensive description o f  the geometry o f the test specimens and their material properties, as 

determined from coupon tests, is given in Sections 3.2 and 3.3, respectively. Manufacture o f  the 

specimens, the test rig and specimen installation, the loading and test procedure and the 

instrumentation employed are also discussed in detail in Chapter 3.
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Monotonic tests were performed at a constant loading rate of Q.QOSlmmlsec. Hence, strain-rate 

effects were expected to be negligible. The objectives of monotonic tensile tests were as follows:

1. Verify the adequacy of the connection detail and its effect on the mode o f failure.

2. Determine the actual yield and ultimate strengths and ductility capacity of the sections, and 

compare the section strengths to the material strengths obtained from coupon tests.

3. Determine the yield displacement, which is required to define the parameters of the 

waveform utilised for the cyclic tests.

4. Evaluate the yield strengths of the sections, which are required when selecting the 

magnitude o f the load input in shake table tests (Chapters 5 and 6).

5. Compare the tensile response of filled and hollow sections.

4.2.1 Stee! hollow sections

This section presents the series of monotonic tensile tests of hollow steel structural sections. The 

visual observations made during the tests are firstly described. Then the test results obtained are 

presented. A comparison of the test strength with design strengths is subsequently carried out, 

followed by an attempt to determine the Young’s modulus o f the steel. Finally, the strain gauge 

results are discussed.

Two monotonic tensile tests were conducted on each length o f steel used to manufacture the 

intermediate length cyclic test specimens. As consistent results were obtained with each of these 

test pairs, it was decided that one monotonic tensile test, together with steel coupon test results, 

would be sufficient to accurately determine the tensile properties o f the sections used to 

manufacture the shake table test specimens. The section strengths o f the long cyclic specimens 

were determined from steel coupons.

Observations

There was significant variation in the observed behaviour of the 40x40x2.5SHS specimens during 

testing. Hence, a brief description of the observations made during each test is given below. In 

general, the specimens failed within their unstiffened lengths and the strength of the connection 

welds were adequate. More precisely, tensile failure occurred in middle third o f all but one of the 

40x40x2.5SHS sections, away from the stiffeners and welds as, for example, in Figure 4.1.

The observed failure of the first two specimens, TSS1-40H and TSS2-40H, displayed the following 

sequence, as depicted in Figure 4.1; slight necking was perceptible over the unstiffened length of 

the specimen; small ripples appeared along the seam over this length; two buckles were observed at 

approximately mid-height o f the specimen, which extended from the seam to the front comers of 

the specimen; later the specimen ruptured across the seam between these two buckles; this tear
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widened and then extended fully across the front of the specimen; next the sides started to rip from 

the front comers and finally the tear continued fiilly around the specimen. In both cases, the back 

face tore suddenly. A similar failure mode was observed for test specimen TSS7-40H.

The first two test specimens were cut from the same length of steel, namely AO. The 1 lOOmm long 

cyclic test specimens used to determine the hysteretic behaviour of this hollow steel section size 

were also cut from this length of steel. Test specimen TSS7-40H was cut from a different length of 

steel.

(a) Start of test (b) Substantial necking 
perceptible

(c) Tear at seam

(d) Tear extended across (e) Tear on other side (f) Specimen failed
front and along sides

Figure 4.1 Typical failure of a specimen in a monotonic tensile test (Specimen TSS2-40H)
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Specimens TSS3-40H and TSS4-40H were both cut from steel length A5, as were the short and 

1 lOOww long composite specimens o f this section size. These tensile specimens also failed in the 

middle third o f the unstiffened length, but expressed a less ductile type o f failure than the previous 

specimens and failed quite suddenly. Their observed failure mode was as follows: The comers 

locally indented inwards. Initially, a rupture formed from a com er to the seam weld. The mpture 

then extended fully across the face containing the seam weld and across the side face adjacent to 

the initial mptured comer. Finally, the other two faces m ptured, with loud clicks being heard. 

While necking o f the specimen occurred over the middle two-thirds o f the unstiffened length, the 

reduction in cross-section was not as pronounced as in the more ductile 40x40x2.5SHS specimens 

such as TSS1-40H, TSS2-40H, TSS6-40H and TSS7-40H. A photograph o f  specimen TSS3-40H 

after failure is shown in Figure 4.2(a).

During test TSS3-40H the oil overheated and the test was stopped at an elongation o f  1.16mm. The 

actuator then relaxed to 5.S5mm, and very little load remained on the specimen, as indicated in 

Figure 4.3(c). On restarting, the actuator moved by 6.45mm  in 9sec, after which the specimen was 

again loaded at the original rate o f 0.0052mm/sec. In test TSS4-40H, the system pressure was too 

low and hence the actuator stopped moving at 2 .4 \lm m .  On increasing the system pressure, the 

actuator moved by 5.26mm  in ISsec. In both cases, the specimens had being loaded beyond their 

yield strength prior to the actuator stopping. Further, no fracture o f  either specimen was observed 

directly after the sudden movement o f the actuator.

Specimen TSS5-40H also failed quite suddenly. However, this specimen initially mptured across 

the face at the recess for the lower stiffener. From here, the m pture extended at an angle o f 

approximately 30 degrees across the two adjacent faces and, finally, straight across the other face. 

Very little necking was observed.

Specimen TSS6-40H failed in a ductile manner. Necking occurred along the middle half o f the 

unstiffened length. Prior to fracture, the faces and com ers o f  the specimen rippled significantly, 

with stress lines evident in the troughs o f the ripples. The seam weld and an adjacent com er 

m ptured initially, as seen in Figure 4.2(b). This m pture then extended across the other faces 

leading to failure o f the specimen.
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(a) (b)
Figure 4.2 (a) Ruptured tensile specimen TSS3-40H, and (b) Specimen TSS6-40H prior to 
failure.

In summary, two distinct types of failure of the 40x40x2.5SHS occurred. Specimens TSS1-40H, 

TSS2-40H, TSS6-40H and TSS7-40H failed in a ductile maimer, while the specimens TSS3-40H, 

TSS4-40H and TSS5-40H failed in a more brittle maimer. This is evident from their load- 

displacement curves, shown in Figure 4.3. It is also noted that the more ductile members have 

lower yield strengths, as is evident from Table 4.1. This will be investigated in more detail later.

There was less variation in the observed behaviour for the 20x20x2.OSHS and 50x25x2.5RHS 

specimens and hence only general descriptions of the failure sequences observed are given below. 

The load-displacement curves for these specimens are given in Figures 4.4 and 4.5, respectively.

The 20x20x2.OSHS specimens experienced little necking and ruptured close to the welds. The 

specimens ruptured initially across the faces through which the stiffener ran. The necking 

experienced by these specimens was localised, which may be due to their short unstiflfened length 

of 60mm.

All the 50x25x2.5RHS specimens displayed failure modes similar to that observed in the more 

ductile 40x40x2.5SHS specimens TSS1-40H, TSS2-40H and TSS7-40H. Substantial necking over 

the unstffened length was observed, with ripples forming along the seam weld over the length of 

necking. Rupture occurred across the seam weld within the middle third of the unstiffened length. 

This rupture extended across the face containing the seam weld, spreading slowly to the other 

faces. The tensile failure of the specimen was always within the unstiffened length, usually close
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to mid-height o f  the specimen. Photographs showing typical failure o f  a 50x25x2.5RHS specimen 

are provided below in Figure 4.6.

In brief, all the monotonic tensile test specimens failed in their unstiffened length. There were no 

signs o f any deterioration o f the welds. Neither was there sign o f  any deformation o f the steel 

hollow section over the stiffened length o f the specimen. (The length and outer dimensions o f  the 

steel hollow sections were the same as prior to the tests.) However, all o f  the 20x20x2.0SHS 

specimens failed close to the stiffeners and one o f the 40x40x2.5SHS specimens (TSS5-40H) 

initially fractured across the recess for a stiffener. Therefore, their tensile capacity may have been 

reduced due to the connection detail. Note that the LRFD Specification for steel hollow structural 

sections (AISC, 2000) recommends using the net area (equal to the cross-sectional area o f the 

hollow section minus the slot milled for the gusset plate) when concentric gusset plates are used, as 

it does not recommend continuing the weld around the top o f  the gusset plate. The two reasons 

given for this is that (1) this practice may be hard to implement in field conditions and (2) it also 

creates a potential stress riser that may lead to crack initiation.

Reason (1) explains why specimen TSS5-40H failed across the recess for the stiffener; the weld 

around top o f stiffener plate had not penetrated the SHS. On the other hand, stress risers may have 

caused failure to occur close to the stiffeners in the 20x20x2.0SHS specimens. Results from strain 

gauges used in the first four 40x40x2.5SHS specimens showed that the highest elastic strains were 

experienced just above the lower stiffeners and just below the upper stiffeners. These high strains 

were also predicted by finite element analysis, in which they appeared to be localised and did not 

lead to ultimate failure. These results suggest that stiffeners should not be placed through the face 

o f a section along which the longitudinal seam runs.

The premature failure o f the 20x20x2.0SHS specimens may also have been caused by softening o f 

the hollow steel section due to the welding process. The 20x20x2.OSHS specimens had a small 

wall thickness than the other specimens, and hence had less area to absorb the heat than the larger 

sections.

Test Results

The measured load-displacement responses o f the short specimens in the monotonic tensile tests 

are presented in Figures 4.3-4.5 and the response parameters are summarised in Table 4.1. For 

each test specimen the following parameters were determined and are defined in Figure 4.7:

• yield strength (Fy) and the corresponding displacement (8^),

• ultimate strength (F„) and ultimate displacement (5„),

• maximum strength (Fmax),

•  initial stiffness (k;).
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•  strain hardening/softening stiffn ess (k,) ,  and

•  d isplacem ent ductility (n^).

T able 4.1 T est param eters for  the m onoton ic ten sile  sp ecim en s

Specim en
ID

St
ee

l 
ID F

(k N )

8Oy

(mm)

F

( k N )

8Oy

(mm)

F „

( k N )

5 u

(mm)

F* max

( k N )

ki

(kN/mm) iE1

( - )

Fy^V 
F  ')

Fy^’ / 
F y.nm
4)

TSS1-40H AO 89.6 2 .06 115,7 2.65 116.1 23.5 119,4 4 3 .88 0,12 8,9 1,29 1,38
TSS2-40H oo

X AO 89.7 1.39 111,8 1.72 112.6 27 .0 117.6 65 .28 0,14 15,7 1,25 1,33
TSS3-40H^> </5 A5 129.5 1.27 187.1 1.83 201 .4 12,3 2 1 1 .0 102.5 2 ,90 6,7 1.44 2,18
TSS4-40H ^’ fS

X A5 110.2 1.07 189.5 1.83 188.9 11.8 2 1 0 .4 103.5 3.08 6,4 1.72 2,21
TSS5-40H o A1 96.2 0.93 185.1 1.78 192.2 8.3 2 0 5 .8 104.0 2 .78 4 .7 1.92 2 ,1 6
TSS6-40H o A2 100.8 0.99 141.3 1.38 140.3 14.0 155.4 102.3 3.31 10.1 1.40 1,68
TSS7-40H A3 78.6 0.78 125.8 1.24 123.3 15.6 143.1 101.6 3,90 12.6 1.60 1,53
M ean 99.2 1.21 150.9 1.78 153.5 16.1 166.1 89.0 2.32 9.3 1.52 1.78
COV 0.17 0.35 0.23 0.25 0.26 0.42 0.25 0.27 0.66 0.41 0.16 0.22
TSS8-20H CO 33.6 0.58 39.1 0.68 43.7 3 .47 4 6 .0 57 .9 3.00 5.1 1.16 1,23
TSS9-20H X CO 31.4 0.53 37.8 0.64 4 0 .0 3.53 44 .7 59 .6 3.76 5.5 1.20 1,19
TSS10-20H (AO Cl 32.8 0.47 43.2 0,62 46 .2 4 .14 51 .0 70.7 2.13 6.7 1.32 1,37
TSSI1-20H ” CN

X Cl 37.3 0 .49 47.3 0 .62 39.0 3.61 60 .2 76.1 -1 .77 5.8 1.27 1,51
TSS12-20H o(N C2 33.1 0.45 38.3 0.52 42.5 3 .77 46 .8 73.5 3.71 7.3 1.16 1,20
TSS13-20H O

<N C3 34.5 0 ,40 40.7 0 .47 45 .2 4 .1 4 51 .6 86.2 3,38 8.8 1.18 1.31
TSS14-20H C4 31.3 0.43 39.6 0.54 43 .6 3 .20 47 .5 72.8 3,88 5.9 1.27 1.24
M ean 33.4 0.48 40.9 0.58 42.9 3.69 49.7 71.0 2.58 6.4 1.22 1.29
COV 0.06 0.13 0.08 0.13 0.06 0.09 0.11 0.14 0.78 0.20 0.05 0.09
TSS15-50H BO 73.5 0.82 108.9 1,21 108.9 2 2 .7 116.7 89.7 -0 ,27 18.8 1,48 1.37
TSS16-50H C/5

X BO 74.9 0 .86 108.4 1.22 108.9 24.3 115.8 88 .4 -0 ,34 19.9 1,45 1.37
TSS17-50H cC B4 76.1 0.85 109.9 1.23 105.8 2 5 .0 119.1 89.1 -0 ,34 20.3 1.44 1.40
TSS18-50H <N

X B4 72.6 0.77 109.4 1.16 105.1 23 .6 117.7 94 .8 -0 ,38 20.3 1,51 1.40
TSS19-50H fN Bi 74.9 0 .86 111.6 1.27 108.3 22 .8 120,0 87 .6 -0,31 18.0 1,49 1.42
TSS20-50H O

in B2 69.2 0.79 109.2 1.25 108.5 25.1 118.2 87.7 -0 .28 20.1 1,58 1.40
TSS21-50H B3 74.6 0.86 111.3 1.27 111.2 18.9 118.5 87.5 -0 ,3 0 14.9 1,49 1.42
M ean 73.7 0.83 109.8 1.23 108.1 23.2 118.0 89.3 -0.32 18.9 1.49 1.40
COV 0.03 0.05 0.01 0.03 0.02 0.09 0.01 0.03 -0.12 0.10 0.03 0.01
TSS1-40F*' 0/3

'X.
A5 108.3 1.05 202 .0 1.96 204.5 7.68 222 ,4 103,0 4 ,02 3,9 1,87 2.35

TSS2-40F*'
c/5 A5 165.5 1.46 196.6 1.73 198.4 7,32 2 1 3 ,7 113,4 3,27 4,2 1,19 2.29

M ean o 1 36 .9 1.26 199.3 1.85 201.5 7.50 218.1 108.2 3.65 4.1 1.53 2.32
COV Xo 0.30 0.23 0.02 0.09 0.02 0.03 0.03 0.07 0.15 0.05 0.31 0.02
Notes:
(1) Yield values tatcen from where the force-displacem ent graph deviates from a straight line (proportional limit).
(2) Yield values correspond to point where the tangent at the origin and the tangent that has a slope o f  one-tenth the tangent at 
the origin intersect.
(3) Displacement ductility =  Ultim ate displacem ent/yield displacem ent.
(4) Ratio o f  the actual yield strength to nominal yield strength o f  the m aterial as given in E N 10219-1 : 1997.
(5) During test m achine cut-out and hence actuator relaxed. A  sudden increase in load then occurred on re-starting the motor.
( 6 )  During test actuator stopped m oving but wave generator continued. Hence, when pressure increased actuator m oved 
quickly.
(7) Specimen subjected to large inelastic com pressive and tensile deform ations prior to the m onotonic tensile test.
( 8 )  During test, 3 bolts fell out. Hence, test was stopped and load taken o ff  specim en. Retested again.
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Figure 4.3 Load-Displacement curves for monotonic tensile tests on 40x40x2.5 SHS sections.
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Figure 4.4 Load-Displacement curves for monotonic tensile tests on 20x20x2.0 SHS sections.
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(a) (b)

Figure 4.6 Typical failure of a S0x2Sx2.SRHS specimen, (a) Necking over unstiffened length, 
ripples along seam weld and rupture across the seam weld, (b) Rupture extended across face 
A-A.

•o
8

Dtsptacement ducWi .̂ ~

Dtsplacament

Figure 4.7 Definition of the load-displacement curve parameters for the monotonic tests[JGi]

Two methods were used to determine the yield strength of the specimen from the load- 

displacement curves. In the first method, the yield strength is defined as the proportional limit, 

where the force-displacement graph deviates from a straight line, as indicated in Figure 4.7. The 

yield displacement is the displacement corresponding to this load. The second method defines the 

yield value as the intersection point of the tangent at the origin and the tangent to the curve that has 

a slope of one-tenth the tangent at the origin, as defined in Figure 3 .11, hereafter known as the

86



Complementary Test Results

“one-tenth method”. The latter is the method recommended in “The Complete Testing Procedure” 

outlined in the European standard for cyclic testing of structural steel (ECCS, 1986) and is the 

method used to determine the input characteristics for the displacement waveform employed in the 

cyclic tests o f this test series. The yield force, determined using the latter method, was also used to 

determine the input for each o f the shake table tests in the National University of Athens.

In Table 4.1, the tensile yield strengths obtained with both methods are compared. The one-tenth 

method estimates the yield strength to be significantly higher, with the average value being 1.41 

times that obtained using the proportional limit. In fact, the difference in estimated yield strength 

was found to be up to 92% of the proportional limit. It was often difficult to accurately identify the 

proportional limit from the load-displacement curve.

It is important to note that whereas the conservative code evaluation o f yield strength is acceptable 

for normal design situations, it may have undesirable consequences in the case of seismic design. 

An appropriate evaluation o f the actual strength of bracing members, including any sources of 

over-strength such as that discussed above for cold-formed members, is necessary so that non- 

dissipative members such as connections, beams and columns can be provided with sufficient over

strength to ensure yielding of the bracing member. Eurocode 8 (CEN, 2001) gives no guidance on 

an appropriate estimation o f the actual yield strength of the dissipative members. However, it does 

stipulate that the value of the yield strength fy„ax which cannot be exceeded by the actual material 

used in the fabrication o f members in dissipative zones shall be specified and noted on the 

drawings. Accordingly, it stipulates that fymax should not be more than 35% higher than the yield 

stress defining the steel grade (for example, for S235 not higher than 'hMMPd). In addition, the 

fillet welds or bolted connections of the diagonals to any member are required to fulfil the 

overstrength condition Rd> l,35/?;5„ where Rfy is the plastic resistance o f the connected dissipative 

member. Similarly, the beams and columns must also be designed to possess sufficient 

ON'erstrength.

In the American seismic provisions for structural steel buildings (AISC, 2002), the required 

strength of a connection or member is determined from the expected yield strength RyFy, o f the 

connected member, where Fy is the specified minimum yield strength o f the grade o f steel used. Ry 

is the ratio o f expected yield strength Fye to the specified minimum yield strength Fy and is taken as 

1.3 for hollow structural sections. The Ry value o f 1.3 is a result o f a survey o f American HSS 

production data in 2000 (AISC, 2002).

The nominal minimum yield strength of the S235JRH cold formed steel sections used in this study 

is I'iSMPa (CEN, 1997). A comparison between the actual yield strength of the test specimens and 

this nominal minimum yield strength is made in Table 4.1. The ratio o f the actual yield strength to
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the nominal value varied from 1.19 to 2.21 for the steel hollow sections, with the average and 

coefficient o f  variation being 1.49 and 0.21, respectively. Importantly, this average is significantly 

higher than the value o f  1.3 recommended by the American seismic provisions (AISC, 2002) and 

exceeds the capacity design factor o f 1.35 specified in Eurocode 8 (CEN, 2001). It should also be 

noted that these code values o f 1.3 or 1.35 are specified to cover all possible sources o f 

overstrength in the member. The above values relate to the actual yield strengths obtained using 

the one-tenth method (ECCS, 1986). However, the American HSS production data used, in 

general, the 0.2% proof strength method (0.2% offset method) to determine the yield strength. This 

normally gives a higher value, as is evident from Tables 3.3 -  3.6, which provide details o f  the 

material properties obtained from the tensile coupon tests. In these tables Re is the yield strength 

found using the one-tenth method and Rpoj is the strength found using the 0.2% proof strength 

method.

Clearly, the high material overstrength observed for this test series is related to the behaviour o f 

cold-formed members. It is therefore interesting to compare these findings with those o f  a recent 

study (Tremblay, 2002) which surveyed twenty-seven RHS specimens o f various grades and 

fabrication processes (including cold-forming) and found actual yield strengths to be on average 

1.29 times nominal yield strengths, with a coefficient o f  variation o f 0.16.

As discussed earlier, the 40x40x2.5SHS specimens displayed two distinct types o f  failure, which 

are reflected in the results in Table 4.1. Specimens with low strength had high ductility and failed 

slowly. Conversely, specimens with higher strength had lower ductility and failed quite suddenly. 

The displacement ductility (la^), defined as the ratio o f the ultimate displacement (5„) to the yield 

displacement (5^), for the former group o f specimens was at least 8.9 and as high as 15.7. 

However, the specimens with the higher strength (greater than twice the nominal yield strength) 

have significantly lower ductilites -  6.7, 6.4 and 4.7 for specimens TSS3-40H, TSS4-40H and 

TSS5-40H, respectively. The ductility o f  Specimen TSS5-40H was reduced due to early fracture 

across the recess for the stiffener. The average ductility for the 20x20x2.OSHS specimens was only 

6.4, due to fracture occurring close to the stiffeners. The 50x25x2.5RHS specimens have an 

average ductility o f 18.9. Their yield stresses are similar to the lower strength 40x40x2.5SHS 

specimens (Table 4.2).

The influence o f steel tensile strength on the ductility capacities o f  the monotonic tensile test 

specimens is displayed in Figure 4.8. In Figure 4.8, the material yield strength o f  the specimens ify) 

has been normalised to the nominal yield strength (/ ,̂„om) o f  S235JRH steel and the ductility 

capacity is defined as the ratio o f elongation at failure 5u to the elongation at yield 5y. Clearly, 

ductility capacity decreases with increases in steel strength; a reduction attributable to the lower 

fracture strain o f higher strength steels. In Figure 4.8, a linear regression line is shown that
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quantifies this relationship, and which is employed later when considering the measured ductility 

capacities o f the cyclic specimens. The results from the tensile tests on 20x20x2.OSHS specimens 

were omitted from the regression as these specimens failed outside the middle third o f the 

specimen, as discussed above.

25

20

R egression  line for: 

—  Tensile specim ens
15

I
y = -14.035x + 22.399 

^  R ^> 0 .7 7 1 7

eC
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0
0.0 0.2 0.4 0.8 0.8 1.0 1.2 1.4 1.6

Figure 4.8. Ductility versus normalised yield strength.

Early fracture and low ductility may have a detrimental effect on the performance o f  brace 

members in severe earthquakes. Therefore, care must be taken to ensure an adequate strength weld 

around the top o f the stiffener plate. If an adequate quality weld cannot be guaranteed, then it is 

recommended not to use this type o f  connection, unless reinforcement is provided in the form o f 

steel plates welded to the hollow section, increasing the effective area at the reduced brace section.

Another factor that has an important influence on the perform ance o f  brace members in strong 

earthquakes is the strain hardening capabilities o f  the member. The average strain hardening ratios 

measured in the 40x40x2.5SHS and 20x20x2.OSHS specimens are 2.3% and 4.8% respectively. 

One o f the 20x20x2.OSHS specimens, TSS11-20H, was subjected to large inelastic compressive 

and tensile deformations prior to the monotonic tensile test, and hence during the monotonic test 

exhibited strain softening, as displayed in Figure 4.4(d). Its post-yield stiffness is omitted in 

determining the average strain hardening for the 20x20x2.OSHS specimens. The 50x25x2.5RHS 

specimens all exhibited strain softening, with an average ratio o f  -0.35%.

The American seismic provisions for steel buildings (AISC, 2002) recommends a maximum yield 

to tensile stress ratio o f  0.85. All o f  the 20x20x2.OSHS members conformed to this limit. 

However, the ratio for the 40x40x2.5SHS or 50x25x2.5RHS specimens was higher. The average 

ratios for the 40x40x2.5SSHS, 20x20x2.OSHS and 50x25x2.5RHS specimens were 0.91, 0.82 and 

0.93 respectively.
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Comparison of observed and design strengths

Residual stresses, strain-hardening effects and geometrical imperfections caused by cold-forming 

the material affect the yield strength, causing the section to have an overall yield strength different 

from that of the sheet material from which it was produced (Ghersi et al, 2002). In order to 

quantify this effect, coupon tests were performed to determine the material yield strength. The 

results from these tests are given in Section 3.3.1 and the yield strengths obtained are summarised 

in Table 4.2. The overall yield strengths of the sections determined from the monotonic tensile 

tests are also given in Table 4.2. The actual tensile strength o f the sections was determined by 

dividing the yield load determined using the one-tenth method by the actual measured gross cross- 

sectional area of the specimen.

The ratios of measured section strengths to material strengths are given in Table 4.2. The average 

values are 1.23, 1.01 and 1.15 with coefficients of variation (COV) of 0.03, 0.01 and 0.02 for the 

40x40x2.5SHS, 20x20x2.OSHS and 50x25x2.5RHS specimens, respectively. This suggests that 

the increase in yield strength due to cold forming varied for different sized sections and that for the 

smaller section size (i.e. 20x20x2.0) cold forming did not increase the yield strength of the section, 

but in come cases reduced it. The observed low ratios for the 20x20x2.0SHS specimens may be 

attributed to two factors: (1) due to the narrow width, part o f the coupon may have experienced 

cold-forming during the manufacture of the hollow section, and (2) welding of the stiffeners would 

have produced a softening effect due to the heating induced in these relatively small sections. 

Indeed, whilst all but one of the 40x40x2.5SHS and 50x25x2.5RHS specimens fractured at mid

height as expected, the 20x20x2 SHS specimens fractured close to their welds, where heat effects 

were greatest.

One of the 40x40x2.5SHS specimens, namely TSS5-40H, fractured initially at one o f the recesses 

just above the stiffener, and thus the ratio for specimen is slightly lower than the ratio obtained for 

similar sized specimens. A net area equal to the cross-sectional area o f the hollow section less the 

area of the slots milled out for the gusset plate may have been a more appropriate basis on which to 

calculate the tensile yield strength, leading to a ratio of 1.30. However, the specimen initially 

fractured across the recess on one side only, then the fracture extended at 30 degrees along the 

adjacent sides o f the specimen. Therefore, the appropriate resisting cross-section area may instead 

be the gross cross-sectional area o f the hollow section less the area o f only one o f the slots milled 

out for the gusset plate. Therefore, a stress ratio closer to the average is probably a more realistic 

representation o f this specimen.
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Table 4.2. Yield strength o f short specim ens

Specimen Steel Material EC3 EC3 AISI Tensile Tensile Test/
ID ID (coupons) No upper 

limit
Test
(short
members)

Material

(MPa) (MPa) (MPa) (M Pa) (M Pa)
TSS1-40H

X
AO 251.6 285.8 285.8 277.4 324.1 1.29

TSS2-40H AO 251.6 285.8 285.8 277.4 313.1 1.24
TSS3-40H A5 417.6 454.0 454.0 448.6 512.6 1.23
TSS4-40H (N

X AS 417.6 454.0 454.0 448.6 519.2 1.24
TSS5-40H o A1 440.2 471.8 471.8 468.9 507.1 1.15
TSS6-40H

Xo A2 321.8 361.7 361.7 352.7 395.9 1.23
TSS7-40H A3 300.3 334.4 334.4 327.6 358.4 1.19
mean 343.0 378.2 378.2 371.6 418.6 1.23
COV 0.24 0.21 0.21 0.22 0.22 0.03
TSS8-20H

C/D
X

CO 282.2 296.4 307.1 310.7 288.7 1.02
TSS9-20H CO 282.2 296.4 307.1 310.7 279.1 0.99
TSS10-20H GO

p Cl 311.9 327.9 339.6 343.6 323.1 1.04
TSS11-20H X Cl 311.9 327.9 339.6 343.6 353.7 1.13
TSS12-20H O

(N C2 300.2 313.3 323.1 328.1 283.1 0.94
TSS13-20H

Xo
fN C3 325.5 333.3 338.8 347.9 306.7 0.94

TSS14-20H C4 283.6 306.1 323.1 321.6 291.6 1.03
mean 299.6 314.5 325.5 329.4 303.7 1.01
COV 0.06 0.05 0.04 0.05 0.09 0.01
TSS15-50H

0 0
BO 274.6 303.5 304.4 295.8 323.1 1.18

TSS16-50H BO 274.6 303.5 304.4 295.8 321.6 1.17
TSSI7-50H IT) B4 286.8 311.6 312.0 306.1 329.9 1.15
TSS18-50H rsi

x ; 34 286.8 311.6 312.0 306.1 328.4 1.15
TSS19-50H IT)

CN 81 285.4 310.7 311.3 305.0 332.7 1.17
TSS20-50H Xo B2 294.3 316.1 316.4 312.2 328.1 1.11
TSS21-50H B3 292.3 315.0 315.4 310.6 332.9 1.14
mean 285.0 310.3 310.9 304.5 328.1 1.15
COV 0.03 0.02 0.02 0.02 0.01 0.02
mean 309.2 334.3 338.2 335.2 350.2 1.13
COV 0.17 0.17 0.16 0.16 0.21 0.09

Filled C/5
X

TSS1-40F C/5 A5 417.6 454.0 454.0 448.6 553.4 1.33
TSS2-40F A5 417.6 454.0 454.0 448.6 538.6 1.29
mean

O
X 417.6 454.0 454.0 448.6 546.0 1.31

COV o 0.00 0.00 0.00 0.00 0.02 0.02

As the effect o f  cold-forming on member strength is w ell established, design codes provide 

methods for estimating the increase in yield strength. Table 4.2 compares the actual yield strengths 

o f  the sections with predicted section strengths, obtained using expressions given in American 

(AISI, 1996) and European (CEN, 1996) specifications. D etails o f  these methods are given in 

Section 3.3.2. The ratios o f  experimental section strength to predicted strength are plotted against 

the measured material strength in Figure 4.9, in which the ECS values obtained without an upper 

limit on yield are displayed.

For the 40x40x2 .5SHS and 50x25x2.5RHS specimens, both the American and European 

specifications significantly underestimated the increase in overall yield strength o f  the section due 

to cold forming. However, both codes overestimated the yield strengths o f  the 20x20x2.0SH S
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specimens. This was probably due to the material strengths of these specimens being 

overestimated, as discussed above.

For the 40x40x2.5SHS and 50x25x2.5RHS specimens, the European specification predicts higher 

overall yield strengths than the American specification. However, the opposite is true for the more 

compact 20x20x2.OSHS sections, as is evident from Table 4.2 and Figure 4.9.

♦ EC3 40x40x2 5SHS
♦ EC3 Toaoa OSHS
♦ ec3 50(35x2 5RHS

EC3 40x40x2 SShtS Filled
40bc4Qx2 5SHS

a AISI OSHS
J.A1SI 5PHS

AtSI 40x40x2 SShlS Filled

2350 2850 335 0 385 0 435 0 485 0
Mitertal Yield Strength (MP<

Figure 4.9 Comparison of the yield strength of the material to that of the section.

Determination of Young’s modulus

Three different methods were used to estimate the Young’s modulus of the test specimens: tensile 

coupon tests, strain gauge results from some monotonic tensile tests and the load-displacement 

curves from the monotonic tensile tests. A description of the three methods and the resulting 

estimates of Young’s modulus are presented in Appendix B. Young’s modulus, E, was taken as 

180,000AfPa in all calculations, unless otherwise specified.

4.2.2 Filled specimens

The affect of infill on the behaviour of steel sections in tension was investigated in two pairs of 

monotonic tensile tests. The behaviour of the filled specimens, namely TSS1-40F and TSS2-40F, 

can be compared directly to that of hollow specimens TSS3-40H and TSS4-40H as they were cut 

from the same length of steel hollow section. The filled specimens failed within the unstiffened 

length, similar to the unfilled specimens. The resuhs for both the steel and composite specimens 

are given in Table 4.1 and a description of the observed behaviour of the filled specimens is given 

below. The material properties of the mortar infill are presented in Section 3.4.

TSS1-40F: The specimen was stretched by 2.5mm (Load = 1 9 0 .0 ^ , then the actuator stopped as it 

was at the end of its travel. Therefore, the specimen was unloaded and removed from the test rig. 

The actuator was then moved to the middle of its travel. The specimen was placed back in the test
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rig and reloaded. However, the actuator stopped moving due to the pressure being too low. The 

actuator moved suddenly (from 1.838/ww (load = MO.lkN) to 5.572mm (220.3kN) in 4sec) when 

the pressure was increased. At this stage there was no visible sign of any fracture. Necking 

occurred when the axial displacement was increased further, and local indents formed on the 

comers and across the seam weld. This was followed by rupture of the seam weld, which 

subsequently extended across the face. Finally, all other faces fractured. The integrity of the mfill 

was investigated after the test. The mortar was observed to have broken into lumps (up to I5mm 

thick) to a depth of approximately 15 mm and lOmm in the top and bottom halves of the fractured 

specimen, respectively.

TSS2-40F: This specimen was loaded beyond its yield strength, when three of the M16 bolts 

connecting the specimen to the test rig fell out. The test was paused and the load removed from the 

specimen. On reloading the specimen, a rupture occurred across the seam weld and at one of the 

comers. Local indents at the height of fracture formed. However, there was no significant overall 

necking. Later, indents extended horizontally from the seam weld to one comer and at an angle of 

approximately 45 degrees upwards and downwards from the seam weld to the other comer (the 

comer originally mptured). Eventually, this face mptured and the mpture extended across the side 

and back faces. The back face failed suddenly (a pop was heard!). Again, the infill was inspected 

after the test. A piece of mortar 9.5mm thick broke off at the height of fracture. The infill 3-4mm 

below this was fiactured into small pieces. The rest of the mortar appeared to be intact with no 

fracture evident.

The load-displacement curves obtained from the above specimens are shown in Figure 4.10. 

Similar tensile strengths were observed for both filled specimens, as seen in Table 4.1. In addition, 

the displacements at which initial fracture of the specimens occurred were within 5% of each other. 

However, a lower stiffiiess was measured for specimen TSSI-40F, which is probably due to bolts 

stripping during the test. The bolt holes were re-threaded and longer bolts were used for re-testing 

specimen TSS2-40F.

I Filled - retested Filled - retested

Figure 4.10 Load-Displacement curves for the monotonic tensile tests on mortar filled sections.
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The strain gauges on the specimens at mid-height were used to attempt to accurately estimate the 

load resisted by the steel and, hence, calculate the tensile resistance exerted by the mortar. The 

Young’s modulus, estimated from the strain gauge results for the monotonic tensile tests on the 

hollow sections TSS3-40H and TSS4-40H {2\5.5kN lm m \ was multiplied by the average 

longitudinal strain at mid-height to give an estimate of the load resisted by the steel. This estimate 

is plotted in Figure 4.11, together with the total load resisted by the composite section, as measured 

by the load cell. From the plot it is evident that on re-testing the composite specimens, the load 

was resisted by the steel only. The load estimated from the strain gauge results deviates from the 

measured load at higher values, as the linear stress-strain relationship used to estimate the load in 

the steel is no longer applicable.

250 T
TSS3-40H
TSS4-40H

 TSS1-40F-Total
TSS2-40F - Total 
TSS1-40F - Steel 
TSS2-40F - Steel

200

150

■o

100

0 0.5 1 1.5 2.5 32
Di«plac«nf«nt (mm)

Figure 4.11 Effect of infill on the response of the tensile specimen.

4.2.3 Summary comparison of hollow and filled sections

A comparison between the response of the filled and unfilled sections is made in Figure 4.11. The 

results suggest that the mortar does not increase the stiffiiess of the specimens, although the infill 

may delay yielding of the specimen and increase the maximum tensile resistance. The difference in 

the ultimate resistance of the hollow and filled specimens was less than 6%, confirming that the 

upper bound tensile capacity of the composite bracing member can be based on that of the bare 

steel section. However, as expected, after yielding the filled specimens did not exhibit the necking, 

as observed in the hollow sections. As a result, the ductility capacity of the filled specimens under 

monotonic tension was on average about 35% lower than that of the hollow counterparts. 

Nonetheless, under cyclic loading other parameters also influence ductility capacity. These are 

investigated in subsequent parts of this chapter.
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Figure 4.11 Comparison of Load-Displacement curves for the monotonic tensile tests on filled 
and unfilled sections.

Numerical analyses which replicated the monotonic tensile tests were performed using the finite 

element software package LUSAS. Non-linear thick shell elements, with elastic-plastic material 

properties, were employed to model the steel hollow section. For simplicity, the comer radii were 

ignored. The mortar infill was modelled using brick elements and was assumed to remain elastic 

throughout the analysis. The steel and mortar were assumed to be fully debonded and thus, fiiction 

was ignored in the analysis. The lateral inward deformation of the wall of the steel section at mid

height is plotted against the applied axial displacement in Figure 4.12. Up to yield, the presence of 

the infill medium reduces necking to less than one quarter of that observed in the hollow member. 

After yield, necking increases substantially in the hollow specimen, but reduces in the filled 

specimen. The reduction of necking in the composite section results in much greater hoop stresses, 

which increase with axial elongation of the specimen, as shown in Figure 4.13. In comparison, the 

maximum hoop stress in the hollow section occurs just before yielding and is less than 0.3MPa 

(less than 1% of that experienced by the filled specimen at yield). This large increase in hoop 

stress affects the critical longitudinal strain at fracture, as observed in the monotonic tensile tests on 

filled specimens.
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Figure 4.12. Estimated necking o f  hollow and filled tensile specim ens.
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Figure 4.13. Hoop stresses in hollow and filled tensile specim ens estim ated using LUSAS.

The material model employed to reproduce ductile yielding o f  the steel in the finite element 

analyses was a stress potential model, based on Von Mises yield criterion, and with strain 

hardening not considered (FEA, 2001). The von Mises criterion is the most universally accepted 

yield criterion for metals, and is based on considerations o f  distortional strain energy. The axial 

stress o f the steel section at mid-height is plotted against the applied axial displacement in Figure 

4.14. In this figure, the axial stress (/) is normalised by the specified yield stress ( f y )  and the axial 

displacement (8) by the corresponding theoretical yield displacement (5y). As expected, the hollow 

steel section displays elastic-perfectly plastic behaviour. The axial stress experienced by the steel 

tube of the filled specimen at yield is higher than in the corresponding hollow member. This is due 

to the tensile hoop stresses induced by the infill. Furthermore, the infill appears to increase both 

the elastic and post-yield stiffness o f the steel.
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Figure 4.14. Axial stresses in hollow and filled tensile specimens estimated using LUSAS.

The results from the finite element analysis are compared to the averaged experimental results in 

Table 4.3. Both sets o f  results show increases in yield stress, yield displacement, elastic stiffness 

and strain hardening due to the presence o f the infill. In fact, the finite element model predicts the 

amount these parameters increase fairly well, with the exception o f  strain hardening. The large 

difference between the predicted and measured increases in strain hardening is possibly due to the 

finite element model em ploying an elastic perfectly-plastic material model for the steel, whereas 

the actual material possesses inherent strain hardening capabilities. It should also be noted the 

measured elastic stiffness o f  one o f  filled specimens was approximately equal to that o f equivalent 

hollow specimens, whereas a higher stiffness was observed for the other filled specimen, which 

may be partially due to changes in boundary conditions, as discussed previously.

Table 4.3. Comparison of finite element predictions with average experimental results

LUSAS Tests
Yield stress, + 4.2% + 5.8%
Yield displacement, 5y + 1.8% + 0.8%
Stiffness, k + 2.7% + 5.0%
Strain hardening, k jk + 4.5% + 21.9%

4.3 MONOTONIC COMPRESSION TESTING OF SHORT SPECIMENS

Four monotonic compression tests were performed on short specimens (L r=  2>lQmm), two o f which 

were filled with mortar. The unfilled and filled specimens were cut from two separate lengths o f 

40x40x2.5 SHS, namely AO and A5 respectively. The average measured tensile yield strengths o f 

these sections were 3>\9MPa and 5\5M Pa  respectively. The same end connection detail and 

unstiffened length was used for all monotonic tests. However, in the compression tests only two 

bolts were used to attach the specimen to each loading platen, since they have only to resist lateral 

movement due to any accidental eccentric loading.
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The objectives of these tests were to determine the squash load of this type of section, to observe its 

local buckling behaviour, and to investigate if the connection detail has an influence on the local 

response. It was envisaged that filling the sections with mortar would improve their squash load, 

but more importantly, it would delay the onset of local buckling and improve the section’s post 

buckling response.

4.3.1 Steel hollow sections

Two short hollow specimens, of similar dimensions and size to those tested in tension, were tested 

in compression. In the first test, namely CSS1-40H, a pinned-pinned connection was employed. 

Failure of the specimen was due to both overall lateral buckling and local buckling of the SHS, as 

depicted in Figure 4.15. However, only slight lateral buckling occurred. To minimise the lateral 

buckling, a fixed-fixed connection was adopted for the second test (CSS2-40H). A rigid 

connection was achieved by inserting two cylinders with adjustable screws into the test rig, as 

shown in Figure 3.10. In this test, the specimen failed by local buckling only, as illustrated in 

Figure 4.16.

(a) (b) (c)

Figure 4.15 Buckling of test specimen CSS1-40H. (a) Local outward buckling of front face, (b)
Side view of specimen -  local and lateral buckling, (c) Local inward buckling of back face.

Figure 4.15 depicts the deformation of specimen CSS1-40H close to the end of the test. Initially, 

only a local buckle out of the fi'ont face near the upper stiffener and the lateral buckling of the 

specimen were noticed. Soon after, the side faces of the specimen buckled locally inwards at the 

same height. The crest of these buckles developed approximately 25mm below the upper stiffener. 

Later, the specimen buckled outwards on both sides and inwards at the back approximately 50mm 

above the lower stiffeners, as shown in Figure 4.15(c). Initially, the magnitude of these buckles
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was less than that of the local buckling near the upper stiffener. However, when the test was 

stopped the magnitudes of all the local buckles were similar.

Lateral buckling of specimen CSS2-40H was minimised due to the rigid connection of the test 

specimen to the test rig. However, on loading this specimen in compression, slight lateral buckling 

in the direction of the stifFeners was observed. This was probably due to the base plates not being 

parallel as it was found that prior to the test the spacing between the stififeners differed by 

approximately Q.%mm, as indicated in Figure 4.17.

The initial slight lateral buckling of specimen CSS2-40H in the East-West direction caused the east 

face of the specimen to deflect inwards just above the lower stiffener. Thereafter, the front and 

back faces buckled outwards at this level, while the west face buckled inwards at a height of 

approximately 5mm above the buckles on the other three faces. The initial inward buckle on the 

west face was smaller than the others. However, as the loading increased, the magnitude of this 

buckle increased until it was approximately equal to that of the others. Also, as the test progressed 

inverse local buckles to those mentioned above occurred just above them, as shown in Figure 4.16. 

Sully and Hancock (1996) also observed an asymmetric mode of failure when they tested 

125xl25x6SHS stub-column specimens, and concluded it was probably due to the machined ends 

being slightly non-flat.

Similar to the tensile tests, there were no signs of any deterioration of the welds during the 

compression tests. Neither was there sign of any deformation of the SHS over the stiffened length 

of the specimen (The length and outer dimensions of these parts of the SHS were unchanged after 

the test).

(a) Front view (b) Side view (West face)

Figure 4.16 Local buckling of monotonic compression test specimen CSS2-40H.
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Figure 4.17 Test specimen CSS2-40H

Figure 4.18 presents the load-displacement response of both specimens. The numerical result 

parameters from these tests are given in Table 4.4. The definitions for these parameters are similar 

to those for the monotonic tensile test and are specified in Figure 4.7. The average yield and 

ultimate stresses for the specimens were 308A7/wm  ̂and 333N/mm^ respectively. In both tests, local 

buckling was observed around the time the ultimate resistance of the specimen was attained. The 

comprcssivc resistances of these sections were similar to the measured tensile strengths found in 

monotonic tensile tests (fy = 319MPa,yL = 332MPa -  see Section 4.2.1), due to the compactness of 

the sections. As noted in Chapter 3, with respect to local buckling, international codes (AISC, 

1999; AISC, 2002; CEN, 1992; BSI, 2000a) classify the walls of these sections as Plastic or Class 

1. The slight reduction in yield strength observed in the strut tests may have been influenced by 

material imperfections (residual stresses), geometric imperfections, or the boundary conditions. In 

fact, from Figure 4.15 and 4.17, it is evident the boundary conditions affected the buckling pattern 

of the section. Short hollow specimens are expected to initially buckle locally at mid-height, with 

opposite faces bulging and indenting, as shown in Figure 2.7.

From Table 4.4, it is evident that two different ductility capacities (3.7 and 2.6) were observed for 

the hollow specimens. These are a function of the different yield displacements, 5y.
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Figure 4.18 Example of static compressive test results

Table 4.4 Test parameters for the monotonic compressive test specimens

Specimen
n><'>

Steel
ID (kN) (mm)

f /*>
(kN) (mm) SIn) So

(mm)
F„„
(kN)

ki
(kN/mm)

f
d 1 M-a

H

Fy'̂ > /
F <■*’* y,nm

CSS1-40H AO 58.1 0.56 107.1 1.01 118.2 3.70 118.7 106 0.83 3.7 1.25
CSS2-40H AO 93.9 1.10 112.7 1.31 118.8 3.45 119.1 86 0.81 2.6 1.31
CSS1-40F A5 115.4 0.70 207.5 1.26 234.3 5.57 238.4 165 3.53 4.4 2.42
CSS2-40F A5 137.1 0.88 211.4 1.34 233.6 5.98 237.5 159 4.46 4.5 2.46
Notes:
(1) Yield values taken from where the force-displacement graph deviates from a straight line (proportional 
limit).
(2) Yield values correspond to point where the tangent at the origin and the tangent that has a slope of one- 
tenth the tangent at the origin intersect.
(3) Displacement ductility = Ultimate displacement/yield displacement
(4) Nominal yield strength of the steel material as given in EN102I9-1:1997.________________________

4.3.2 Filled specimens

Local and lateral buckling was observed in these specimens, as shown in Figure 4.19. No inward 

local buckling occurred. The weld between the hollow section and the base plate of Specimen 

CSS1-40F fractured during the test. However, this did not occur until a displacement of more than 

30/72/w. The second test (CSS2-40F) had to be stopped at a displacement of 22mm due to the 

actuator reaching the end of its stroke. The load-displacement curves for the filled sections are 

shovm in Figure 4.20, while the numerical result parameters are given in Table 4.4. Local buckling 

was first observed when the specimens were at their ultimate resistance. This occurred at 

displacements of approximately A.1mm and 4.5/ww for specimens CSS1-40F and CSS2-40F, 

respectively. The resistances of the specimens were reduced after buckling, as can be seen from 

Figure 4.20. However, after the specimens were squashed by approximately \5mm, their resistance 

started to increase again. The resistance of CSS1-40F reduced again after it was compressed by 

26.5mm. Specimen CSS2-40F was only compressed by 22mm.
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Local buckling of specimen CSS1-40F initially occurred close to the top stiffener on the faces 

orthogonal to the stiffener. On fiirther loading the specimen, the local buckle of the face containing 

the seam weld got larger and the faces adjacent to it also experienced local buckling, while the 

buckle on the opposite face did not appear to increase significantly. Slight lateral buckling in a 

direction orthogonal to the stifFeners was also noticed. This led to local buckling of three faces at 

mid-height of the specimen, as seen in Figure 4.19. The observed behaviour of specimen CSS2- 

40F was similar, with the only difference being that initial local buckling occurred close to the 

lower stiflfener.

Figure 4.19 Buckling of composite strut specimen CSS1-40F
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Figure 4.20 Measured load-dispiacement responses of composite strut specimens.

In Figure 4.21, the load resisted by the steel section alone, evaluated fi’om the average longitudinal 

strain measured at mid-height, is compared with the measured resistance of the overall cross- 

section. As with the monotonic tensile tests (Figure 4.11) the steel section resistance determined
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from the strain gauge results is overestimated after the load-displacement curve for the specimen 

deviates from a straight line, because the assumed linear relationship between stress and strain is no 

longer valid. Figure 4.21 indicates that filling the hollow sections provided a 13% increase in the 

elastic axial stiffiiess of both composite struts.

250 T—

200

150

100

CSS1-40F 
CSS2-40F 
CSS1-40F • Steel 
CSS2-40F - Steel

0 0 2 0,4 06 0.8 1 2 1 4 1 6 1 8 2

Figure 4.21 Comparison of load in the specimen to load in the steel.

4.3.3 Summary comparison of hollow and filled sections

Both inward and outward local buckling were observed in the hollow compression specimens, 

whereas the mortar in the filled specimens prevented inward local buckling. For both filled and 

hollow specimens, local buckling was first observed close to the point when the ultimate resistance 

of the specimen was attained. The resistances of the specimens reduced after buckling, as indicated 

in Figures 4.18 and 4.20. The hollow and filled short specimens tested in compression were cut 

from different lengths of steel. Therefore, to directly compare the influence of the mortar, the load- 

displacement curves are normalised by the product of the yield strength obtained from the tensile 

coupon tests ify) and the actual cross section area of steel (v4j), and are given in Figure 4.22. The 

compression load-displacement responses of only one filled and one unfilled 40x40x2.5SHS 

specimen are shown, as the other specimens displayed very similar responses, as seen earlier. 

From this graph, it is evident that the infill increases the buckling capacity of the stmt, but more so 

the post-buckling capacity of the strut. In fact, the maximum compressive resistance of both 

composite struts was increased by 26% due to the presence of the mortar. This is notably higher 

than the Eurocode 4 (CEN, 1993) prediction of 13 percent, which suggests that confinement of the 

mortar by the steel section significantly increased its compressive resistance (by about 70 %). The 

infill also increases the stifl&iess of the strut.
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Figure 4.22 Comparison o f compressiv e load-displaccm cnt curves for the short hollow and filled 
specimens.

4.4 CYCLIC TESTING OF INTERMEDIATE LENGTH SPECIMENS

This section presents the results from a series o f tests on intermediate length (1 lOOw/w) specimens 

subjected to increasing amplitude cyclic displacements. The objectives o f  this test series, and o f 

the following test series on long specimens were:

1. To determine the hysteretic behaviour, overall buckling, tensile and ductility capacities o f

bracing members with hollow sections.

2. To determine influence o f  slenderness on specimen behaviour.

3. To determine influence o f  infill on the behaviour o f intermediate length members.

4. To obtain experimental data to validate numerical models.

As well as a description o f the overall hysteretic behaviour o f  the bracing specimens, emphasis is 

given to assessing buckling and post-buckling compressive capacity, tensile strength, and attained 

ductility and energy dissipation levels. Due to uncertainties related to the actual contribution o f the 

infill during inelastic cyclic response, the use o f  composite m embers as dissipative diagonals in 

concentrically braced frames has not been addressed within the current Eurocode 8 provisions 

(CEN, 2001). Particular emphasis is therefore placed in this section on differences between the 

behaviour o f hollow and filled specimens under idealised earthquake loading, whereas Section 4.5 

focuses more on the influence o f slenderness on specimen behaviour.
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4.4.1 Steel hollow sections

Six cyclic tests were carried out on intermediate length hollow steel sections. Three different 

section sizes were employed. Specifically, two specimens made fi"om each of the following section 

sizes were tested: 40x40x2.5SHS, 20x20x2.0SHS and 50x25x2.5RHS.

In the first test on each section size, the seam weld of the hollow section faced forwards in the test 

rig, as shown in Figure 3 .10. In the second test of each pair, the specimen was rotated 90 degrees 

clockwise in the test-rig to investigate whether slightly non-parallel loading platens, or small 

rotation of the connection, caused the specimens to buckle in one direction rather than another. It 

was observed that the orientation of the specimen in the test rig did not influence the axis about 

which it buckled. The initial longitudinal axis profile of each specimen was measured prior to 

testing. However, no significant relationship between this initial profile and their final buckled 

shape was observed.

The measured hysteresis curves are presented in Figures 4.23-4.28. The normalised slenderness A 

of the test specimens, and parameters obtained fi'om the load-displacement curves are summarised 

in Table 4.5. The normalised slendernesses, about the weak axis where applicable, range fi'om 0.4 

to 1.0. The behaviour of longer specimens {3300mm) with normalised slenderness between 1.3 and 

3 .2 is presented in Section 4.5. The test specimens in the shake table tests described in Chapters 5 

and 6 also have slenderness values in this range, and are all more slender than the specimens 

described here.

D<tplac«m«nt (mm)

Figure 4.23 Experimental load-displacement response of Specimen CyISl-40H (40x40x2.5)
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Figure 4.24 Experimental ioad-displacement response of Specimen CyIS2-40H (40x40x2.5)
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Figure 4.25 Experimental load-displacement response of Specimen CyIS3-20H (20x20x2.0)
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Figure 4.26 Experimental load-displacement response of Specimen CyIS4-20H (20x20x2.0)
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Figure 4.27 Experimental load-displacement response of Specimen CyIS5-50H (50x25x2.5)
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Figure 4.28 Experimental ioad-displacement response of Specimen CyIS6-S0H (50x25x2.5)

The specimens with the lowest slenderness values, namely the 40x40x2.5SHS and 50x25x2.5RHS 

specimens, failed by a combination o f overall lateral flexural buckling and local buckling at plastic 

hinge locations at mid-height and close to the end stiffeners, as depicted in Figure 4.29. These 

specimens experienced uniaxial buckling: in the direction o f the stiffeners in the case o f the 

40x40x2.5SHS struts and, as expected, about the weaker axis in the instance of the 50x25x2.5RHS 

struts. In other words, buckling occurred about the X-X axis and the Y-Y axis for the 

40x40x2.5SHS and 50x25x2.5RHS struts, respectively, as defined in Figure 4.30. Final fi'acture of 

the specimens occurred due to the high strains that developed when local buckling occurred at mid- 

height. Fracture originated at the comers o f the cross-section and then extended across the buckled 

faces. Fracture of the 40x40x2.5SHS struts also occurred close to the stiflfeners, but these 

specimens ruptured at mid-height before the fi"actures close to the stififeners could develop fully. 

The fracture across the buckled faces o f the 40x40x2.5SHS and 50x25x2.5RHS specimens opened 

during the first tensile cycle o f amplitude 85y and 106y respectively.
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Figure 4.29 Failure of specimen CyISl-40H. (a) Lateral and local 
buckling, (b) fracture across local buckle near top stiffener, (c) 
fracture across local buckle at mid-height of the specimen.
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Figure 4.30 Typical rectangular and square hollow sections

Failure of the most slender specimens, namely the 20x20x2.OSHS specimens, was by lateral 

buckling without any local buckling. These specimens buckled biaxially, as indicated from the 

photos in Figure 4.31. At large amplitudes, a reduction in the cross-sectional area of the steel 

hollow section occurred close to the stiffeners and at mid-height of the specimen, as can be clearly 

seen in Figure 4.32. Specimen CyIS3-20H fractured at mid-height on the second tensile cycle of 

amplitude 166y, while specimen CyIS4-20H fractured approximately 6.5mm below the upper 

stiffener on the second tensile cycle of amplitude 105y.
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(b)

Figure 4.31 Specimen CyIS3-20H during I"** cycle with amplitude 105 .̂ (a) Front view with 
specimen in compression, (b) side view with specimen in compression, (c) front view with specimen 
in tension.

(a) (b) (c)

Figure 4.32 Specimen CyIS3-20H after failure, (a) Fracture at mid-height, (b) reduction in cross 
iection near upper stiffener, (c) reduction in cross section near lower stiffener.
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In all six tests, the specimen was loaded first in compression, and buckled in the first cycle of 

amplitude 25y. During the second and third cycles at this displacement amplitude, the compressive 

resistance degraded significantly, mainly due to residual out-of-plane deformations from previous 

cycles (Goggins et al, 2004b). Throughout each group o f cycles o f the same magnitude, the brace 

also accumulated permanent elongation and, hence, could only develop its yield resistance after 

larger axial deformation was imposed in tension. This is evident from Figure 4 .31(c), which shows 

specimen CyIS3-20H subjected to a positive displacement o f 108y during the second cycle at this 

amplitude.

For cycles of amplitude 45y or greater, the maximum compressive resistance occurred in the second 

cycle of each group. This is attributable to the initial loading for each group o f cycles being in 

compression and the permanent lateral deformations accumulated during the previous group of 

cycles, as is evident in Figure 4.31(c). Upon load reversal, the strut straightened and further tensile 

axial elongation occurred. Hence, during the second cycle the compressive resistance increased. 

This phenomenon is more pronounced in the specimens with a higher slenderness ratio, namely in 

the 20x20x2.OSHS specimens. It should be noted that if the initial loading had been in tension, 

then the maximum compressive resistance for each group o f cycles would occur during the first 

cycle.

The inelastic plastic hinge rotation in each cycle increased as the brace elongated and the imposed 

deformations increased. Eventually, for the stockier specimens, local buckling o f the cross section 

developed at the hinge location, which induced high localised strains and contributed to further 

reduce the brace compressive strength. For the more slender specimens however, a reduction in 

cross section occurred at the hinge locations. Fracture took place at the hinge when the strut was 

stretched in tension during its first cycle after the amplitude o f the axial deformation was increased.

Table 4.5 Cyclic test parameters for intermediate length specimens

S p ec im en Section size
n a 4 - .

( - ) ( - )

ko
(kN /m m )

Fy
(kN)

8y
(mm)

F„
(kN)

Spu
(mm)

F c i

(kN)
8 f c i

(mm)
5 „ i

(mm)
8 u 2

(mm)
Ha

H
CyISl-40H 40x40x2.5SHS AO 0.4 0.4 41.6 100,4 2,38 112,9 4,65 -104.3 -3,22 14,0 20,7 8,7

CyIS2-40H 40x40x2.5SHS AO 0.4 0.4 42.8 101,5 2,36 112,4 4,56 -106.6 -3,56 14,6 17,8 7,5

CyIS3-20H 20x20x2,0SHS CO 0.9 0.9 21,7 26,0 1,19 45,4 9,10 -27.0 -1,66 - 35,3 29.7

CylS4-20H 20x20x2.0SHS CO 0.9 0.9 27.3 29,8 1,08 46,0 4,66 -31.9 -1.90 - 22,6 20.9

CylS5-50H 50x25x2.5RHS BO 0.4 0,6 47.9 78,1 1,61 111,5 4,65 -82.3 -2.53 19,2 23,0 14.3

CyIS6-50H 50x25x2.5RHS BO 0.4 0.6 46.1 83,1 1,79 111,5 4.66 -85.1 -2.17 17,6 21,8 12.2

CyISl-40F 40x40x2.5SHS A5 0.6 0,6 64,0 181,2 2,83 202,2 9,29 -190.1 -4,14 - 13,4 4.7

CyIS2-40F 40x40x2.5SHS A5 0.6 0.6 63.2 162,3 2,57 202,2 9.38 -168.5 -3,66 - 9,97 3.9

CylS3-20F 20x20x2.0SHS Cl 1.0 1.0 31,8 37,0 1,17 52,5 4.65 -37.9 -1,40 - 27,8 23.8

CyIS4-20F 20x20x2.0SHS Cl 1,0 1.0 30,3 36,7 1,21 52,4 4.63 -38,1 -1,62 - 27,1 22.4

CyIS5-50F 50x25x2.5RHS B4 0.5 0.7 57,2 95,7 1,66 118,2 9.25 -100,1 -2.48 24,5 25,6 15,4

CylS6-50F 50x25x2.5RHS 84 0.5 0.7 63,3 98,6 1,56 119,0 4.57 -102,8 -2,17 22,9 26,9 17,2

1 1 0
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The definitions o f the parameters given in Table 4.5 are illustrated in Figure 4.33 and are as 

follows;

is the normalised slenderness about the X-X axis as defined in Eurocode 3 (CEN, 1992),

where the effective length is assumed to be 0.5Z, = 550mm. The orientation o f the axes is shown in

Figure 4.30.

is the normalised slenderness about the Y-Y axis as defined in Eurocode 3 (CEN, 1992),

where the effective length is assumed to be 0.5Z = 550mm.

ko is the tangent modulus at the origin o f the hysteresis curve evaluated fi"om the first cycle curve.

Fy is the yield load evaluated fi'om the hysteresis curve.

5y is the corresponding yield displacement.

Fu is the maximum tensile load attained during the test.

5fu is the displacement at which this load occurred.

Fci is the compressive load at which buckling first occurred.

6kci is the displacement at which this load occurred.

6ui is the displacement applied to the specimen when it fi’actured across a face.

8u2 is the displacement at which ultimate failure occurred.

Tension

z
JC

no
_ j

■  Fracture 
Ultimate Failure

♦ Max Force
♦  1st budding in com pression

Compression

Displacem«nt (mm)

Figure 4.33 Definition of parameters for cyclic tests
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4.4.2 Filled specimens

Six intermediate length (1100/maw) hollow steel sections were filled with mortar and tested under 

cyclic loading. The test procedure employed was the same as that used for the hollow specimens. 

Pairs of 40x40x2.5SHS, 50x25x2.5RHS and 20x20x2.OSHS specimens were tested. The test 

results and observations are presented in this section and the differences in behaviour between the

hollow and filled sections are discussed in the next section.

The hystersis curves for the filled specimens are given in Figures 4.31-4.36. The parameters

obtained fi-om the load-displacement curves are simimarised in Table 4.5.

250 1 1
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Figure 4.34 Experimental load-displacement response of filled specimen CyISl-40F (40x40x2.5)
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Figure 4.35 Experimental load-displacement response of filled specimen CyIS2-40F (40x40x2.5)
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Figure 4.36 Experimental load-displacement response of filled specimen CyIS3-20F (20x20x2.0)

Ois^laccmenl (ramt

Figure 4.37 Experimental load-displacement response of filled specimen CyIS4-20F (20x20x2.0)

Ois|iUc«m*at (m ni

Figure 4.38 Experimental load-displacement response of filled specimen CyIS5-50F (50x25x2.5)
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Figure 4.39 Experimental load-displacement response of filled specimen CyIS6-50F (50x25x2.5)

Unlike the equivalent hollow sections, no local inward buckling of the filled 40x40x2.5SHS 

specimens was observed, as can be seen in Figure 4.40. However, both filled specimens failed 

suddenly. Specimen CyISl-40F ruptured suddenly across all four faces at mid-height during the 3'̂ '* 

cycle of amplitude 65y. In Specimen CyIS2-40F, the base plate weld fi'actured during the 2"** cycle 

of amplitude 65y. No deterioration of this weld was observed in Specimen CylSMOF. Both 

spccimcns cxpcricnccd uniaxial lateral buckling, but in orthogonal directions, with specimen 

CylSMOF buckling in the direction of the stiffeners.

Figure 4.40 Failure of composite specimen CyISl-40F
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Both of the filled 20x20x2.OSHS specimens buckled biaxially in the same direction, even though 

the second specimen was orientated 90 degrees clockwise in the test rig. During cyclic testing of 

Specimen CyIS3-20H, local outward buckling of the comer on the concave side of the laterally 

buckled specimen was observed at mid-height, and the opposite comer was indented over a height 

of approximately 40/nw, as seen in Figure 4.41(a). The comer that experienced local buckling then 

ruptured and the fracture extended across the adjacent faces. Eventually the specimen failed by 

fracturing at mid-height during the 2"'* tensile cycle of amplitude 125y, as displayed in Figure 

4.41(b). Cross-section reduction was observed close to the stiffeners, similar to that observed in 

the equivalent hollow sections (Figure 4.32).

(a) (b)

Figure 4.41. (a) Local deformation of Specimen CyIS3-20H at mid-height during 3*̂  compressive 
cycle of amplitude 105y (b) Failure of Specimen CyIS3-20H at mid-height

No outward local buckling of Specimen CyIS4-20F was observed during testing. With the 

exception of the local buckling, the local deformations of this specimen were similar to those of 

Specimen CyIS3-20F, as seen in Figure 4.42. The specimen foiled in a similar manner; mpturing 

at the comer at mid-height (Figure 4.42(b)), with this mpture then extending across the adjacent 

faces. A reduction in cross section was observed close to the stiffeners, with a mpture opening just 

above the weld on one face (Figure 4.42(d)). Specimen CyIS4-20F failed during the T‘ tensile 

cycle of amplitude 125y.
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(a) (b) (c) (d)

Figure 4.42. Photos of Specimen CyIS4-20H. (a) Local deformation at mid-height during 1’* 
compression cycle of amplitude 105^ (b) Necking and rupture at mid-height during 3"* tensile 
cycle of amplitude 105^ (c) Failure at mid-height (d) Rupture of specimen above lower stiffener.

As expected, the 50x25x2.5RHS specimens experienced uniaxial buckling about the weaker axis. 

Local outward buckling of Specimen CyIS5-50F was first observed close to the stiflfeners during 

the 2"‘‘ cycle of amplitude 45y, and then at mid-height during the 2"“* cycle of amplitude 65y. Figure 

4.43(a) shows this local buckling, together with the lateral buckling of the specimen during the 2"̂  

compressive cycle of amplitude 86y. During the 1®‘ cycle of amplitude 105y the specimen also 

buckled locally inward at mid-height, as shown in Figure 4.43(b). During the next cycle a crease 

was observed across the inward local buckle. During the 1®* tensile cycle of amplitude 125y, three 

faces ruptured at mid-height. The final face ruptured on the next tensile cycle. The failed 

specimen is displayed in Figure 4.43(c). Necking was observed close to the stififeners.

The observed behaviour of Specimen CyIS6-50F during the test was very similar to that of 

Specimen CyIS5-50F, although each observation occurred one cycle earlier. For example, local 

inward buckling of Specimen CyIS6-50F was observed during the 3"* cycle of amplitude 86y, 

whereas this was observed during the cycle of amplitude I05y for Specimen CyIS5-50H. 

Specimen CyIS6-50H failed in tension during the cycle of amplitude 128y.

There was no signs of weld damage or any deformation of these specimen over their stiffened 

lengths.
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Figure 4.43. Specimen 
CyIS5-50F during (a) 2"“ 
compressive cycle of 
amplitude 85^, (b) 1’* 
compressive cycle of 
amplitude lOSy, and (c) 3' 
compressive cycle of 
amplitude 105y.

Figure 4.44. Specimen CyIS5-50F after failure.
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4.4.3 Summary comparison of hollow and filled sections

As mentioned previously, due to uncertainties related to the actual contribution o f  the infill during 

inelastic cyclic response, the use o f  composite members as dissipative diagonals in concentrically 

braced frames has not been addressed within the current Eurocode 8 provisions (CEN, 2001). This 

section therefore focuses on the comparative behaviour o f  the hollow and filled bracing specimens 

under idealised earthquake loading. Comparisons are made o f  buckling and post-buckling 

compressive capacity, tensile strength, and attained ductility and energy dissipation levels.

Buckling capacity

The buckling resistances o f  the filled sections were greater than the equivalent hollow sections, as 

seen in Table 4.6. To take account o f the influence o f  material strength, the measured initial 

buckling loads (Fc) have been normalised by the measured tensile resistance o f  the section (Fy) 

obtained from monotonic tensile tests. The ratio FJFy is larger for all composite specimens than 

the equivalent bare steel sections, except for one o f  the filled 40x40x2.5SHS specimens (CyIS2- 

40F) whose buckling capacity is relatively low.

In Table 4.6, the experimental initial buckling loads for each specimen type (Fc) are compared with 

unfactored design strengths predicted using European (Nec) (Eurocode 3 (CEN, 1992), Eurocode 4 

(CEN, 1993)) and American ( N a i s c )  (AISC, 1999) specifications. In estimating the unfactored 

design strengths, the modulus o f elasticity, E, is assumed to be \SOkN/mm^, and the effective 

length, Z,e, as O . S L t , where L r  is the total length o f  the specimen as defined in Figure 3.1. For cold- 

formed members, Eurocode 3 (CEN, 1992) allows the use o f  either the basic material yield strength 

in conjunction with curve ‘b ’, or the yield strength from full section tensile tests in combination 

with curve ‘c ’. For the ‘simplified method o f design’, Eurocode 4 (CEN, 1993) recommends using 

design curve ‘a ’ for filled steel hollow sections. In Table 4.6, Series 1 and 2 refer to the 1100mm 

long hollow and filled specimens, respectively and Series 3 refers to the 3300mm long specimens. 

The buckling capacities o f  specimens in Series 1 and 2 will be discussed here, while the specimens 

in Series 3 are discussed in Section 4.5.

Material properties obtained from the tensile coupon tests were used in conjunction with buckling 

curves ‘a ’ and ‘b ’ for the filled and hollow specimens, respectively. Good agreement is observed 

between these design values (NEc.mai)  and those predicted using the American specification ( N a i s c ) ,  

all o f  which underestimate the actual buckling resistance o f  the specimens (Table 4.6). For 

comparison, the measured section yield strengths from the tensile tests on short specimens were 

also used to predict the buckling capacity (Nec.scci) o f  the filled and hollow specimens using 

buckling curves ‘a ’ and ‘c ’, respectively. For most specimens, these design values showed better 

agreement with measured buckling strengths. In fact, the observed buckling capacity is slightly 

overestimated for the filled 40x40x2.5SHS and 50x25x2.5RHS specimens. It should be noted that
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factors o f  safety w ere om itted  w hen estim ating design values, and that i f  the effective length was 

based on the unstiffened length o f  the specim ens higher design values w ould be obtained, bringing 

the code pred ictions c loser to the m easured buckling strengths in m ost cases.

W hen design ing  build ings to  resist static loads, a conservative estim ate o f  m em ber capacity 

norm ally represents a safe design value. H ow ever, in seism ic design, an underestim ate o f  brace 

resistance could result in under-designed non-dissipative elem ents such as connections, beam s and 

colum ns, leading to prem ature brittle failure and global instability . T herefore, a non-conservative 

evaluation o f  the actual buckling strength o f  brace m em bers is necessary , in w hich case, predictions 

based on section strength seem  m ore appropriate, for both filled and hollow  specim ens.

Table 4.6 Buckling loads for hollow and filled cyclic specimens

Test ID Section
Size A d/t

M easured Buckling Capacity Predictions

Fc
(kN)

F c / F ,
F c F c F c F c

K r^  E C ,m at ^  E C ,see l ^  A IS C

Series! (Hollow; Lt = 1100mm)
CyISl-40H 40x40x2.5 0.40 13.1 104.3 0.92 1.25 1.02 1.25 0.20
CyIS2-40H 40x40x2.5 0.40 13.1 106.6 0.94 1.28 1.04 1.28 0.21
CyIS3-20H 20x20x2.0 0.88 6.7 27.0 0.70 1.05 1.14 1.03 0.61
CyIS4-20H 20x20x2.0 0.88 6.7 31.9 0.83 1.24 1.35 1.22 0.72
CyIS5-50H 50x25x2.5 0.64 17.1 82.3 0.76 1.09 0.99 1.08 0.41
CyIS6-50H 50x25x2.5 0.64 17.1 85.1 0.78 1.12 1.03 1.12 0.42

Mean 0.82 1.17 1.10 1.16 0.43
COV 0.11 0.08 0.12 0.09 0.48
Series2 (Filled; L t = 1 lOOmm)
CyISl-40F 40x40x2.5 0.56 12.8 190.1 1.01 1.19 0.99 1.22 0.34
CyIS2-40F 40x40x2.5 0.56 12.8 168.5 0.89 1.05 0.88 1.08 0.30
CyIS3-20F 20x20x2.0 1.00 6.8 37.9 0.84 1.21 1.13 1.24 0.81
CyIS4-20F 20x20x2.0 1.00 6.8 38.1 0.84 1.22 1.13 1.25 0.81
CyIS5-50F 50x25x2.5 0.73 17.3 100.1 0.91 1.05 0.94 1.09 0.46
CyIS6-50F 50x25x2.5 0.73 17.3 102.8 0.94 1.08 0.96 1.12 0.48

Mean 0.91 1.14 1.00 1.17 0.53
COV 0.07 0.07 0.10 0.07 0.42
SeriesS (Hollow; Lx = 3300mm)
CyLSl-40H 40x40x2.5 1.30 12.9 53.5 0.45 1.15 1.15 1.12 0.95
CyLS2-40H 40x40x2.5 1.31 12.9 53.1 0.44 1.14 1.16 1.11 0.94
CyLS3-40H 40x40x2.5 1.31 12.9 50.4 0.42 1.08 1.10 1.05 0.89
CyLS4-20H 20x20x2.0 3.17 6.5 5.7 0.09 1.12 1.10 1.34 1.14
CyLS5-20H 20x20x2.0 3.00 6.0 5.6 0.10 1.04 0.99 1.24 1.12
CyLS6-20H 20x20x2.0 3.00 6.0 5.8 0.10 1.09 1.04 1.30 1.18
CyLS7-50H 50x25x2.5 1.95 17.3 18.9 0.18 0.90 0.89 1.00 0.84
CyLS8-50H 50x25x2.5 2.18 16.9 17.6 0.13 0.81 0.72 0.92 0.79
CyLS9-50H 50x25x2.5 2.18 16.9 15.1 0.11 0.69 0.61 0.78 0.67

Mean 0.23 1.00 0.97 1.10 0.95
COV 0.71 0.16 0.20 0.17 0.18

The actual buckling resistances (Fc) o f  the brace m em bers lie betw een 20%  and 81%  o f  their Euler 

values (Ncr), w ith  c loser agreem ent as brace slenderness increases (T able 4.6). This provides an 

indication o f  the degree o f  inelastic buckling w hich occurred. For filled  m em bers, an equivalent
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stiffness (£/)e was used to determine Ncr, where (£/)e = EJa  + O.SEcjIc in which Ea and la are the 

elastic modulus and second moment o f area for the considered bending plane o f the structural steel, 

and Q.SEcJc is the effective stiffness o f  the concrete part (CEN, 1993).

In Figure 4.45, the buckling resistance o f each specimen has been normalised by the plastic section 

capacity Npi,R to allow a direct comparison to be made between the experimental results and those 

predicted by international standards. The North American standard (AISC, 1999) employs a curve 

similar to Curve ‘b ’ in Eurocode 3 (CEN, 1992). These design curves predict the buckling 

resistance well, with curves ‘a ’ and ‘c ’ o f  Eurocode 3 providing reasonable upper and lower 

bounds.

1

0 8

 EC3 Curve a
 ECS Curve b
 ECS Curve c
 AISC
 Elastic-plastic

O  Hollow brace 
♦ Filled brace 
A  Stub columns

I0 6

04

0 2

0
0.6 0 8 1 2 1 40 0 2 0 4 1

Normtllsad •l«nd«m«s(, X

Figure 4.45. Normalised buckling loads for intermediate lengtti specimens.

Post-buckling com pressive strength

In all tests, once first buckling o f  the specimens had occurred, their compressive resistance 

decreased upon applying larger compression deformations, or during the second and third cycle at a 

given displacement amplitude (Figures 4.23-4.28 and Figures 4.34-4.39). Normalised compression 

resistance envelopes obtained from the load-displacement plots o f the hollow and filled 

intermediate length specimens are presented in Figures 4.46. In this figure, the compressive 

resistance (F^) has been normalised by the product o f  the yield strength o f the steel obtained from 

coupon tests (Jl) and the actual cross-sectional area o f  the steel section (As). As noted earlier, the 

infill appears to improve the buckling capacity o f all members. In addition. Figure 4.46 suggests 

that the infill also improves their post-buckling resistances. As well as providing additional 

compressive resistance, the mortar also prevents or delays local buckling o f the steel section, thus 

improving the post-buckling response o f the composite sections (Broderick et al, 2004a). In 

general, post-buckling resistance degrades less quickly in members o f  higher slenderness. This 

v/ill be discussed in more detail in Section 4.5. An accurate estimate o f  the post-buckling
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resistance o f brace members is important as it can determine the maximum base shear and column 

loads in some brace configurations (Elghazouli, 2003) and also influences the overall energy 

dissipation capabilities of the brace member.

Hollow
 40x40x2.5SHS
 50x25x2.5RHS
-  ■ -  20x20x2.0SHS

Filled 
 40x40x2.5SHS
-  -  50x25x2.5RHS 
 20x20x2.0SHS4

0 4

0 2

9 106 7 83 4 51 20
8 /

Figure 4.46. Comparison of compression envelope curves for filled and hollow cyclic specimens.

C yclic tension loads

As observed in previous studies (for example, Popov et al, 1979; Jain et al, 1980; Tremblay, 2002; 

Zhao et al, 2002), the cyclic loading procedure employed has a direct influence on the response of 

brace specimens. Beyond the elastic phase, during the first cycle at a new displacement amplitude, 

both hollow and filled specimens stretch inelastically, causing a permanent elongation. When the 

member is subsequently compressed, a lateral deflection occurs. Because the strut had lengthened 

in tension, a residual lateral deformation is still present when the specimen subsequently unloads to 

its starting point of zero axial displacement. Thus, the beginning o f the positive displacement 

phase of each cycle involves straightening the strut. Generally, specimens do not return to being 

fully straight until the maximum amplitude of positive displacement is reached. This behaviour 

accounts for the apparent reductions in brace stiffness and maximum tension load displayed in the 

later cycles of the hysteresis curves.

Figures 4.47(a) and (b) show typical normalised tension force envelope curves, obtained from the 

hysteresis curves for cycle 1 and 3, respectively. Very good agreement is observed between the 

response o f the hollow and filled specimens, with the exception that the normalised tensile capacity 

of the 40x40x2.5SHS is greater for the filled specimen. Figure 4.48 shows the peak tensile loads at 

a ductility of 5 plotted against normalised slenderness. The more slender specimens are seen to 

suffer the greater reduction in peak tensile loads. This is in contrast to the post-buckling resistance 

of the specimens, where the less slender specimens suffer most.
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Figure 4.47. Tensile envelope curves for intermediate length specimens in (a) 1*' cycle, and (b) in 3’̂'* 
cycle.
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Figure 4.48. Normalised peak tensile loads at a ductility of 5.0.
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D uctility and energy d issipation

The displacement ductility capacity (^A=8u/8y) o f the brace specimens varied from 3.9 to 29.7, with 

the capacity of both hollow and filled specimens increasing with member slenderness (Table 4.6 

and Figure 4.49(a)), This trend has been observed in previous studies on bare steel members (for 

example, Jain et al, 1980; Tremblay, 2002). The variation o f ductility capacity with section width- 

to-thickness {dit) ratio does not show a clear trend (Figure 4.50(a)). This may be due to the 

ductility capacity of the specimens being heavily dependent on the steel strength (Broderick et al, 

2004b) or the relative stiffness imposed by the adjacent walls o f the rectangular sections 

(Wilkinson & Hancock, 1998).

As noted in Section 4.2 there was a clear relationship between the ultimate strain and yield strength 

of steel (see Figure 4.8). In Figure 4.8, a linear regression line was shown, which quantifies this 

relationship for the short tensile specimens. The slope (a) of this line may be used to modify the 

measured ductility capacitics (|^a) of the cyclic specimens to take account of their individual yield
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strengths. Thus, the ductility  ratios presented in F igures 4 .49(b) and 4 .50(b) allow  for the influence 

o f  the actual (m easured) yield strength o f  each specim en. In these figures, the m odified ductility is

d f  ~  f
defined as mod = —  + «  , w here 5u is the m axim um  axial deform ation, 5y is the axial

^  y  fy ,n o m

deform ation at yield, a  is a constan t to take account o f  the re la tionsh ip  betw een ultim ate strain and 

m aterial strength , f y  is the actual (m easured) m aterial yield strength, and fyn o m  is the nom inal 

m aterial yield strength. L inear regression o f  m onotonic tensile  section test results determ ined a  to 

be 14.04 (Section  4.2).

f  - f  „om
In Figure 4 .49(b), values o f  m odified  ductility  + o i —  ) are plotted against

fy^nom

m em ber slenderness. A s in Figure 4.49(a), the trend o f  ductility  increasing w ith m em ber 

slenderness is evident, but in this plot the influence o f  the infill on ductility  can also be seen, with 

the filled specim ens generally  d isplaying higher capacities. N o im provem ent is observed for the 

m ost slender specim ens because local buckling did not occur due to the ir low  section slenderness. 

This trend is confirm ed in Figure 4.50(b). The ductility  capacides o f  the 50x25x2.5RHS { d i t  =  

17.1) are higher than those o f  the 40x40x2.5SHS specim ens { d / t  =  13.1) because the stiffer w ebs o f  

the rectangular section im prove the local buckling resistance o f  the flanges. The influence o f  the 

relative stiffness o f  adjacent w alls o f  rectangular sections has also been noted  in previous tests on 

hollow  specim ens (W ilkinson & H ancock, 1998).

L inear r e g r e s s io n  lin e s  for; 

H ollow

Filled_______________________

L ineal r e g r e s s io n  lin e s  for: 
Hollow

Filled_______________________

Figure 4.49. (a) Ductility versus m em ber slenderness, and (b) m odified ductility versus section slenderness.
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Figure 4.50. (a) Ductility versus section slenderness, and (b) m odified ductility versus section slenderness.

Although ductility capacity under monotonic tension may be lower for the filled members (see 

Section 4.2), under cyclic loading local buckling plays a more significant role in initiating and 

determining failure. Since the infill delays local buckling, it also provides relatively higher 

ductility. Clearly, this would only be useful for members with relatively low overall slenderness, 

or relatively high dit, or both. On the other hand, if  dit is low (e.g. « 1 0 )  particularly when the 

overall slenderness is high, the infill would not make a positive contribution to seismic behaviour, 

and may in fact result in inferior performance since failure becomes more dominated by steel 

fracture in tension (rather than due to the cracks initiated at the local buckling regions).

Overall, the slopes o f  the regression lines shown in Figures 4.49(b) and 4.50(b) indicate that the 

ductility capacity o f filled members is less sensitive to m ember and section slenderness than that o f 

hollow specimens. However, assessment o f the amount o f  energy dissipated by brace specimens 

indicated no significant difference between hollow and filled members, as shown in Table 4.7. The 

dissipated energy in each cycle is defined from the load-displacement curve as the area bounded by 

the hysteretic loop o f  that cycle. Table 4.7 shows the values o f  the total energy dissipated W,oi in 

each test. For easier comparison, the energy dissipated up to the end o f  the 10* cycle o f loading 

Wio is also presented, and both W,o, and W\o are normalised by the elastic energy o f the specimen 

IVy to give an energy index value (Usami & Ge, 1998). This allows a direct comparison to be made 

between the specimens o f  different sizes and material properties.

The total amount o f  energy dissipated by both filled and hollow specimens decreased with increase 

in slenderness (Table 4.7). On the other hand, the energy index for the intermediate length hollow 

and filled specimens increases with increase in slenderness. This is assessed in more detail for the 

hollow specimens in the next section. The difference in yield strength o f  the test specimens makes 

a direct comparison o f  hollow and filled specimens difficult, but it can be noted that the energy 

indices are generally lower in the filled case.
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Table 4.7 Dissipated energy for hollow and filled cyclic specim ens

Test ID Section
Size A d/t

Total Up to lO"’ cycle
W,o,

(m.kN)

W ,,,/W y

(-) (m .kN)

fV ,o /IV ,

(-)

Series] (Flollow; L j = 1100mm)
CyISl-40H 40x40x2.5 0.40 13.1 17.55 146.89 7.93 66.37
CylS2-40H 40x40x2.5 0.40 13.1 17.13 143.02 7.93 66.21
CyIS3-20H 20x20x2.0 0.88 6.7 8.69 561.73 1.72 111.18
CyIS4-20H 20x20x2.0 0.88 6.7 4.82 299.53 1.80 111.86
CyIS5-50H 50x25x2.5 0.64 17.1 14.16 225.22 5.27 83.82
CyIS6-50H 50x25x2.5 0.64 17.1 13.88 186.62 5.04 67.77

Series2 (Filled; L j = 1100mm)
C yIS l-40F 40x40x2.5 0.56 12.8 20.52 80.03 10.57 41.22
CylS2-40F 40x40x2.5 0.56 12.8 14.11 61.66 9.65 46.27
CyIS3-20F 20x20x2.0 1.00 6.8 7.21 333.10 2.11 97.48
CyIS4-20F 20x20x2.0 1.00 6.8 6.57 295.90 2.10 94.58
CyIS5-50F 50x25x2.5 0.73 17.3 24.82 312.47 6.14 77.30
CyIS6-50F 50x25x2.5 0.73 17.3 23.60 306.86 6.45 83.87

SeriesS (Hollow; L j = 3300mm)
CyLSI-40H 40x40x2.5 1.30 12.9 25.03 95.22 3.97 15.12
CyLS2-40H 40x40x2.5 1.31 12.9 24.80 90.42 3.89 14.20
CyLS3-40H 40x40x2.5 1.31 12.9 24.81 70.11 3.74 10.57
CyLS4-20H 20x20x2.0 3.17 6.5 1.04 4.70 0.58 2.61
CyLS5-20H 20x20x2.0 3.00 6.0 0.95 3.13 0.55 2.15
CyLS6-20H 20x20x2.0 3.00 6.0 1.16 6.05 0.62 3.22
CyLS7-50H 50x25x2.5 1.95 17.3 14.25 61.91 2.22 9.63
CyLS8-50H 50x25x2.5 2.18 16.9 17.51 29.38 1.57 2.64
CyLS9-50H 50x25x2.5 2.18 16.9 17.77 30.49 1.65 2.83

4.5 CYCLIC TESTING OF LONG SPECIMENS

The results and observations from a series o f tests on long {3300mm) specimens subjected to 

increasing amplitude cyclic displacements (‘Series 3 ’) are presented in this section. The specimens 

tested were o f the same size and length as those used in the shake table tests and had normalised 

slendernesses in the range o f 1.3 to 3.2. Nine cyclic tests were carried out on steel hollow sections, 

comprising three specimens o f  each o f the following section sizes: 40x40x2.5SHS, 20x20x2.5SHS 

and 50x25x2.5RHS. A wider assessment o f the influence o f  overall m em ber slenderness on their 

cyclic behaviour is made by comparing the results from this test series with those from Series 1, 

which contained 1100mm long hollow steel specimens o f  the same section sizes. As in Section 

4.4.3, buckling and post-buckling compressive capacity, tensile strength, and attained ductility and 

energy dissipation levels are examined. However, firstly a description o f  the overall hysteretic 

behaviour o f  the 3300mm  long bracing specimens is given.

4.5.1 Steel hollow sections

A detailed description o f the behaviour o f these specimens is presented by Lucas (2003). Only a 

brief description is given here. The measured hysteresis curves are presented in Figures 4.51 -  

4.59, and parameters obtained from these curves are summarised in Table 4.8. Uniaxial and biaxial
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bending occurred in the rectangular and square hollow sections, respectively. Local inward 

buckling occurred at mid-height of the 40x40x2.5SHS and 50x25x2.5RHS specimens, as shown in 

Figures 4.60 and 4.61, respectively. No sign of fracture was evident during the tests on specimens 

of these sizes, which were subjected to maximum displacement amplitudes of approximately 

41mw, due to the limited stroke of the actuator. The maximum ductility demands ranged between 

7.2 and 9.7 for the 40x40x2.5SHS specimens and between 5.5 and 8.7 for the 50x25x2.5RHS 

specimens. These can be compared with the ductility capacity observed in Series 1 on intermediate 

length specimens of 7.5 and 8.7 for the 40x40x2.5SHS specimens and 12.2 and 14.3 for the 

50x25x2.5RHS specimens. The 20x20x2.5SHS specimens all failed during the first tensile cycle of 

amplitude 66y. Fracture occurred suddenly in these specimens close to one end of the unstiflfened 

length, as shown in Figure 4.62.

Table 4.8. Cyclic test parameters for long specimens

Specimen
ID Si

ze M K - x K - y
ko Fy Sy F « 5 fu F c i S f c i 8 u2

(r) (-) (kN /m -) (k N ) (mm) (k N ) (mm) (k N ) (mm) (mm) (-)
CyLSl-40H CO

X
A8 1.3 1.3 194 120.6 4.2 143.9 20.7 53.5 3.5 - 9.7

CyLS2-40H
CO

<NX A7 1.3 1.3 193 126.5 4.7 143.8 20.2 53.1 3.8 - 8.7

CyLS3-40H 1o A7 1.3 1.3 191 126.5 5.7 142.5 20.2 50.4 3.7 - 7.2

CyLS4-20H CO
X

C8 3.2 3.2 168 61.4 6.9 70.2 15.7 5.7 5.0 16.0 2.3

CyLS5-20H
COo
H
X

Cl 3.0 3.0 155 64.5 7.5 69.3 15.0 5.6 7.1 15.2 2.0

CyLS6-20H
fS
Xo Cl 3.0 3.0 214 62.1 6.1 72.3 16.6 5.8 7.4 16.7 2.7

CyLS7-50F CO B4 1.1 1.9 191 99.1 4.7 117.7 20.5 18.9 1.7 - 8.7

CyLS8-50F «ri
C4
X

B7 1.2 2.2 202 164.3 7.6 187.7 26.7 17.6 1.9 - 5.4

CyLS9-50F Xo B7 1.2 2.2 197 167.4 7.4 190.1 26.7 15.1 3.7 - 5.5

100 J
(mm)

Figure 4.S1. Experimental load-displacement response of long specimen CyLSl-40H  (40x40x2.5)
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Figure 4.52. Experimental load-displacement response of long specimen CyLS2-40H (40x40x2.5)
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Figure 4.53. Experimental load-displacement response of long specimen CyLS3-40H (40x40x2.5)

60 •

  - ......
OlsplacaiiMnt ̂ nm)

Figure 4.54. Experimental load-displacement response of long specimen CyLS4-20H (20x20x2.0)
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Figure 4.55. Experimental load-displacement response of long specimen CyLS5-20H (20x20x2.0)
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Figure 4.56. Experimental load-displacement response of long specimen CyLS6-20H (20x20x2.0)
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Figure 4.57. Experimental load-displacement response of long specimen CyLS7-S0H (50x25x2.5)
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Figure 4.58. Experimental ioad-dispiacement response of long specimen CyLS8-50H (50i25x2.5)

Figure 4.59. Experimental load-displacement response of long specimen CyLS9-50H (50x25x2.5)

As in the tests on intermediate length specimens, the tension load on the 40x40x2.5SHS and 

50x25x2.5RHS specimens reduced during consecutive cycles of the same displacement amplitude, 

as is seen in Figures 4.51-4.53 and Figures 4.57-4.59. To a much less extent, but in a similar 

manner, the compressive resistance of the specimens also reduced in consecutive cycles of the 

same amplitude. This can be clearly seen from Figure 4.63, which is a typical envelope curve 

obtained from the normalised load displacement response plot of one of the 3300mm long 

specimens.

Once out of the elastic phase and during the first cycle at a particular displacement, the specimen 

was stretched and a permanent elongation resulted. When the member was compressed, a lateral 

deflection occurred and the specimen bowed out. Due to the strut having lengthened in tension, a 

residual deformation is still present when the specimen returns to its starting point of zero axial

50

-50
Dlapl«e«ment (mm)
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displacement. Thus, the beginning of the positive displacement of each cycle was assigned to 

straightening the strut. Generally, the specimens did not return to being fiilly straight until the 

maximum amplitude of positive displacement was reached. This behaviour accounts for the 

apparent reduction in the stiffness during later cycles. A reduced stiffiiess is evident in the 

shallower slope of the plot as the load changes from compression to tension.

Strength degradation is also evident in the measured hysteresis curves for the 40x40x2.5SHS and 

50x25x2.5RHS specimens. In other words, the tensile resistance of the specimens decreased at 

larger amplitude displacements, as shown, for example, in Figure 4.63. Local buckling of the 

40x40x2.5SHS and 50x25x2.5RHS specimens was observed at mid-height, as seen in Figures 4.60 

and 4.61, respectively. The 40x40x2.5SHS specimens experienced more local buckling than the 

50x25x2.5RHS specimens and hence displayed more strength deterioration.

In Figures 4.57 to 4.59, strain hardening of the 50x25x2.5RHS specimens is evident during the first 

cycle of the last four positive displacements increments, and a yield plateau has been established in 

each case. However, the load-displacement curves for the 40x40x2.5SHS specimens (Figures 4.51 

to 4.53) do not display a yield plateau suggesting that the ultimate tensile load was not reached.

(a) (b)
Figure 4.60. (a) Diamond Deformation, and (b) Local Buckling of Specimen CyLSl-40H at mid- 
heigtat
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Figure 4.61. Local buckling of Specimen CyLS7-50H.

Figure 4.62. (a) Failure of Specimen CyLS4-20H, and (b) the fractured ends of the 20x20x2.0SHS 
specimens after testing.
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Figure 4.63. Envelope curve for specimen CyLSl-40H.
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Buckling capacity

The experimental initial buckling loads (Fc) for each 3300mm  long specimen (Series 3) are 

compared in Table 4.6 with unfactored design strengths predicted using European (CEN, 1992) and 

American (AISC, 1999) specifications. As mentioned previously, for cold-formed members 

Eurocode 3 (CEN, 1992) allows the use o f either the basic material yield strength in conjunction 

with curve ‘b ’, or the yield strength o f the full section after cold-forming in combination with curve 

‘c ’. The material strength is estimated from tensile coupon tests and the section yield strength is 

obtained from equations in Eurocode 3, which account for the increase in yield strength due to 

cold-forming (see Equation 3.3), as monotonic tensile tests were not conducted for these sections. 

Good agreement is observed between these design values based on the material and section yield 

strengths and curves ‘b ’ and ‘c ’ in Eurocode 3 {NEC.mm and N ec.scc, respectively). These 

underestimated the actual buckling resistance o f the long 40x40x2.5SHS and 20x20x2.OSHS 

specimens, but overestimated the compressive resistance o f the long 50x25x2.5RHS specimens. 

Similar findings were found from predictions using the American specification (N^/sc)-

The actual buckling resistance (Fc) o f the long specimens is predicted closely by Euler (Ncr), as 

mostly elastic buckling occurred (Table 4.6). The measured buckling loads o f the 20x20x2.OSHS 

long specimens were slightly higher than that predicted by the theoretical Euler strength, which 

may be partly due to the value o f \SO,OOOMPa employed for Y oung’s modulus. On the other hand, 

the actual buckling resistance o f the intermediate length specimens (Series 1) is between 0.21 and 

0.66 times that predicted by the Euler value, with closer agreem ent as the brace slenderness 

increases (Table 4.6). This gives an indication o f the degree o f  inelastic buckling which occurred 

in these stockier specimens.

In Figure 4.64, the buckling resistance (F J  o f each specimen in Table 4.6 has been normalised by 

its plastic section capacity Npi^n to allow a direct comparison to be made between the experimental 

results and those predicted by international standards. The North American standard (AISC, 1999) 

employs a curve similar to Curve ‘b ’ in Eurocode 3 (CEN, 1992). These design curves predict the 

buckling resistance well, with curves ‘a’ and ‘c ’ o f  Eurocode 3 providing reasonable upper and 

lower bounds.
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Figure 4.64. Normalised buckling resistances.

P ost-buckling com pressive strength

As discussed previously, once first buckling o f the specimens occurred, their compressive 

resistance decreased upon applying larger compression deformations or during the second and third 

cycle at a given displacement amplitude, as shown, for example in Figures 4.63. Figure 4.65 gives 

normalised compression envelope curves obtained for hollow members o f various slenderness 

values. It is evident from this figure that compression resistance is larger for stockier specimens, 

but that these specimens experience greater reduction in compressive resistance in the post- 

buckling range. This was also noted in earlier studies by other researchers (Jain e( al, 1980; 

Remennikov Walpole, 1998; Tremblay, 2002). Post-buckling predictions by Jain et al (1980), 

which are discussed in Chapter 2, are close to the measured compression envelope curves obtained 

for the hollow steel specimens, as shown in Figure 4.66. Predictions by Remennikov & Walpole 

(1998) of the buckling resistance at a ductility (i.e. 5/8y) of 5 were found to overestimate the 

compressive resistance, whereas predictions by Tremblay (2002) underestimate the post-buckling 

resistance, as displayed in Figure 4.67. However, it should be noted that Tremblay (2002) employs 

a lower bound for the post-buckling resistance, as discussed in Chapter 2. Here, an upper bound 

(i.e. an envelope) was used.

133



Complementary Test Results

1,4

X= 0.40 
X= 0.64 
^  = 0.88 
X .  1.30 
X -  1.95 
1 =  3.17

1 2

1

0 6

0 4

0 2

0
107 8 95 62 3 40 1

Figure 4.65. Compression envelope curves for cyclic steel specimens.
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Figure 4.66. Post-buckling predictions by Jain et al (1980)
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Figure 4.67. Post-buckling predictions by Tremblay (2002) and Remennikov & Walpole (1998)
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Figures 4.68 and 4.69 show the relationship between the compressive strength (normalised using 

the yield strength determined from the coupon tests) at ductility levels (i.e. 8/ 8y) o f 2 and 5, 

respectively, and the normalised slenderness ( A) .  The intermediate length specimens (A between 

0.4 and 0.9) experienced the largest compressive strength degradation, which is in agreement with 

findings from other studies (Tremblay, 2002).

Nonlinear regression o f the experimental results was perform ed using the data for all cycles over 

the entire slenderness range and compared to the predictions by Nakashima ef  al (1992) and 

Tremblay (2002) (which are also based on non-linear regression o f  other data sets). As depicted in 

Figures 4.68 and 4.69, the curves are in general agreement, except that at a ductility o f 5, 

Trem blay’s prediction over-estimates the compressive strength for specimens with a high 

slenderness (A > 1). The American seismic provision (AISC, 2002) assumes that the post- 

buckling brace capacity is 0.26P„, where P„ is the predicted maximum axial compression strength, 

regardless o f the ductility level. This provides a good approximation for the compressive strength 

for a ductility o f  5 (Figure 4.69), but significantly underestimates the compressive strength at a 

ductility o f  2 (Figure 4.68).
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Figure 4.68. Normalised compressive strength verses slenderness at ductility level of 2.
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Figure 4.69. Norm alised com pressive strength verses slenderness at ductility level o f  5.

C yclic tension loads

Figures 4.70 and 4.71 show typical normalised envelopes for the tension side, obtained from the 

hysteresis curves for Series 1 and 2, respectively. Clearly, the peak tensile load decreases at larger 

amplitude displacements. This decrease is more pronounced than that observed in the monotonic 

tensile section tests, as displayed for example in Figure 4.72. In addition, the maximum tension 

load decreases in the 2"*̂  and 3^^ cycles at a given amplitude, especially for the 1100mm long 

20x20x2.OSHS specimens and the 3300mm long 40x40x2.5SHS specimens, implying a most 

significant effect for members with intermediate slenderness (A o f 0.9 -  1.3). These specimens 

buckled biaxially, while all the other specimens buckled unixially, except for the 3300mm long 

20x20x2.OSHS specimens which fractured prematurely

As expected, the more slender specimens ( A  >1.3)  exhibited mainly elastic buckling, while the 

stockier specimens ( A < 0.9) indicated mainly inelastic buckling. Net inelastic tension straining 

develops in plastic hinge(s) upon straightening o f the brace after buckling (Tremblay, 2002). 

Specimens with intermediate slenderness experience both large lateral deflections when 

compressed and significant inelastic tension straining in the plastic hinge(s) upon re-straightening 

and therefore, experience higher strength deterioration.
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Ductility and energy dissipation

The displacement ductility capacity (|aA=5/5y) of the intermediate length specimens (Series 1) 

varied from 7.5 to 29.7, with the capacity increasing with member slenderness (Table 4.5). This 

trend had previously been noted by other researchers (for example, Jain et al, 1980; Tremblay, 

2002). The variation o f ductility capacity with section width-to-thickness {dit) ratio does not show 

a clear trend. In Test Series 3, the displacement ductility o f the 3300ww long 20x20x2.OSHS 

specimens was limited by early fracture close to the ends of the specimen. The stockier 3300w/w 

specimens were not tested to failure, but all survived displacement ductility demands of between 

5.6 and 9.5. The brace ductility demand in symmetrical tension-compression systems typically 

varies between 2 and 3 but values up to 4-6 have been observed (Tremblay, 2002). Thus, all of the 

specimens tested, expect for the long 20x20x2.OSHS specimens, satisfy the requirements of 

earthquake resistant design. Modification of the connection detail o f the 20x20x2.OSHS specimens 

to prevent early fracture would lead to greater ductility capacities.

A comparison of the mean energy dissipated by specimens of different cross-section and length is 

given in Figure 4.73. Both the total energy dissipated in a test and the energy dissipated up to the 

end of the tenth cycle of each test are presented. The stockier specimens dissipated more energy 

due to their larger cross-sectional areas and the significant yield plateaus they exhibited (Goggins et 

al, 2004a).

Figure 4.74 shows the variation of the energy index (Usami & Ge, 1998) during the first cycle at a 

ductility level o f 4 against the normalised slenderness. The energy index is defined as the area 

under the load-axial deflection curve in both tension and compression regions during the first cycle 

at a ductility level o f 4 normalised to the elastic energy o f the strut. In Figure 4.74, the general 

trend is that the energy index reduces with brace slenderness.

40x40x2.5SHS 20x20x2.0SHS
Sections

B Intermediate-total 
□  Long-total
■  Intermediate-to 10tti cycle 
B Long-to 10th cycle

50x25x2.5RHS

Figure 4.73. Energy dissipated.
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Figure 7.74. Energy index verses slenderness for the 1*' cycle at a ductility of 4.

4.6 SUMMARY

This chapter presented detailed results and observations from the complementary quasi-static test 

series, including monotonic and cyclic tests on hollow and filled cold-formed members, with 

various slenderness ratios.

The tests on short specimens showed that observed increases in yield strength due to cold-forming 

were underestimated by both European and American codes. This has important implications in the 

context of capacity design, as a safe upper bound on the resistance of dissipative members 

(including bracing members) is required if connected elements (such as connections or columns) 

are to be provided with sufficient strength to prevent yielding.

Under monotonic tension loading, the presence of the infill can lead to reduced ductility capacity. 

Numerical analysis has shown that by preventing ductile necking, the infill causes non-negligible 

hoop stresses to arise in the steel section, and that these increase rapidly after yield. These hoop 

stresses will in turn affect the longitudinal fracture strain at failure.

The stub tests were used to determine the effective squash load, influenced by local wall buckling, 

residual stresses and section imperfections. Inward and outward local buckling were observed in 

the hollow compression specimens, whereas the mortar in the filled specimens prevented inward 

local buckling. The change in buckling mode, together with the additional compressive resistance 

provided by the infill, increased the buckling capacity o f the strut, but more so the post-buckling 

capacity.

Specimens with a wide range of slendernesses and three different d/t ratios were examined in 

quasi-static cyclic tests. The specimen responses were assessed in term.s o f compression and
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tension force capacities, failure mode, ductility capacity, energy dissipation and general hysteretic 

behaviour. Particular emphasis was placed on the influence o f infill and member slenderness.

Predictions based on buckling curves ‘a’ and ‘c ’ in Eurocode 3 for filled and hollow specimens, 

respectively, in conjunction with the actual section strength gave the closest approximation to the 

observed buckling capacities of the brace members. In contrast, predictions based on measured 

material strengths tended to underpredict experimentally observed values, which if replicated in 

practice could lead to an underestimate of design base shear. For composite members, the section 

resistance approach slightly overestimated the buckling resistance o f most specimens, and hence 

represents the upper bound required in capacity design. For the hollow specimens, a similar upper 

bound could be achieved by employing curve ‘b’ with section, rather than material, strength.

At low ductility demand levels, the post-buckling compression resistance o f a brace can influence 

the maximum seismic forces acting on the braced frame, while at high ductility levels, it affects the 

axial compression forces in column members. A design rule in the American seismic provision 

(AISC, 2002) appears to provide a safe, if conservative, value when considering the latter issue, but 

it grossly underestimates the resistance at low ductility levels. At low slenderness, the normalised 

post-buckling resistances of filled specimens were greater than those of hollow specimens, 

implying that relationships proposed in previous studies on steel struts (Tremblay, 2002; 

Nakashima et al, 1992) may underestimate the resistance o f composite braces.

To prevent inadvertent yielding in non-dissipative parts o f the structure, an accurate estimate of the 

ultimate tensile capacity of brace members is essential. The ultimate tensile resistance of the cyclic 

test specimens generally exceeded the yield strengths o f the cross-section by about 20%. Moreover, 

in both monotonic and cyclic tests, this margin was always slightly greater for the composite 

specimens. Hence, additional caution, expressed in terms o f the overstrength factor employed, 

should be exercised if the design tension capacity of a filled brace is based on the resistance of the 

steel section only. This issue has received relatively little previous attention, and is worthy of 

further study.

Under cyclic loading, the ductility capacities of both hollow and filled specimens were observed to 

be proportional to their overall slenderness, and inversely proportional to their section slenderness 

and yield strength. Excluding specimens where final failure was affected by the connection design, 

displacement ductility capacities between 5.6 and 29.7 were observed. In comparing the 

performance of hollow and filled specimens, it is evident that the mortar infill prevented inward 

local buckling in most cases, and delayed it in others. This in turn meant that when allowance was 

made for the different yield strengths of the individual specimens, the infill was observed to 

improve ductility capacity, especially at low slenderness values. Generally, the presence of infill 

reduced the sensitivity of the ductility capacity to member and section slenderness.
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Chapter 5

SPECIMEN DETAILS AND EXPERIMENTAL SET-UP: SHAKE

TABLE TESTS.

5.1 INTRODUCTION

Earthquake simulators provide an affordable and accessible way to add to our knowledge about 

earthquakes, particularly when the alternative is to observe natural earthquakes that occur randomly 

and do not afford means o f adequate documentation. This chapter describes the design and details 

o f  a series o f shake table tests to investigate the earthquake response o f braced frames in which the 

bracing members are composed o f  hollow and filled sections. The next section outlines the 

objectives o f these tests. Each test model represents an idealisation o f  a single storey within a 

typical form o f concentrically braced frame, in which the load-sharing between the tension and 

compression braces is accounted for. A general overview o f  the test set-up is given in Section 5.3. 

This is followed by a description o f the specimen design, m anufacture and properties. An 

assessment o f the behaviour o f the brace members is provided in Section 5.5. Their behaviour was 

assessed using eignenvalue buckling analysis and nonlinear elastic analysis. In addition, frame 

analyses (elastic, nonlinear and eigenvalue buckling) were carried out and are presented in Section 

5.5. Section 5.6 outlines the dimensions and details o f  the test rig. Predictive nonlinear time- 

history analysis was utilised to help determine suitable table input motions for the test programme, 

resulting in the proposed test programme given in Section 5.7. The loading and control o f the 

shake table and the instrumentation employed are discussed in Sections 5.8 and 5.9, respectively. 

A number o f pilot tests conducted to ensure that the test set-up was adequate are discussed in 

Section 5.10.

5.2 OBJECTIVES OF SHAKE TABLE TESTS

The main objective o f the shake table tests was to obtain essential experimental data on the 

inelastic dynamic response o f steel and composite bracing members under earthquake loads. 

Specifically, the experiments were designed to investigate the following:

1. the influence o f brace slenderness on strength, ductility and energy dissipation;

2. the effect o f the infill on the inelastic and post-buckling response o f composite braces;

3. the interaction between the table input characteristics and the loading rates in slender 

members;

4. the effect o f local section behaviour on the overall m em ber response.

The behaviour o f brace members in earthquakes is influenced by their cyclic response 

characteristics. 1 he complementary tests described m the precedm g chapters helped to identify
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these characteristics. However, full evaluation o f the four issues listed above requires dynamic 

testing under earthquake loading.

5.3 TEST SET-UP

The shaking table tests were carried out at the Laboratory for Earthquake Engineering o f the 

National Technical University o f  Athens (NTUA). The earthquake sim ulator consists o f  a rigid 

steel Am x Am platform with a system for controlling the m otion o f  the table and recording the 

response o f the specimen tested on it. Six degrees o f  freedom o f  movem ent (three translations and 

three rotations) can be controlled, but in this study only a unidirectional lateral component 

excitation was required. The table capacity specified a maximum acceleration o f 1.5g in each 

horizontal direction, but for experimental design a maximum acceleration o f 1,0g was assumed. A 

maximum mass o f  10,000%  is permitted, if the centre o f  gravity is at 2m  above the simulator's 

platform. The operating frequencies o f the shake table (for each degree o f  freedom) are 0.1 to 50 

Hz.

The size o f the test specimens and test frame was limited by the aforementioned characteristics o f 

the shake table. Taking these into account, together with considerations for ease o f specimen 

handling and turnover, the set-up shown schematically in Figure 5.1 was originally proposed. The 

arrangement consists o f  four columns, which are nominally pin-ended in-plane and adequately 

braced in the orthogonal direction. Above the hinges at the top o f  the columns, a grillage o f beams 

form a rigid diaphragm to which the test masses are attached. The provision o f four columns, 

together with lateral bracing, ensures overall stability in the orthogonal direction and sufficient 

space for the attachment o f  the test mass. The test mass is com posed o f  eight \m  \  Iw  x 0.15w 

solid steel blocks weighing one tonne each.

The set-up facilitates the attachment o f two specimens, connected to the platform at their lower 

ends and the transverse beam at their top ends. The two braces are not connected at mid-length, 

and are separated in plan by an appropriate spacing to avoid contact during out-of-plane buckling. 

This arrangement realistically accounts for the interaction, in term s o f  load sharing, between the 

braces in a general form o f concentrically braced frame. The cross-braced configuration, in which 

the braces are inter-connected at mid-height, was not investigated directly. Although most aspects 

o f  the behaviour o f  the two types o f  bracing system would be similar, the inter-connected type 

requires further consideration o f the in- and out-of-plane buckling lengths.

The test specimens are inclined at an angle o f  45°, implying that the clear m ember length is limited 

to approximately 3.0m, if the centre o f mass is located 2m  above the platform. The overall 

horizontal dimension occupied by the test rig is just over 2m. The sim ulator’s Am x Am platform
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has a grid spacing for bolted connections o f 3QQmm x 300mm, and the test frame is centred on the 

platform to minimise secondary effects.
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Figure 5.1. Schem atic draw ing o f  the shake table test set-up.

5.4 TEST SPECIMENS 

5.4.1 Specimen design

The constraints on the capacity o f  the shaking table limited the cross-sectional size o f  the bracing 

members that could be tested. To enable adequate examination o f  the parameters under 

consideration, rectangular and square hollow sections m anufactured from cold-formed steel 

S235JRH, with a nominal minimum yield strength o f 235M/*a and an ultimate strength o f between 

360MPa and SlOMPa (CEN, 1997) were utilised. A yield strength (fy) o f 350MPa  was assumed in 

determining the largest cross-sectional area (A) that could be used.

Figure 5.2 shows the proposed test frame during testing. For a design table acceleration o f l.Og, 

the maximum equivalent lateral force (Ffi/r) acting through the mass m is approximately 2.5g.m.

143



Shake Table Test Set-up

The axial resistance o f the brace member, Ry, \s fyA ,  and there are two brace members inclined at 

45°. Therefore, to ensure that the brace yields 

R x 2

Substituting 2.5g.M for F elf and f^A for Ry in Equation 5.1 gives

2.5g.m>  (Eqn 5.2)

Therefore,

(Eqn 5.3)

Hence, assuming a mass o f  10,000^g and the yield strength o f  the brace members to be 350MPa, 

the maximum cross-sectional area that would permit the brace m em ber to yield is 495otw^. 

Therefore, the largest section size employed was a 40x40x2.5SHS, which has a cross-sectional area 

o f3 7 2 w w l

>  F E L F ~ 2 . 5 g x  mMASS. m

2m

2m

Qg = 1 .Og

Figure 5.2. Equivalent lateral force acting through the mass due to ground acceleration.

It is important that the test specimens reflect the typical dimensions o f bracing members employed 

in practice. These dimensions are characterised by the brace slenderness. In frames with X- 

diagonal bracing, Eurocode 8 (CEN, 2001) limits the non-dimensional slenderness to 1.3 < < 2 .0 ,

where X is defined in Eurocode 3. In analysis, Eurocode 8 assumes that under seismic action, 

only the tension diagonals participate in the structural resistance. The lower limit on A is defined 

to avoid overloading columns in the prebuckling stage, where both compression and tension 

diagonals are active, above the action effects obtained from an analysis at the ultimate state where 

only the tension diagonal is active (CEN, 2001). On the other hand, Eurocode 8 (CEN, 2001) does 

not specify a lower limit for diagonal bracing in frames in which the diagonals are not positioned as 

X-diagonal bracing.
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In comparison, the American seismic provisions for structural steel buildings (AISC, 2002) 

assumes that the brace members in concentrically braced frames can withstand both tensile and 

compressive axial loads, albeit that the compressive resistance o f  the brace member is limited by its 

buckling capacity. However, in Special Concentric Braced Fram es (SCBF), bracing members are 

expected to undergo significant inelastic deformation into the post-buckling range. Therefore, the 

AISC provision does not place a lower limit on the brace slenderness. Tang & Goel (1989) and 

Goel & Lee (1992) showed that the post-buckling cyclic fracture life o f  bracing members generally 

increases with an increase in slenderness ratio. However, the AISC provision imposes an upper 

limit o f S .S T ^ E / on the slenderness {KL/r) o f  braces in SCBF, to maintain a reasonable level o f 

compressive strength (AISC, 2002).

In Equation 5.4, the Eurocode 8 (CEN, 2001) limits on non-dimensional slenderness are expressed 

in terms o f brace slenderness to allow direct comparison with the AISC provisions (Equation 5.5).

[ECS] (E qn5.4)

KL 2490
—  < [AISC] ( i f f ,  = 1 m ,O m M P a)  (Eqn 5.5)

Py
It is clear that Eurocode 8 offers a more generous upper limit, as the compressive resistance o f a 

bracing member is not considered when designing A'-bracing for seismic loading.

In this study, the brace members were selected to cover a range o f slenderness within and above the 

limits specified in Eurocode 8 (CEN, 2001). Brace members with a slenderness below the 

specified lower limit could not be tested due to the limitations o f  the earthquake simulator 

discussed in Section 5.3. Therefore, the sections used in the experimental study were: 

40x40x2.5SHS, 50x25x2.5RHS and 20x20x2.0SHS. These m embers cover a range o f normalised 

slenderness between 1.3 and 2.7 for the bare steel members, based on probable material properties 

(fy = 350MPa, E  = 180,000A/Pa), a clear member length o f  3000mm  and fully fixed end conditions. 

Fully fixed end restraints were to be employed as this reduces the normalised slenderness ratio for a 

given section size.

5.4.2 Specimen manufacture

The brace specimens were manufactured in the Structures Laboratory at Trinity College Dublin 

and shipped in a rigid crate (shown in Figure 5.3) to the Laboratory for Earthquake Engineering at 

the National Technical University o f Athens. The specimens were manufactured using the 

procedure employed for the intermediate and long specimens tested in the complementary cyclic
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test programme (described in Section 3.5). The jig used to ensure consistent dimensions and 

quality was similar to that used in manufacturing the cyclic test specimens (Figure 3 .9).

Figure 5.3. Test specimens in rigid delivery create.

In the case of the composite specimens, the hollow steel members were filled with mortar of 

similar composition to that used to fill the specimens employed in the complementary tests. The 

design mix was composed of 22.8% and 77.2% cement and fine aggregate (sand), respectively, of 

dry mass and a water/cement ratio of 0.51. The mix design also contained shrinkage reducing and 

self-compacting admixtures. The mix was designed to have high strength, low shrinkage and good 

compaction. Its compressive and tensile splitting strengths at 28 days were 24N/mm^ and 

2.53N/mnP', respectively. A comprehensive description of the experimental determination of an 

appropriate design mix is outlined in Section 3.4.

On examining the composite specimens prior to shipping, it was discovered that one of the 

50x25x2.5RHS specimens was only partially filled over a length of approximately I50mm at mid

height. Therefore, a 5.5mm diameter hole was tapped into the face opposite the seam weld and 

resin was poured in until the void was filled. This hole was offset approximately I2mm from the 

side face and 65mm fi-om mid-height of the specimen. A weld was then used to fill the hole in the 

steel. The details of the resin used to fill this void, and the ends of all the composite specimens, are 

given in Section 3.5.

The end connection detail of the brace members is the same as that of the complementary test 

specimens, described in Section 3.2 and shown in Figure 3.1. This end detail was designed to 

encourage overall lateral flexural buckling in one direction only. More importantly, however, the 

stiffeners were required to ensure that there was adequate length available for the fillet weld, so
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that its capacity was sufficient when designed to the recom m endations given in Eurocode 8 (CEN, 

2001). The end detail was also compatible with the load cells to which the lower ends o f  the 

specimens were to be attached (Section 5.6.2).

5.4.3 Specimen properties

For earthquake response, it is important to know the actual material properties o f  the dissipative 

members. Thus, for each member, three tensile coupon tests and one monotonic tensile cross- 

section test were performed. These tests and the results obtained are presented in Chapters 3 and 4, 

respectively. The results pertaining to the material strengths o f  the shake table test specimens are 

summarised in Table 5.1.

In the final design o f the shake table specimens, the actual clear brace m em ber length for all tests 

was 3300ww and their connections were designed to be fully restrained against rotation. 

Therefore, the actual normalised slendernesses o f the specimens were between 1.5 and 3.2, for the 

bare steel members based on material properties obtained from the monotonic tensile tests. The 

normalised slenderness o f the composite specimens were between 1.8 and 2.9, based on actual 

material properties.

Table 5.1. Suitiitiary o f  results from tensile coupon tests and m onotonic tensile testing o f the 
sections used to m anufacture the shake table test specimens.

Shake Table 
Test ID

Steel
ID Section size

Hollow 
/ Filled 
in S.T. 
Test

Coupon Tests

f y  fm a x
{MPa) (MPa)

Tensile Tests

f y  fm a x  f u
{MPa) {MPa) {MPa)

ST1-R50H B2 50 x 25 X 2.5RHS Hollow 294.3 337.8 328.1 355.1 326.0

ST2-E50H B3 50 X 25 X 2.5RHS Hollow 292.3 337.6 332.9 354.5 332.6

ST3-E50F B1 50x 25 x2.5RHS Filled 285.4 335.9 332.7 357.7 322.8

ST4-R20H C2 20 X 20 X2.0SHS Hollow 300.2 326.3 283.1 345.9 314.1

ST5-E20H " C3 20 X 20 X2.0SHS Hollow 325.5 341.0 306.7 388.9 340.6
(W2) (407.6) (493.5)

ST5-E20H-B W1 20 X 20 X2.0SHS Hollow 375.9 434.1
(W3) (407.2) (488.5)

ST6-E20F C4 20 X 20 X2.0SHS Filled 283.6 328.5 291.6 349.1 321.0

ST7-R40H A3 40 X 40 X 2.5SHS Hollow 300.3 372.1 358.4 407.7 351.3

ST7-E40H A3 40 x 4 0 x2 .5S H S Hollow 300.3 372.1 358.4 407.7 351.3

ST8-E40H A2 40 X 40 X 2.5SHS Hollow 321.8 404.4 395.9 435.4 393.1

ST9-E40F AI 40 x 40x2.5SH S Filled 440.2 504.0 507.1 563.8 526.6

Notes: 1) Values in brackets correspond to material properties o f replacement steel brace specimen
manufactured in Athens (Steel ID W2, Specimen No. 2 in test).

2) Steel brace specimen manufactured in Athens (Steel ID W1 and W3 used to manufacture
Specimens No. 1 and 2, respectively). Values in brackets correspond to material properties
o f Specimen No. 2.
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Similar to the complementary tests, each shake table test is assigned a unique designation from 

which the load and specimen type can be identified (for example, “ST1-L50H”), such that:

•  The first two letters ‘ST’ are used to signify the shake table test series and are followed by 

the test number o f that particular specimen.

•  The letter immediately after the dash describes the loading type:

L Low level input

R Sine ramp (high level input)

E Earthquake (El-Centro or synthetic)

• The number following this letter is the nominal depth (D) o f  the hollow steel section.

•  The letters ‘H ’ and ‘F ’ indicate hollow specimens and specimens filled with mortar, 

respectively.

• The letter ‘B ’ at the end o f a label specifies an additional test with the same or similar 

specimens.

5.5 BRACE MEMBER BEHAVIOUR

Figure 5.4 shows the results o f  a LUSAS linear elastic finite element analysis o f  a 2D model o f the 

test frame with 3300mm  long 40x40x2.5 SHS brace members. A unit horizontal displacement was 

applied to the top o f the frame. The top and bottom o f the columns were pinned, while the brace 

members were fully restrained at both ends. The deformed shape (exaggerated) is shown in Figure 

5.4, together with the bending moment, shear force and axial force diagrams. Note that the fixed 

end conditions cause both braces to deform flexurally.

The distribution o f member forces shown in Figure 5.4 is valid for small top displacements. At 

larger frame drifts, however, the following become important: 

geometric nonlinearity in the brace members; 

buckling o f the compression brace; 

yielding o f the tension brace.

Each o f these response features merits consideration at this stage because the capacity design o f  the 

beams, columns and connections in the test rig is based on the ultimate capacity o f  the individual 

brace members and o f the frame as a whole, and also on the end moments and shears existing in the 

brace members when the ultimate resistance is reached. The frame lateral resistance at which brace 

buckling occurs is also required to determine suitable scaling factors for low-level elastic tests 

(Chapter 6).

148



Shake Table Test Set-up
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(C ) (d)
Figure 5.4. Results from elastic frame analysis: (a) Deformed shape shown in blue, (b) Bending 
moment diagram, (c) Shear force diagram, and (d) Axial force diagram.

5.5.1 Tension capacity

If the potential contribution of the mortar infill is neglected, the tensile yield resistance Ry of a 

brace specimen can be determined as

Ry =  fyA, where fy  is the yield strength,

and A is the cross-sectional area. (Eqn 5 .6)

while the ultimate tensile capacity of the brace is

Ru=fiA, where/, is the ultimate tensile strength. (Eqn 5.7)

The complementary tests described in the previous chapter allow these values to be estimated 

accurately for all the test specimens. Note, however, that in these complementary tests, pure axial 

extensions were imposed, rather than the combined axial-bending deformations observable in 

Figure 5.4.

5.5.2 Buckling capacity

The critical buckling load of a slender axially-loaded strut is given by the Euler buckling formula
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where E  is Young’s modulus, /  the second moment o f area and L  the total length, KL  is the 

effective length and K  is the effective length factor. Euler (elastic) buckling formula only holds 

true up to the proportional limit, the proportional limit being the point at which the stress-strain 

diagram ceases to be a straight line. This is because beyond this point Hooke’s law is not valid 

(Gere & Timoshenko, 1997). From the monotonic tensile tests conducted on square and 

rectangular sections, the proportional limit was found to be at least 0 .5 2 / and on average 0 .7 1 / 

(see Table 4.1), with the average yield strength o f the section being 350MPa  (see Table 4.2). 

Therefore, if the proportional limit is assumed to occur at half the yield stress and noting that the

radius o f gyration, r = , then the critical buckling s t re s s , / r  is limited to 0 .5 /  and Equation

The effective length (KL) o f a fixed-fixed brace member is required to determine if  elastic buckling 

o f the specimens employed in the shake table tests is likely to occur. Table 5.2 gives some 

commonly employed effective length factors. In fact, none o f  these reflect the boundary and 

loading conditions to be experienced by the compression brace, which is inclined at 45 degrees, but 

forced to displace horizontally at its upper end. It is important to realise that the effective length o f 

a slender compression m ember is that which deflects into the shape o f  a h a lf sine wave and that Ncr 

is not an actual load, but a load-independent number which is characteristic o f  the geometry and 

material o f the member. M athematically, it is associated with the eigenvalue o f  the system (Ghali 

& Neville, 1997). Thus, from eigenvalue buckling analyses it was found that the effective length 

factor K  should be taken as 0.5 and the length L as the total length o f  the specimen for buckling in 

the direction orthogonal to the stiffener and as the unstiffened length for buckling in the direction 

o f the stiffener. Figure 5.5 displays the output o f  a LUSAS eigenvalue buckling analysis.

Assuming an effective length factor K  o f  0.5, the slenderness values for all the specimens 

employed in the shake table tests satisfy Equation 5.10 and, therefore, these specimens should 

experience pure elastic buckling if  they were subjected to a m onotonic compressive axial load. 

Similar length specimens (3300wm) were observed to experience mainly elastic buckling in quasi-

5.8 implies

Therefore, the limit on the slenderness value for the Euler buckling formula to be valid is

or.

(E q n 5 .I0 )
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static cyclic tests, as observed in Section 4.5. In contrast, the slenderness values of the WQOmm 

long quasi-static cyclic specimens do not satisfy this equation and, hence, these specimens 

experienced mainly inelastic buckling, as discussed in Section 4.4.

Figure 5.6 shows how the buckling stress,/.r, varies with slenderness for short and long struts. 

Figure 5.6 also indicates the range of brace slendernesses allowed by Eurocode 8 (CEN, 2001) and 

the AISC (AISC, 2002) provisions, as discussed in Section 5.4. The slendernesses of the three 

hollow specimen sizes are also shown, assuming an effective length factor A^= 0.5.

Table 5.2. Theoretical K-value for certain end conditions.

c

0>

X)

o

(U

c

a>a.
C3

c/3
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CJ3
CQ

(a) (b)

I
(c)

I

A
t

Theoretical K value 1.0 0.5 1.0
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(b) (c) (d)

Figure S.5. Results from eigenvalue analysis of fixed-end brace member inclined at 45 degrees: (a) 
Deformed shape for out-of-plane buckling, (b) Deformed shape for in-plane buckling, (c) Bending 
moment diagram, and (c) shear force diagram.
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Figure 5.6. Comparison of buckling curves.

5.5.3 End moments and shear forces

For pin-ended brace members, the loads are proportional to the applied axial deformation until the 

material yields or the elastic (Euler) critical buckling load in compression is reached. However, in 

the case of fixed ended brace members there is an additional moment and shear caused by the 

change in member geometry as the frame is displaced. Hence, there is a change in stiffness of the 

brace members arising from bending by axial force. A comprehensive explanation of the theory

152



Shake Table Test Set-up

used to determine the effect o f axial load on the flexural stiffness o f  a m ember is given by Ghali 

and Neville (1997). This theory can be employed to determine the geometrically nonlinear elastic 

response o f the test specimens, in both tension and compression, by application to a model o f the 

form shown in Figure 5.7.

This leads to Equations 5.11 and 5.12, which describe the end shear, V, and bending moment, M,  in 

the compression brace:

F  =  -
u smM

L (2 -  2 cos M -M sinw )
- E I x S

M  = -
u (1 -co sw )

L (2 -  2 cos M -  wsin w)
- f / x  J

where u - L ^\—  
El

(Eqn 5.11) 

(Eqn 5.12) 

(Eqn 5.13)

and 5  is the axial shortening o f the brace member, L is the total length o f  the member, and N  is the 

compressive axial force assumed to vary linearly with the axial displacement 8 according to the 

AE
expression N  = - j -  S  .

Equations 5.14 and 5.15 give the end shear, V, and bending moment, M,  in the tension brace: 

sinh u
V = -

M  = -

L ^ { 2 - 2  cosh u + u sinh u) 

M^(coshM - 1)

-El  x S

L { 2 - 2  cosh u + u sinh u)
■ E l x S

(Eqn 5.14) 

(Eqn 5.15)

where S  is the axial elongation o f the brace member.

Note 5  -

(a) (b)

Figure 5.7. (a) Braced m em ber subjected to a horizontal displacem ent o f  A at its top end, and (b) the 
m athematical model used to quantify resulting end forces.
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Figures 5.8 and 5 .9 show how the end moments and shear forces in the 40x40x2.5 SHS braces vary 

as the horizontal displacement of the frame increases. The moment and shear diagrams for the 

brace members show clearly the influence of the axial/bending interaction, as the plots are not 

simple straight lines as they would be for the linear case. On the other hand, it is clear that the 

values of end moments and shear forces remain small at all times, and so were not considered in 

the design of brace connections. Brace buckling is expected at a relative frame displacement of 

about \mm for the most slender specimens (i.e. 20x20x2.0), and just over 4/wm for the less slender 

(40x40x2.5) specimens. On the other hand, brace yielding will occur at displacements between 

6mm and I2mm, depending on the material strength of the braces. Figure 5.10 shows the 

distribution of member forces in a compressive brace at a drift of 2.0\mm. Note that at drifts 

relating to the buckling capacity of the compressive brace member, the distribution of compressive 

member forces is as displayed in Figure 5.5.
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Figure 5.8. End moments from non-linear geometric analysis of 40x40x2.5SHS brace member.
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Figure 5.9. End shear forces from non-linear geometric analysis of 40x40x2.5SHS brace member.
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I.2658E3

12.631

-7.8880

^ - 7 .8880

( a ) (b)

Figure 5.10. (a) Deformed shape and bending moment diagram, and (b) shear force diagram of 
compressive brace member at A = 2.01mm (geometric non-linearity taken into account).

5.6 TEST RIG: DIMENSIONS AND DETAILS 

5.6.1 Design of test rig members.

The size o f the brace specimens and the added test masses determined the required configuration of 

beams, columns and transverse bracing. Specifically, the length and orientation o f the specimens 

controlled the height and length of the test fi'ame, and the number and size o f the masses 

determined the width o f the test frame. To ensure that the height o f the centre o f mass was as close 

as possible to that o f the top nodes of the concentrically braced frame, the test mass was arranged 

in two layers, with four Im x  Im x  0.15m one-tonne masses in each. The test set-up is shown in 

Figure 5.11 and a full set of detailed drawings is given in Appendix C. A view of the test frame is 

shown in Figure 5.12.

Three longitudinal and two transverse beams were employed to form a rigid diaphragm resting on 

top o f four piimed connections located at the top o f the columns. The upper and lower ends o f the 

brace members were cormected to the lower flange o f the transverse beam and the shake table 

respectively, as detailed in Figure 5.13. The columns were connected to the shake table through 

pinned connections, fabricated from short lengths o f HEA (Figure 5.12). Transverse bracing was 

required to provide lateral stability and to resist torsional effects resulting from the eccentricity of 

the centre lines o f the brace specimens.
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To ensure that the test rig members did not yield or become unstable during the tests, they were 

designed with sufficient over-strength to ensure the development of cyclic yielding in the bracing 

members. The sizes of the rig members were determined in accordance with Eurocode 8 (CEN, 

2001) and Eurocode 3 (CEN, 1992), and the appropriate European HEA and HEB sections were 

specified. The transverse beams were expected to experience large torsion forces because the 

centrelines of braces do not pass through the centroid of the transverse beams. This effect was 

quantified analytically and by grillage analysis. A three-dimensional finite element model of the 

beam-to-beam connections was also developed using shell elements to investigate local effects. 

These assessments led to the specification of relatively large (HEB 280 x 310) transverse beam 

sections.

4.000

EH reclionof,

Holes topped  fo r
HC18QA X 171

Plon o f  ShQke Table 
(S e c t io n  A-A)

Plan
(M asses n o t  shown)

Figure 5.11. Test frame for shake table tests.
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Figure 5.12. Test set-up for shake table tests.
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Figure 5.13. Details of connections to brace members: (a) lower connection to shake table, and (b) upper 
connection to transverse beam.
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5.6.2 Design of rig connections.

From Section 5.5, it is evident that the end bending moments and shear forces induced by the brace 

behaviour are very small and, therefore, can be ignored when designing the connections between 

the test specimens and the test rig. The factors influencing the connection design were;

• The strength capacity o f the test specimens. The brace specimen is required to deform well 

into its inelastic range in both tension and compression, while the test rig connections, 

beams and columns are required to remain in their elastic range.

• Ease o f handling and turnover o f specimens. A design requirem ent was that the specimens 

could be quickly and easily inserted into, and removed from, the test rig. This was to 

ensure a short turnover period between tests.

• Connection to the load cell. The load cell, shown diagrammatically in Figure 5.14, had

twelve M16 tapped holes at \5Qmm diameter centres and had an overall diameter and 

height o f  200mm  and 90mm, respectively. This load cell had to be fixed between the lower 

end o f the brace specimen and the connection to the shake table.

• Grid layout on shake table. The shake table had holes tapped for M30 bolts with a grid 

spacing o f  300ww by 300mm  centres.

190

vj Oi . '

f*TI

£ la b  £ b r h  r h
I

12 h o l e s  M16 o n  6150
(|>90 d e p t h  5

Figure 5.14. Drawing o f  FGP m ulti-com ponent dynam ic load cell (m odel FN 7325-3)

The detailed design o f the connection was carried out in accordance with the requirements o f 

Eurocode 8 (CEN, 2001). Accordingly, the connections o f the brace members to the shake table 

and test frame were designed to have sufficient over-strength to allow the development o f cyclic 

yielding in the brace members. Therefore, the resistance o f  the connections were required to have a 

design resistance Rd greater than 1.35 times the plastic resistance o f the brace member, where the
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resistance of the fillet welds and bolts are determined in accordance with Clause 6 of Eurocode 3 

(CBN, 1992).

Taking into account the considerations listed above, the connection details shown in Figure 5.13 

were devised. There was concern that the base plate of the connection to the shake table could 

experience excessive bending stresses. Therefore, a detailed analytical and finite element 

investigation was carried out on this connection detail. For the theoretical analysis, the distribution 

of load between the four bolts, and the section of the plate resisting bending both had to be 

assumed. The calculations carried out are presented in Appendix D. A base plate with a thickness 

of 50/m/w was found to be adequate. This was checked using a LUSAS linear elastic finite element 

analysis employing thick shell elements. Pinned restraints were assumed around the boltholes and 

a load of IQQkN, acting along the longitudinal-axis of the brace member, was distributed over the 

contact area between the cylinder and the base plate. Plots of bending stress contours are displayed 

in Figures 5.15 and 5.16. Locally high stresses can be observed in the vicinity of the cylinder and 

the bolt holes. Away fi'om these areas however, stresses are less than 345MPa, implying an elastic 

response.

LOAD CASE = 1
Loadcase 1
RESULTS FILE = 1
STRESS
RESULTS CARTESIAN= 
CONTOURS OF Mx

17.25E3
14 95E3
12.65E3
10.35E3

-8.05E3
5.75E3
3.45E3
1.15E3

1.15E3
3.45E3
5 75E3
8.05E3
10.35E3
12.65E3
14 95E3
17.25E3

13.15E3 -13.15
28.03E3

Max 0.3333E+05 at Node 7188

Figure 5.15. LUSAS bending stress (MJ contours in a 50mm base plate.
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LOAD CASE = 1
Loadcase 1
RESULTS FILE = 1
STRESS
RESULTS CARTESIAN= 
CONTOURS OF My
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-17 25E3 
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-10.35E3 
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-575E3 
-345E3 
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1.15E3 
345E3 
5.75E3 
8 05E3 
IU | 10.35E3 mk 12.65E3 
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I H  17 25E3 
Max 0.1786E+05 at Node 6324

1 6 .4 7 iP ^

16.31E3

Figure 5.16. LUSAS bending stress (My) contours in a 50mm base plate.

Pinned connections were required at the top and bottom of the four columns. Initially, mechanical 

pinned restraints were considered as these were available in the Laboratory for Earthquake 

Engineering, NTUA. However, these were considered to be too loose of a fit. Therefore, to 

achieve the required ‘hinge’ effect at the column ends, while avoiding local dynamic effects, short 

lengths of high strength HEA sections with thin flexible webs were favoured over mechanical pins. 

The details of these are given in Appendix C, which provides detailed shop drawings for the rig 

members and connections. The thin flexible web of the HEA section allows large rotations in the 

elastic range, with yielding not expected at relative fi'ame drifts less than about 10mm.

5.7 TESTING PROGRAMME

In addition to 2D and 3D linear elastic analyses, which were performed to examine the adequacy of 

the test-rig, a series of two-dimensional inelastic predictive analyses were undertaken prior to 

testing to assess the performance the bracing members under various quasi-static and dynamic 

loading conditions. The results of these analyses were used in the design of the testing programme 

for the shake table experiments.

The programme provides for each pair of brace test specimens to be examined in a number of low- 

amplitude elastic tests and a single high amplitude inelastic test. The elastic tests allow the natural 

frequency and damping of each test frame to be determined, and these are used in selecting a 

suitable ultimate record for that frame’s inelastic test. Three elastic tests were carried out on the 

50x25x2.5RHS and 40x40x2.5SHS specimens; a low-level sine sweep, a random input and a scaled 

down version of the ultimate record. In the case of the 20x20x2.OSHS specimens, the low-level 

sine sweep was omitted as it was not possible to apply a sufficiently low amplitude through the 

table controls.
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I
I

Three possibilities were considered for the inelastic tests: sine ramp, natural record (El Centro) and 

a synthetic record. The sine ramp has one cycle at each amplitude, with a maximum of 20 cycles, 

and a constant frequency set to 0.8 times the natural frequency of the test frame, determined from 

the elastic tests. The El-Centro record, shown in Figure 5.17 in a normalised form, has a duration 

of 42sec, and its normalised elastic response spectrum is depicted in Figure 5.18, for 3.0% 

damping. The synthetic earthquake was created to represent approximately the range of dominant 

frequencies in an idealised Eurocode 8 spectrum. This record and its response spectrum (for 3.0% 

damping) are given in Figures 5.19 and 5.20, respectively, both in normalised forms. Depending 

on the test frame under consideration, the amplitude of the excitation was scaled accordingly. In 

most cases, the natural El Centro record was used, but the sine ramp and artificial record were also 

used in some cases for comparison. The complete proposed test programme is given in Table 5.3.
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Figure 5.17. N orm alised form o f the North-South com ponent o f  the El-Centro earthquake recorded at 
Im perial Valley Irrigation substation in El-Centro, California during the earthquake o f  M ay 18, 1940.
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Figure 5.18. Norm alised elastic response spectrum o f the El-Centro record.
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Figure 5.19. Normalised shape for the synthetic record.
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Figure 5.20. Normalised shape for the elastic response spectrum  of the synthetic earthquake.
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Table 5.3. Proposed test program m e for shake table test series.

Shake Table 
Test ID

Steel
ID Section size

Hollow  
/ Filled

Table Input characteristics 
Target

W aveform  am plitude
(m/sec^)

Elastic/
Inelastic

ST1-L50H B2 50 x 25 x 2.5RHS Hollow Random 0.20 Elastic

ST1-R50H B2 50 x 25 x 2.5RHS Hollow Sine Ramp 6.0 Inelastic

ST2-L50H B3 50 x 25 x 2.5RHS Hollow Sine Sweep 0.50 Elastic

ST2-L50H B3 50 x 25 x 2.5RHS Hollow Random 0.20 Elastic

ST2-L50H B3 50 x 25 x 2.5RHS Hollow El-Centro 0.60 Elastic

ST2-E50H B3 50 x 25 x 2.5RHS Hollow El-Centro 6.0 Inelastic

ST3-L50F B1 50 x 25 x 2.5RHS Filled Sine Sweep 0.50 Elastic

ST3-L50F B1 50 x 25 x 2.5RHS Filled Random 0.20 Elastic

ST3-L50F B1 50 x 25 x 2.5RHS Filled El-Centro 0.60 Elastic

ST3-E50F B1 50 x  25 X 2.5RHS Filled El-Centro 6.0 Inelastic

ST4-L20H C2 20 X 20 X2.0SHS Hollow Random 0.20 Elastic

ST4-R20H C2 20 X 20 X2.0SHS Hollow Sine Ramp 10.0 Inelastic

ST5-L20H C3 20 X 20 X2.0SHS Hollow Random 0.20 Elastic

ST5-L20H C3 20 X 20 X2.0SHS Hollow Synthetic EQK 0.40 Elastic

ST5-E20H C3 2 0 x  20 X2.0SHS Hollow Synthetic EQK 4.0 Inelastic

ST5-L20H-B W1,W3 20 X 20 X2.0SHS Hollow Random 0.20 Elastic

ST5-L20H-B W1,W3 20 X 20 X2.0SHS Hollow El-Centro 0.20 Elastic

ST5-E20H-B WI,W3 20 X 20 X2.0SHS Hollow El-Centro 4.0 Inelastic

ST6-L20F C4 20 X 20 X2.0SHS Filled Random 0.20 Elastic

ST6-L20F C4 20 X 20 X2.0SHS Filled El-Centro 0.40 Elastic

ST6-E20F C4 20 X 20 X2.0SHS Filled El-Centro 4.0 Inelastic

ST7-L40H A3 40 X 40 X 2.5SHS Hollow Sine Sweep 0.50 Elastic

ST7-L40H A3 4 0 x 4 0 x 2 .5 S H S Hollow Random 0.30 Elastic

ST7-L40H A3 4 0 x 4 0 x 2 .5 S H S Hollow Sine Ramp 1.0 Elastic

ST7-R40H A3 40 x 4 0 x  2.5SHS Hollow Sine Ramp 8.0 Inelastic

ST8-L40H A2 4 0 x 4 0  x2 .5SH S Hollow Sine Sweep 0.50 Elastic

ST8-L40H A2 40 x 4 0 x 2 . 5 S H S Hollow Random 0.30 Elastic

ST8-L40H A2 40 x 4 0 x  2.5SHS Hollow El-Centro 1.0 Elastic

ST8-E40H A2 40 x 40 X 2.5SHS Hollow El-Centro 10.0 Inelastic

ST9-L40F A1 4 0 x 4 0  x 2.5SHS Filled Sine Sweep 0.50 Elastic

ST9-L40F A1 40 x 4 0 x  2.5SHS Filled Random 0.30 Elastic

ST9-L40F A1 40 x 4 0  x 2.5SHS Filled El-Centro 1.0 Elastic

ST9-E40F A1 4 0 x 4 0  x 2.5SHS Filled El-Centro 10.0 Inelastic
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5.8 LOADING AND CONTROL OF SHAKE TABLE

Several types o f waveforms were created and stored in a profile library on the shake table control 

computer. These profiles can then be allocated as desired to the various motion control axes on the 

table for a test. The following types o f waveforms were created: sine ramp, sine sweep, random 

(white noise), synthetic earthquake based on the response spectrum defined in the European code 

(CEN, 2001), and tabulated entry o f the recorded El-Centro earthquake. The response spectra 

software utilised a special technique, which allowed long random time histories to be created, and 

using an iterative procedure ensured that the random waveform matches the response spectra 

definition more exactly.

For each test, the above profiles were scaled to provide a desired response amplitude. The platform 

was excited unidirectionally by passing these data through D/A converters. Several motion 

parameters were recorded for each test. The parameters could be displayed immediately and 

calculations performed to verify proper table performance. A specific unit with 64 channels 

(Analogue/Digital) with high sweeping frequency was available to log dynamic phenomena from 

several receivers (strain gauges, accelerometers, displacement transducers, etc.). Details o f  the 

instrumentation utilised in the tests are presented in the next section.

5.9 INSTRUMENTATION 

5.9.1 Strain gauges

Strain gauges were permanently placed on various rig members to verify that these components 

behaved in an elastic and relatively rigid manner, in accordance with the predictions o f analytical 

and design checks. This ensures that the response was dominated by the behaviour o f  the bracing 

members as intended, which is also useful for facilitating comparison with analytical studies.

In particular, strain gauges were placed on the columns to estimate axial loads and to determine 

whether significant bending occurred. For three o f the columns, a single strain gauge was placed 

on the centre o f the web o f  the column, close its lower end. These strain gauges were used to 

determine the axial load in the columns. The final column had four gauges attached to the flanges 

at the same height, the locations o f  which are shown in Figure 5.21. These gauges were used to 

determine whether bending occurred in the column, while the average o f  the strains were used to 

determine the axial load in the column.

Strain gauges were also placed on one o f the CHS and base plates connecting the brace members to 

the shake table. The gauges on the CHS were placed at approxim ately mid-height directly opposite 

each other as indicated in Figure 5.21. The location o f  the strain gauge on the base plate is also 

shown in this figure. These gauges allow excessive deformation o f the connection to be identified.
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The above strain gauges were permanently attached to the rig members for all tests. In addition, 

for some tests, strain gauges were placed on the brace specimens. Two gauges were placed on 

opposite faces of Specimen 1 at a distance of Z,/4 from its lower end, with a third gauge being 

attached to the upper face of Specimen 2 at a distance of Z./4 from its lower end. All strain gauges 

employed were KFG-5-120-C1-11L1M2R electrical resistance strain gauges, manufactured by 

KYOWA, and had a gauge length and resistance of 5mm and 119.6 ± 0.4lQ, respectively.
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Figure 5.21. Layout of instrumentation.
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5.9.2 Accelerometers

Two KYOWA ASW-lOA accelerometers with a rated capacity of ±10g and frequency response of 

up to 260//Z (±5%) were placed on the top flange at mid-span of the centre longitudinal beam to 

measure horizontal acceleration in both the direction of table motion and the orthogonal direction. 

Similar accelerometers were also attached to the web of the transverse beams to measure 

accelerations in the direction of table motion. The shaking table platform possesses a permanently 

installed accelerometer.
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5.9.3 Transducers

Cable-extension position transducers, also known as string pots, were used to measure the 

horizontal movement of the table and the top of the frame in the direction of motion. The 

movement was measured in relation to a fixed f i ^ e ,  as indicated in the sketch in Figure 5.21. 

These transducers had a full stroke range of 50/«. (MlOmm) with an accuracy of 0.10% of the full 

stroke.

TML SDP-200R displacement transducers were used to determine the axial deformations of the 

brace members. These transducers shown in Figure 5.22 have a measuring range of 200w/w.

(a) (b)

Figure 5.22. (a) Calibration of TML SDP-200R displacement transducer, and (b) transducer attached 
to the test specimen close to the connection to the load cell.

5.9.4 Load cells

An FGP dynamic load cell (model FN 7325-3), capable of measuring axial forces up to 200kN and 

shear forces up to lOÔ Â , was placed at the lower end of each of the brace specimens (Figure 5.22). 

These load cells, together with the wire gauge transducers, were used to determine the hysteretic 

behaviour of the brace specimens.

5.10 PILOT TESTS

A detailed account of the shake table test results is provided in Chapter 6. However, it is important 

to note at this stage that two frame specimens, namely ST1-50H and ST4-20H, represent pilot tests 

which were performed at an early stage to examine the performance of the rig and the assumptions 

related to the loading and control.
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On examining the results o f  these pilot tests, it was observed that the set-up was not performing as 

well as expected. With further measurements o f  the rig, it became evident that the sizes o f  the rig 

members were not supplied according to those in the shop drawings. Most importantly, the 

transverse beams were HE280B and not HE280M as specified in the drawings. Moreover, on 

assessing the strain gauge results, it was clear that the cylindrical parts o f  the brace to table 

connection were subjected to high stresses, probably due to the use o f  a sm aller wall thickness than 

specified, coupled with additional moments caused by lack-of-fit and secondary effects. 

Accordingly, as indicated in Appendix C, modifications to the test rig were proposed to ensure that 

the section sizes used were o f  a similar capacity to those specified, that the connections between 

the beams were rigid, and that the connections to the brace m embers remained in the elastic range. 

Following the implementation o f these modifications, the test-rig performed as expected in the 

initial design. The results and observations for all the shake table test series are presented in 

Chapter 6.
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Chapter 6

RESULTS AND OBSERVATIONS FROM SHAKE TABLE TESTS.

6.1 INTRODUCTION

This chapter presents the results and observations from the elastic and inelastic shaking table tests, 

carried out in the Laboratory for Earthquake Engineering at the National Technical University o f 

Athens (NTUA), Greece. The specimen details and experimental set-up for these tests are outlined 

in the previous chapter. The overall test schedule is summarised in Table 6.1. The pilot tests, S T l- 

50H and ST4-20H, were carried out in March 2003. The remaining tests were conducted in July 

2003, in the order in which they are listed in Table 6.1, with the exception that Test ST5-20H was 

carried out after Test ST7-40H. It should be noted that the peak ground accelerations (pgas) given 

in Table 6.1 are the actual values applied through the table, which may be different from intended 

target values shown in Table 5.3, due to control issues and table interaction effects.

Specimen profiles measured before and after each test are provided in Section 6.2. The elastic test 

results, used to determine the initial dynamic characteristics o f  the test structures, are presented in 

Section 6.3. The influence o f size, slenderness and initial out-of-straightness o f  brace members on 

the natural frequencies o f  the frames is also investigated in this section. The inelastic test results 

and observations are then presented in Section 6.4, and an assessment o f the key response 

parameters is given in Section 6.5. The chapter concludes with a summary o f the main findings 

from the shake table tests.
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Table 6.1. Summary o f schedule fo r shake table test series.

Shake Table 
Test ID

Steel
ID Section size Hollow 

/ Filled

Table Inpu t characteristics

W aveform  a
(m/sec )

Elastic/
Inelastic

ST1-L50H B2 50 x 25 x 2.5RHS Hollow Random 0.27 Elastic

ST1-R50H B2 50 x 25 x 2.5RHS Hollow Sine Ramp 8.5 Inelastic

ST1-R50H-B B2 50 x 25 x 2.5RHS Hollow Sine Ramp 12.7 Inelastic

ST2-L50H B3 50 x 25 x 2.5RHS Hollow Sine Sweep 0.60 Elastic

ST2-L50H B3 50 x 25 x 2.5RHS Hollow Random 0.28 Elastic

ST2-L50H B3 50 x 25 X 2.5RHS Hollow El-Centro 0.53 Elastic

ST2-E50H B3 50 x 25 x 2.5RHS Hollow El-Centro 7.9 Inelastic

ST3-L50F B1 50 x 25 x 2.5RHS Filled Sine Sweep 0.55 Elastic

ST3-L50F B1 50 x 25 x 2.5RHS Filled Random 0.35 Elastic

ST3-L50F B1 50 x 25 x 2.5RHS Filled El-Centro 0.64 Elastic

ST3-E50F B1 50 x 25 X 2.5RHS Filled El-Centro 8.7 Inelastic

ST4-L20H C2 20 X 20 X2.0SHS Hollow Random 0.38 Elastic

ST4-R20H C2 2 0 x 2 0  X2.0SHS Hollow Sine Ramp 10.0 Inelastic

ST5-L20H C3,W2 20 X 20 X2.0SHS Hollow Random 0.28 Elastic

ST5-L20H C3,W2 20 X 20 X2.0SHS Hollow Synthetic 0.09 Elastic

ST5-L20H C3,W2 20 X 20 X2.0SHS Hollow Synthetic 0.60 Elastic

ST5-E20H C3,W2 20 X 20 X2.0SHS Hollow Synthetic 5.1 Inelastic

ST5-L20H-B W1,W3 20 x20  X2.0SHS Hollow Random 0.28 Elastic

ST5-L20H-B W1,W3 20 X 20 X2.0SHS Hollow El-Centro 0.29 Elastic

ST5-E20H-B W1,W3 20 X 20 X2.0SHS Hollow El-Centro 5.0 Inelastic

ST6-L20F C4 20 X 20 X2.0SHS Filled Random 0.29 Elastic

ST6-L20F C4 20 X 20 X2.0SHS Filled El-Centro 0.52 Elastic

ST6-E20F C4 20 X 20 X2.0SHS Filled El-Centro 4.4 Inelastic

ST7-L40H A3 40 x 4 0 x  2.5SHS Hollow Sine Sweep 0.60 Elastic

ST7-L40H A3 40 X 40 X 2.5SHS Hollow Random 0.28 Elastic

ST7-L40H A3 40 X 40 x 2.5SHS Hollow Sine Ramp 1.20 Elastic

ST7-R40H A3 40 x 4 0 x  2.5SHS Hollow Sine Ramp 8.8 Inelastic

ST7-E40H A3 40 x40  x 2.5SHS Hollow El-Centro 19.6 Inelastic

ST8-L40H A2 40 x40x2. 5SHS Hollow Sine Sweep 0.60 Elastic

ST8-L40H A2 40 X 40 x 2.5SHS Hollow Random 0.28 Elastic

ST8-L40H A2 40 x 4 0 x  2.5SHS Hollow El-Centro 1.24 Elastic

ST8-E40H A2 40 x40  x2.5SHS Hollow El-Centro 19.7 Inelastic

ST9-L40F A1 40 x40x2. 5SHS Filled Sine Sweep 0.60 Elastic

ST9-L40F A1 40 X 40 X 2.5SHS Filled Random 0.28 Elastic

ST9-L40F A1 40 x40  x 2.5SHS Filled El-Centro 1.22 Elastic

ST9-E40F A1 40 x40  x 2.5SHS Filled El-Centro 16.7 Inelastic
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6.2  SPECIMEN PROFILES

Specimen profiles were measured prior to and after most tests. The deformations were measured 

relative to a local element axis, with the origin defined at the lower end of the brace member and 

the x-axis orientated along its longitudinal axis, as shown in Figure 6.1. The right-hand rule is used 

to define the direction of the other axes. For each test, the following measurements were obtained; 

(A) initial deformation of the specimens after fixing them in the test fi'ame and removing the 

temporary bracing; (B) deformations of the specimens after the elastic sine sweep test (after the 

elastic random test for the 20x20x2.OSHS specimens as no sine sweep test was conducted); (C) 

deformations of the specimens after the inelastic test with the fi'ame returned to its original 

position. These measurements are summarised in Table 6.2. The pertinent parameters are defined 

in Figure 6.1. Two distinct profile shapes were observed, namely Q- and S- shape, as shown in 

Figure 6 . 1 . These shapes are similar to those observed for the first and second buckling modes of a 

fixed ended strut, respectively. It should be noted that one of the 40x40x2.5 SHS specimens in tests 

ST7-E40H and ST8-E40H ruptured, and consequently there are no measurements for these cases. 

An example of the residual deformations present in the specimens after an inelastic test is given in 

Figure 6.2.
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Figure 6.1, Profile of brace specimen.

170



Shake Table Test Results

Table 6.2. Magnitude of flexural buckling of specimens (measurements in mm).

Te
st 

Se
ri

es

M
ea

su
re

m
en

t Specim en 1 Specim en 2
Elevation Plan Elevation Plan

Sh
ap

e

X| dyl dy2 X3 dy3

Sh
ap

e

d z i

Sh
ap

e

Xi dyl dy2 X3 dy3

Sh
ap

e

dzi

S
T

I-
5

0
H

A s 1110 -8 - 1060 4 a 15 s 765 -1 1 - 980 9 n -6

B s 1110 -8 - 1100 3 n 15 s 840 -1 1 - 660 7 n -6

C

S
T

2-
50

H

A s 1300 -25 - 660 10 n 5 n - - -9.5 - - n 19

B s 1160 -26 - 700 9 n 5 n - - -16 .5 - - n 19

C n - - 179 - - n 0 Q - - -195 - - a 0

S
T

3-
50

F

A s 865 -15 - 720 4 n 6 s 1185 -11 - 890 3 n -15

B s 1075 -14 - 900 5 Q 15 s 1085 -10 - 860 3 n 15

C n - - -143 - - n 0 n - - -149 - - n 0

S
T

4-
20

H

A

B s 800 -5 - 935 3 a 12 s 935 -10 - 995 9 n -4

C

S
T

5-
20

H

A s 990 -16 - 945 4 n 5 n - - 33 - - a 24

B

C n - - 160 - - n -100 n - - -100 - - Q 32

S
T

5-
20

H
-B

A n - - 3 - - n 2 n - - -2 - - n -2

B n - - 3 - - n 2 n - - -4 - - n -3

C n - - >215 - - n -115 n - - > 150 - - a -115

S
T

6-
20

F

A s 1245 -21 - 700 10 n 2 s 1080 -12 - 720 12 n -42

B

C n - - -200 - - n 160 n - - -152 - - a -53

S
T

7-
40

H

A s 1250 -11 - 870 3 n 11 s 1180 -7 - 800 3 n -14

B s 1260 -8 - 840 3 Q 11 s 1175 -7 - 980 2 n -16

C* n - - -55 - - n 48 n - - -44 - - n -56

S
T

8-
40

H

A s 870 -14 - 760 4 a 4 s 1200 -8 - 900 5 a -11

B s 1070 -11 - 1040 6 a 6 s 1070 -9 - 900 4 n -12

C

S
T

9-
40

F

A s 1110 -13 - 600 2 n 15 s 1090 -5 - 860 7 14

B

C n - - -50 - - n 42 n - - -65 - - a -67

N o tes:
A) M easured prior to elastic test.
B) M easured after elastic sine sw eep test (after the elastic random  test for the 20x20x2.OSHS specim ens as no sine 

sweep test conducted).
C) M easured after the inelastic test. M easurem ents taken after the tem porary bracing put back in place. Hence, the 

m easurements are the deform ations after the inelastic test with the fram e back in its original position.
* M easured after the Sine Ramp input with no tem porary bracing present when m easuring deform ations.__________
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(a) (b)

Figure 6.2. Residual deformations of specimens after Test ST6-E20F. (a) in-plane, and (b) out-of
plane. (Photo in (b) is taken looking in from the left of photo in (a).)

6.3 ELASTIC TEST RESULTS

Elastic tests were conducted on all specimens in order to examine their dynamic characteristics. In 

the case of the larger sections, i.e. 50x25x2.5RHS and 40x40x2.5SHS specimens, both a low-level 

sine sweep (i.e. harmonic motion at a constant amplitude and gradually increasing frequency) and a 

random motion were utilised. However, for the smaller sections, i.e. 20x20x2.OSHS specimens, 

only a random input motion was employed, as the minimum possible sine sweep amplitude was 

considered to be inappropriate. The sine sweep had a frequency range from 1 to \6Hz, and the 

random input was a low-amplitude white noise. For most tests, a low level amplitude version of 

the record used in the inelastic test was also imposed in an elastic test to assess the likely 

magnification effect.

A summary of the elastic test parameters and their results is presented in Table 6.3, including the 

loading type (i.e. waveform) and its peak amplitude. The Fast Fourier Transform was used to 

transform the time-domain signal for the frame response obtained from the sine sweep and/or
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random tests to a frequency-domain representation. The natural frequency {/„) of the structure was 

obtained directly from the resulting spectrum and the half-power (bandwidth) method was used to 

estimate the damping ratio (^„). These are presented in Table 6.3, together with the dynamic 

amplification factors (DAF) experienced.

The mean natural frequencies of the frames containing the 50x25x2.5RHS, 20x20x2.0SHS and 

40x40x2.5SHS specimens observed in the elastic tests are 5.3//z, 3.4//z and 6.\Hz, respectively. 

The corresponding mean damping values, estimated from the elastic response of the frame to the 

random input motion, are 3.1%, 3.2%, and 2.8%. Within each specimen size, there is no clear 

trend between the observed frequency or damping values and the applied peak ground acceleration 

ipga). This is largely due to the effect of different tension or compression forces in the braces after 

installation in the test rig.

The fundamental natural frequency (f„) of braced frames is proportional to the size of their brace 

members (As) and inversely proportional to their slenderness (A ), as shown in Figure 6.3 and 6.4, 

respectively. However, there is significant scatter in the results. Again, this is largely due to the 

effect of different tension or compression forces in the braces after installation in the test rig. A 

measure of the initial out-of-straightness of brace members can give an indication o f the degree of 

preloading present. For example, large initial out-of-straightness measurements suggest significant 

compression loads were induced in the braces on fixing them into the test rig. On the other hand, a 

near perfectly straight member may suggest that this member was pre-stressed in tension. In Figure 

6.5, the measured natural frequency (f„) for each frame is plotted against the maximum initial out- 

of-straightness of either brace member. In general, the natural frequency reduces with increase in 

initial out-of-straightness. It is also noted from Figures 6.3-6.5 that the natural frequencies of 

frames containing stockier filled brace members is slightly higher than those o f their hollow 

counterparts (i.e. frames containing 40x40x2.5 and 50x25x2.5 sized braces). On the other hand, 

the natural frequency of the frame containing the slender filled 20x20x2.0 braces (ST6) is 

significantly lower than the natural frequencies of frames containing equivalent sized hollow 

braces, as seen in Figure 6.3 and 6.4. This is due to the large initial out-of-straightness induced in 

the filled 20x20x2.0 braces on fixing them into the frame, as seen in Table 6.2 and Figure 6.5.
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Table 6.3. Dynamic Characteristics from Elastic tests.

Shake Table Steel ID

Si
ze

H ollow / Table Input characteristics D ynam ic characteristics
Test ID Filled W aveform Pga

(m/sec^)
f n
(H z) ( % )

DAF

STI-L50H B2 Hollow Random 0.27 5.65 2.96 1.32

ST2-L50H B3 !/3 Hollow Sine Sweep 0.60 4.24 5.62 -

X
un Random 0.28 4.68 3.24 -
(N
X

CO(N
X

El-Centro 0.53 - - 2.56

ST3-L50F B1 Filled Sine Sweep 0.55 5.82 5.92 -

O Random 0.35 6.05 3.09 -

El-Centro 0.64 - - 3.14

ST4-L20H C2 Hollow Random 0.38 3.99 3.41 -

ST5-L20H C3.W 2 Hollow Random 0.28 2.83 2.67 -

C/5
X Synthetic 0.09 - - 2.19

o
<N Synthetic 0.60 - - 3.08

ST5-L20H-B W I,W 3 O
CN

Hollow Random 0.28 4.38 3.45 -

X
o
<N

El-Centro 0.29 - - 3.18

ST6-L20F C4 Filled Random 0.29 2.20 3.21 -

El-Centro 0.52 - - 3.04

ST7-L40H A3 Hollow Sine Sweep 0.60 5.86 l.OI -

Random 0.28 6.05 3.30 -

o n
Sine Ramp 1.20 - - 2.31

ST8-L40H A2 t / ) Hollow Sine Sweep 0.60 6.06 2.60 -

CN
X

o
X

Random

El-Centro

0.28

1.24

6.05 2.41

2.82

ST9-L40F AI Filled Sine Sweep 0.60 6.19 2.71 -

Random 0.28 6.44 2.66 -

El-Centro 1.22 - - 2.24

6.4 INELASTIC TEST RESULTS

This section presents the main results and observations from the inelastic shake table tests. For 

most specimens, only one inelastic test was carried out, with the exception o f two specimens, STl 

and ST7, for which two consecutive tests were performed. Details o f  the loading types are 

provided in Chapter 5. In brief, most o f  the frames were subjected to a scaled acceleration history 

from the Imperial Valley record o f  the 1940 El Centro earthquake. The original record, with a peak 

ground acceleration o f 0.34g, was appropriately scaled for each frame depending on the expected 

strength, as indicated in Table 6.1. For comparison purposes, an artificially generated record, 

shown in Figure 5.19, which closely resembles the design spectrum o f  Eurocode 8 (CEN, 2001), 

and sine ramps were also employed. The frequency o f the sine ramp was approximately 80% o f 

the natural frequency o f the structure, as determined from the elastic tests. The sine ramp had one
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cycle at each level with a maximum o f 20 cycles, except in Test ST1-R50H there were three cycles 

at each level and three intermittent cycles o f  equal increasing amplitude.

The experimental results and observations from these inelastic tests are presented in the following 

subsections. For each frame the results o f  the inelastic tests are presented in a series o f figures 

arranged in the following order:

a. Acceleration histories o f  the table (ground) and mass (response);

b. Axial loads in the brace specimens, as measured by the load cells;

c. Relative (mass-table) and ground (table) displacements;

d. Axial load versus axial deformation responses o f the brace specimens;

e. Total storey shear versus relative displacement o f  the mass and the table;

The section tensile capacity o f each specimen, as determined from monotonic tensile tests and 

summarised in Table 5.1, are shown on the load plots for each test. The Euler buckling capacity o f 

each brace m em ber is also shown. Measured strains in the test rig and brace specimens for each 

test are presented in Appendix E. Where appropriate, immediate observations made during the 

progression o f  the tests are briefly outlined.

As discussed in Section 6.3, loads were induced in some brace m em bers on fixing them into the 

test frame, which was confirmed from measurements o f their initial out-of-straightness in Table 

6.2. All instrumentation readings were reset to zero after fixing each pair o f  braces into the frame 

and prior to testing, and consequently a direct measurement o f the pre-loads in the specimens could 

not be obtained. Therefore, the magnitude o f pre-loading was determined from observations, such 

as comparing the expected loading range to that measured, fractured specimens, or those severely 

buckled, should have little or no resistance at the end o f  the test, and so on. For example, load cells 

measuring axial loads for Specimens 1 in tests ST7-E40H and ST8-E40H should have measured 

approximately zero load at the end o f the tests, as these braces fractured fully during testing. 

However, the load recorded was not zero. In addition, Specimen 2 in both o f these tests could 

resist very little, if  any, load at the end o f both tests. Therefore, the load cell readings for both 

specimens in these tests should be approximately zero.

6.4.1 Test ST1-R50H: Sine ramp

This test, conducted on hollow 50x25x2.5RHS braces was the first pilot test o f  the series. The 

frame was subjected to a sine ramp input with three cycles o f  equal amplitude and three 

intermittent cycles o f equal increasing amplitude at a frequency representing approximately 0.8 

times the natural frequency o f the test structure, as determined from the elastic tests. On inspection 

of the specimens after the inelastic test, no local buckling or damage was observed in the specimen. 

The residual lateral deformations o f the specimens were also relatively small, as shown in Figure
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6.6. Furthermore, the measured loads in the specimens were lower than expected, as evident from 

Figure 6.7. Therefore, it was decided to subject the frame to the same table input, but with the 

magnitude of the accelerations increased by 50%. The results of the subsequent test, ST1-R50H-B, 

are given in Figure 6.8. The residual deformations in the specimens after Test ST1-R50H-B are 

shown in Figure 6.9. Again, no significant local buckling or necking was observed. This frame 

mamly served as a pilot test which, as noted before, indicated a discrepancy between the specified 

and installed rig member sizes. It also provided the necessary initial assessment on the 

performance of the control and data acquisition systems, as well as a useful preliminary 

examination of the dynamic cyclic response of the bracing members.

Figure 6.6. Specimens after Test ST1-R50H.
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Figure 6.9, Specimens after Test ST1-R50H-B.

6.4.2 Test ST2-E50H: El-Centro

This frame, incorporating hollow steel braces of size 50x25x2.5, was tested under a scaled El 

Centro earthquake, and the results are presented in Figure 6.10. The bracing members behaved as 

expected in tension and compression, with some local buckling observed in both braces. As shown 

in Figure 6.10(a), the peak acceleration response exceeds 0.9g, which reflects the overall lateral 

resistance capacity provided by the braces. As indicated by Figure 6.10(b), the tensile strengths of 

the two braces were identical. Accordingly, the frame response was very symmetrical, except for 

some differences caused by the input characteristics. This is reflected in the measured load- 

displacement plots for the brace specimens in Figure 6.10(d), and in the base shear-lateral 

displacement plot for the frame in Figure 6.10(e), gives the combined resistance of the two braces. 

These plots also indicate significant yielding of the brace specimens.

Figure 6.11 shows the specimens immediately after the inelastic test. Both specimens had 

substantial in-plane lateral deformations. The mid-span deformations of these specimens were 

measured to be \19mm and -\95m m  for specimen 1 and 2, respectively, as indicated in Table 6.2, 

after the frame was brought back to its original position and the temporary bracing put in place. 

The residual deformations of the specimens were also measured after removal from the test frame. 

From Figure 6.12, it is evident that symmetrical buckling of brace specimen 1 occurred, with its 

mid-span deformation being 176/w/w {\19mm when specimen was in the frame in its original
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position). The mid-span deformation of Specimen 2 after taking it out of the test frame was \A9mm 

( 195/mw when in the test frame in its original position).

Examination of the two braces following the tests revealed the presence of slight local buckling 

above the stiffener on the face opposite the seam weld, as indicated in Figure 6.12. No other 

significant local buckling was evident. The face opposite the seam appeared to have concaved 

slightly at mid-length of Specimen 2.

Figure 6.11. ST2-E50H specimens after inelastic El-Centro test

Specimen No. 1
3345Very slight amount 

of inward local — 
buckling

IV4

!l76
78 f

- W

Seam weld on 
bottom face

Very slight amount 
of inward local 
buckling

Specimen No. 2
3339, 3332

W49
Seam weld on 
bottom face

Figure 6.12. Deformed shape of ST2-E50H specimens after removing them from the test frame.
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6.4.3 Test ST3-E50F: El-Centro

This frame had filled 50x25x2.5RHS braces, and the loading was nominally the same scaled El- 

Centro excitation used for the previous test with hollow braces. It should be noted that due to the 

difficulty in filling the 50x25x2.5RHS specimens the mortar in this specimen at mid-span may not 

have been fully compacted. In fact, as explained in Section 5.4.2, one of the filled specimens 

(Specimen 1) contained resin infill at mid-span to fill a void that was discovered prior to testing. 

On inspecting this specimen after the inelastic test, no local buckling was evident. Slight local 

inward buckling of Specimen 2 occurred where maximum bending of the specimen took place. On 

tapping the specimens, the mortar in Specimen 1 appeared intact, but the mortar inside Specimen 2 

appeared to have been considerably de-bonded.

The main results for Frame ST3-E50F are given in Figure 6.13. These can be compared to the 

results for Frame ST2-E50H containing equivalent hollow brace specimens. As mentioned above, 

the mortar prevented local buckling in both braces near the ends and at mid-length for Specimen 1, 

thus preventing high localised strains from developing in these locations. Consequently, weakness 

in the steel caused by the local buckling, which results in a reduction o f the maximum tensile 

capacity during tension cycles, is eliminated. This may explain the prevention of extensive 

yielding plateaus in Figure 6.13(d) for the filled specimens, as observed for the hollow specimens 

(Figure 6.10(d)). On the other hand, Figures 6.13(d) and (e) indicate asymmetric behaviour of the 

frame containing the filled specimens. This can be attributed to the input excitation, coupled with 

the possibility that the mortar in one of the filled specimens may not have been fully compacted, 

resulting in one brace member having a lower local and overall buckling resistance than the other. 

This is also evident in the axial load history plots for the brace specimens in Figure 6.13(b).

The maximum lateral deformation of Specimen 1 occurred at mid-length. This was measured as 

\06mm  when the specimen was taken out of the frame, as indicated in Figure 6.14 ( - 143/ m w  while 

in the frame (Table 6 .2)) . Maximum bending of Specimen 2 occurred 1 \ Qmtn from the mid-length, 

as shown in Figure 6 . 14. This was measured to be \23mm  when the specimen was removed from 

the frame, and 149/ w o t  when it was in the frame and the frame in its original position. It should be 

noted that these two specimens might have been additionally deformed during removal from the 

frame and prior to taking the measurements given in Figure 6 . 14.
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Figure 6.13. Measured response of frame ST3-E50F subjected to scaled El-Centro Earthquake record 
(Magnitude 8.7m/sec*).

184



Shake Table Test Results

L/4

Specimen No. 1

3 3 4 3 ,3 3 4 6

3340. 3334

L/4

— ------ 1 —

■f42
^106

49 f

Seam w eld on 
bottom  face

Specimen No. 2

3340, 3333

L/4 L/41 1 0

123

;339. 3343

S light inw ard local 
buck ling  w here max 
bending occurs

Seam w eld on 
bottom  face

Figure 6.14. Deformed shape of ST3-E50F specimens after removing them from the test frame.

6.4.4 Test ST4-R20H: Sine ramp

This frame, ST4-R20H, was part of the two pilot tests conducted in March 2003 (together with 

ST1-R50H described before). The response of the frame to a sine ramp is shown in Figure 6.15. 

The input excitation, with amplitude gradually increasing to l.Og, was applied at a constant 

frequency representing about 80% of the estimated natural frequency o f the frame. No sign of 

local buckling or necking of the bracing members was visibly observed.

As shown in Figure 6.15(a), the acceleration response is limited to about OAg, which agrees with 

the ultimate capacity of the braces (Figure 6.15(b)). The hysteretic brace response, depicted in 

Figure 6.15(d), displays the typical cyclic behaviour of slender braces, characterised by tensile 

yielding and compressive buckling. Furthermore, Figure 6.15(e) illustrates the overall frame 

response, which incorporates the interaction between the two braces. Due to the idealised input 

excitation, the behaviour was highly symmetric as expected, resulting in consistent ductility 

demand in both directions of the response.

The pinched shape o f the cyclic response is a feature of frames with slender braces, leading to 

relatively low stiffness near the displacement-reversal point. Although this results in sudden 

loading-unloading effects, their extent was not as significant as anticipated and gradually reduced 

with larger deformation amplitudes. On the other hand, the increases in amplitude in consecutive 

cycles of the sine ramp input excitation may also contribute to the observed pinched hysteretic 

behaviour of the brace specimens. As observed in the quasi-static cyclic tests described in Chapter 

4, beyond the yield phase, during the first cycle at a new displacement amplitude, the specimens
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stretch inelastically, causing a permanent elongation. When the m ember is subsequently 

compressed a lateral deflection occurs. Because the specimen had lengthened in tension, a residual 

lateral deformation is still present when the specimen unloads to its starting point o f  zero axial 

displacement. Thus, the beginning o f the positive phase o f  each cycle involves straightening the 

specimen. Generally, in the quasi-static cyclic tests specimens did not return to being fully straight 

until the maximum amplitude o f positive displacement was reached. This behaviour was most 

noticeable with the more slender specimens. Similarly, when the maximum relative displacements 

of the frame in the dynamic shake table test are limited by reversal in the table motion, the tensile 

brace starts to unload before its maximum tensile capacity is reached, preventing substantial 

yielding. More extensive yielding o f brace specimens in Frame ST4-R20H would have occurred if 

larger increases in amplitude o f  consecutive cycles were employed.

6.4.5 Test ST5-E20H: Synthetic earthquake

This frame, containing hollow steel bracing o f size 20x20x2.0, was tested under a scaled synthetic 

record, described previously in Chapter 5. It should be noted that due to inadvertent handling 

damage, one o f  the original brace specimens was replaced by a specimen from another length o f 

steel which was found to have a notably different material strength (Table 5.3). Thus, this frame 

consisted o f Specimen 1 originally manufactured at TCD (length C3) and Specimen 2 

manufactured at NTUA (length W2). Specimens 1 and 2 were Grade S235 and S275, respectively, 

and the difference in strength is also clearly reflected in the axial load plots shown in Figure 6.16. 

Prior to conducting this test, the hinges o f the test frame had been deformed significantly during the 

previous test (ST7-E40H).

Although some aspects o f  the response o f this frame were sim ilar to that o f the Frame ST4-R20H, 

the unintentional discrepancy in brace capacity had a significant effect on the response. As shown 

in Figure 6.16(a), the peak acceleration response exceeds 0.5g in one direction, and is about 0.4g in 

the other. Figures 6.16(d) and (e) also illustrate the asym m etry in axial brace capacity and base 

shear. Although the random nature o f  the input excitation has some influence, the asymmetry in 

response is also attributable to the imbalanced strength o f  the two braces. As shown in Figures 

6.16(d) and (e), this causes a disproportionate concentration o f  inelastic deformation in one 

direction, which is clearly undesirable.
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6.4.6 Test ST5-E20H-B: El-Centro

In this test, the frame consisted o f two hollow 20x20x2.0 braces and was subjected to a scaled El- 

Centro excitation. The specimens employed in this test were m anufactured in the Laboratory for 

Earthquake Engineering at the National Technical University o f Athens. The two specimens, 1 and 

2, were cut from lengths W1 and W3, respectively. The hollow sections were Grade S275, as 

Grade S235 was not available. As shown in Figure 6.17, the response acceleration is limited to 

approximately 0.54g^, which corresponds to the ultimate lateral capacity provided by the braces. 

Again, the main features o f  the hysteretic behaviour are similar to that observed in the previously- 

described test (ST5-E20H). Extensive stretching and bucking o f  the brace specimens took place 

during the earthquake loading, with significant tension yielding plateaus being displayed in Figure 

6.17(d). Clearly, the asymmetry in displacement response is not as significant as for ST5-E20H, 

and can be attributed to the input excitation, possibly coupled with a marginal difference in the 

actual tensile strengths o f  the two braces.

It is noted that the pinched-type hysteretic frame response observed during the sine ramp loading o f 

Frame ST4-R20H is not as pronounced for the equivalent frames subjected to earthquake loading 

(ST5-E20H and ST5-E20H-B). This suggests that the excitation type contributes to this feature o f 

response. On the other hand, the stockier 50x25x2.5RHS brace members in Frame ST2-E50H 

exhibited more stable hysteretic responses and less sudden buckling effects compared to the 

20x20x2.0 brace members.

Significant in-plane and out-of-plane residual deformations were observed during and following 

test ST5-E20H-B, as shown in Figure 6.18. Both specimens buckled out-of-plane in the direction 

o f the Control room, as shown in Figure 6.18(b). The magnitude o f  in-plane buckling o f Specimen 

1 was greater than Specimen 2 {2\5mm  compared to \50mm  from Table 6.2), which is evident 

from Figure 6.18(a). On the other hand, no visual sign o f necking or local buckling was observed 

after the test. Figure 6.19 shows the lower ends o f  the specimens after the inelastic test.

The load-time plot in Figure 6.17(b) suggests that the specimens were subjected to a relatively high 

initial tension force on fitting them into the test rig, which explains the comparatively high natural 

frequency estimated from the elastic tests, as indicated in Table 6.3. Pre-tensioning o f  the 

specimens also explains the comparatively low initial lateral deflections measured prior to testing, 

as indicated in Table 6.2. On the other hand, pre-tensioning the brace specimens does not appear to 

affect their response after yielding has occurred.
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Figure 6.18. (a) Residual in-plane, and (b) out-of-plane deformations after Test ST5-E20H-B

(a) (b)
Figure 6.19. Ends of (a) Specimen 1 and (b) Specimen 2 after Test ST5-E20H-B.
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6.4.7 Test ST6-E20F: El-Centro

This test was similar to Test ST5-E20H-B, in that the same nominal scaled El-Centro excitation 

was applied, except that the 20x20x2.OSHS braces were filled in Test ST6-E20F. After the 

inelastic test, Specimen 2 had large out-of-plane and in-plane deformations, as displayed in Figure 

6.2, whilst Specimen 1 had slight residual out-of-plane deformation. During the second group of 

large amplitude cycles in the record (from approximately 5-lsec), Specimen 1 experienced 

significant permanent elongation and Specimen 2 buckled significantly. Between that time and the 

end of the test. Specimen 2 did not straighten, and hence could not resist any tensile loads, as is 

evident from the axial load history curves in Figure 6.20. Specimen 1 appeared therefore to be 

solely resisting the earthquake loading thereafter. The frame experienced permanent storey drift to 

the right, as shown in Figure 6.20(c).

As expected, the response of the equivalent frame containing hollow brace members, ST5-E20H-B, 

was similar, as shown in Figure 6.17, except that Specimen 2 in that frame experienced a tensile 

pulse load at approximately 14. \sec when the frame suddenly deformed laterally to the left. On the 

other hand, the response of Frame ST6-B20F is more asymmetric. Both specimens had relatively 

high initial compression loads, as shown in Figure 6.20(b). In fact, the loads imposed in the 

specimens on fitting them into the frame are close to their elastic buckling capacities, resulting in 

large initial lateral deflections, as indicated in Table 6.2. Thus, the compressive brace has very 

little resistance. In comparison, the specimens in Frame ST5-E20H-B were initially pre-tensioned, 

providing extra resistance to the frame in both directions. This suggests that pre-tensioning slender 

brace specimens may prevent possible asymmetric response during earthquake loading.
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6.4.8 Test ST7-R40H: Sine ramp

This frame, consisting o f hollow 40x40x2.5 braces, was subjected to a sine ramp excitation. 

However, the maximum tensile strength o f the bracing members was not reached, as shown by the 

load plots in Figure 6.21. This is probably due to the nature o f  the loading regime, unless 

unexpected rig deformations occurred. The axial load-deformation hysteretic curves for the brace 

specimens shown in Figure 6.21(d) do not exhibit the expected shape, i.e. that observed in the 

quasi-static tests presented in Chapter 4. In addition, high strains were evident in the cylinder 

connecting Specimen 2 to the table (-464|ae and 890^e for SG4 and SG5, respectively (Appendix 

E)). The channel for the strain gauge on the base plate (SG6) was found to be faulty, and hence 

inaccurately high values were recorded.

The residual deformations present in the specimens were small after the test, as indicated in Table 

6.2. Specimen 1 had lateral in-plane and out-of-plane deform ations at mid-span o f 55mm  and 

48wm, respectively. Specimen 2 had lateral in-plane and out-of-plane deformations at mid-span o f 

AAmm and 56mm, respectively. No local buckling or necking o f the specimens was visually 

observed. Thus, these specimens were subjected to an additional test (ST7-E40H) employing 

scaled El-Centro excitation. The results and observations from this test are presented in the next 

section.

6.4.9 Test ST7-E40H: El-Centro

This test followed the inelastic sine ramp test (ST7-R50H). A more dam aging scaled El-Centro 

excitation was employed to examine the ultimate response o f  the frame up to failure. The results 

are depicted in Figure 6.22. Figure 6.22(a) depicts the table and mass accelerations for this frame, 

indicating a peak response approaching 1.2g, while. Figures 6.22(b) and 6.22(c) show the brace 

load and frame displacement histories, respectively. The axial load-deformation response o f  the 

braces and the lateral load-displacement response o f  the frame are shown in Figures 6.22(d) and 

6.22(e), respectively. Unlike other tests, the table acceleration did not closely follow the intended 

input excitation, especially at two instances close to 3.0 and 6.0 sec. This was attributed to 

interaction effects between the shake table and the relatively stiff frame tested in this case, and 

resulted in peak table accelerations approaching 2g.

Figures 22(d) and (e) indicate that the lower member slenderness in this test lead to a relatively 

more stable hysteretic response than was observed in earlier tests incorporating other brace sizes. 

The loading/unloading behaviour was also considerably more gradual in nature, compared to other 

models. Nevertheless, local buckling had a significant influence on the behaviour and eventually 

resulted in full failure o f the members. At an early stage o f the response, around approximately 4 

seconds, local buckling became visible at mid-length and close to the ends o f both braces. After
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about 10 seconds, cracks started to open widely at these locations in both braces, most clearly at 

mid-length, as seen in Figure 6.23. With further cycles, albeit at lower amplitudes, one brace 

fractured completely at mid-length (at approximately 26 to l lsec),  as shown in Figures 6.24 and 

6.25. The other brace also suffered from partial fractures at mid-length, as illustrated in Figures 

6.23 and 6.27, and near the two ends as shown in Figure 6.28.

Several views of the specimens in the frame after failure are shown in Figure 6.24 and 6.26. On re

positioning the frame vertically, the following observations were made;

Specimen 1

o Failed at mid-length. Local inward buckling on the control room side and top face, 

as shown in Figure 6.25(a). 

o Local inward buckling of the bottom face close to the start o f the unstiffened

length at both ends, as seen in Figure 6.26(c) and (d). 

o Necking over middle length of specimen.

Specimen 2

o Face furthest from the control room buckled locally outwards and the top face 

buckled inwards at mid-span (Figure 6.27(a)). 

o Top comer furthest from the control room fractured significantly at mid-span 

(Figure 6.27(a)), while the other top comer tore open along the root radius over a 

length of approximately IQ-hQmm (Figure 6.27(b)). 

o Only the top face o f the specimen was still intact near the upper stiffener, as seen

in Figure 6.28(a). Outward local buckling of the sides and inward local buckling of 

the top face.

o The bottom comer on the control room side mptured near the lower stiffener, as 

shown in Figure 6.28(b).
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Figure 6.23. Specimens ST7-E40H shortly before failure.

(a) (b)
Figure 6.24. After the El-Centro input in Test ST7-E40H
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Figure 6.25. (a) Specimen 1 of Test ST7-E40H, and (b) Specimen 1 of Test ST8-E40H.

(c) (d)

Figure 6.26. Local deformations after the El-Centro input in Test ST7-E40H: (a) Looking in at upper 
end of Specimen 2, (b) Looking in at lower end of Specimen 2, (c) Looking down on lower end of 
Specimen 1, and (d) Looking up at upper end of Specimen 1.
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(a) (b)
Figure 6.27. Deformations at the midspan of Specimen 2 after straightening up the test frame after 
Test ST7-E40H. (a) Looking towards the control room (indicted by “CR” in Figure 6.24(b)), and (b) 
Looking in the opposite direction.

(a) (b)
Figure 6.28. Deformations at the (a) Upper and (b) Lower ends of Specimen 2 observed after 
straightening up the test frame after test ST7-E40H. (Refer to Figure 6.26)

6.4.10 Test ST8-E40H: El-Centro

This frame consisted of braces with hollow 40x40x2.5 sections, and was subjected to the same 

scaled El-Centro input motion as the previous test (ST7-E40H) to corroborate the observed table 

and specimen responses. The graphical results are presented in Figure 6.29. The hinges of the test 

frame were replaced prior to this test, as a precaution following the extensive deformations 

experienced in previous tests. There were some concerns that the base plates of the specimens may 

have experienced some sliding during Test ST7-E40H. Therefore, angle sections, as shown in
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Figure 6.30, were used to tie the base plates of the specimens together in this and the next test 

(ST9-E40F).

The frame response was similar to that of Frame ST7-E40H, both in terms of peak table and 

specimen accelerations, as well as the failure mode of the braces, involving local buckling in both 

braces followed by full fracture of one brace and partial fracture o f the other. As in Frame ST7- 

E40H an asymmetrical drift response was observed, as is evident in the axial load-deformation 

response for the brace members in Figures 6.29(d) and the overall storey shear-lateral deformation 

response plot in Figures 6.29(e). This asymmetry is attributable to the high table acceleration in 

one direction, shown in Figure 6.29(a), causing the frame to deform significantly to the right as 

depicted in Figure 6.29(b).

During the initial part of this test, local buckling was observed at mid-length of Specimen 1. 

Following this, during the second group of large displacement peaks, which occurred between 9- 

11 sec, the top face of this specimen ruptured. Specimen 2 experienced significantly buckling 

during this period, and remained in a buckled state during most of the subsequent loading. Gradual 

tearing of the side faces and the bottom face of Specimen 1 followed initial rupturing of the top 

face. Eventually, Specimen 1 fully fractured in tension after approximately 21 seconds of loading. 

Substantial necking at both ends of Specimen 1 was also clearly observed, but this was not as 

substantial as in the previous test (ST7-E40H). Inward local buckling of the bottom face of this 

specimen was observed close to the upper stiffener. At mid-length, significant inward local 

buckling of the top face and outward buckling o f the back face was observed (Figure 6.25(b)). 

Necking was also observed at mid-length.

The observations for Specimen 2 after testing were very similar to the previous test (ST7-E40H).

Top end: all faces, except for upper face, ruptured. Large inward local buckling o f upper 

face.

Lower end: fractured at bottom comer near control room. Local inward buckling on 

bottom and far faces. Outward local buckling o f near face.

Mid-length: rupture along top near root radius. Rupture on top far comer also. Nearly 

ruptured fully across top face. Outward local buckling of sides, larger on far side. Inward 

local buckling of top face.

201



Shake Table Test Results

Tacia ((jnxnd) 
Mass (ResBonse)

(a) Input and response acceleration histories
140

120

109

90

60

48

!»I
I •
|.»
o -40

■m

■ 10»

•120

(b) Axial load history of the brace specimens (c) Displacement history of the frame and ground

90

%{

Brace 2Brace 1
(d) Load versus axial deformation for the two braces

/ '  0 0 5

(e) Base shear versus lateral displacement of frame

Figure 6.29. Measured response of frame ST8-E40H subjected to scaled El-Centro Earthquake record 
(Magnitude 19.7m/sec^).
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Figure 6.30. Specimens in Test ST8-E40H just before failure.

6.4.11 Test ST9-E40F; El-Centro

In this final inelastic test of the shake table series, the fi'ame consisted of filled 40x40x2.5SHS 

braces. The graphical results for acceleration, loads, and displacements measured during the test 

are presented in Figure 6.31. The loading was again based on a scaled version of the El-Centro 

excitation, intended to provide a comparison with the previous test on hollow braces (ST8-E40H).

The presence of the infill played a significant role in improving the performance of the bracing 

members. Whilst complete fiacture of the hollow braces was initiated by gradual deterioration due 

to local buckling, the composite braces survived the same nominal input excitation without 

exhibiting any sign of local or member deterioration. On inspection of the specimens after the test, 

there was no visible sign of local buckling or any fi^cture in either of the bracing members. 

Furthermore, the load plots in Figure 6.31 suggest that extensive yielding of the brace members did 

not occurred during the earthquake loading. This may be partially due to the presence of the infill 

and the slightly lower table accelerations, but also due to the material strength of the steel sections 

employed in the composite members being higher than the steel employed in the equivalent hollow 

members (Table 5.1).
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Figure 6.31. Measured response of frame ST9-E40F subjected to scaled El-Centro Earthquake record 
(Magnitude 16.7m/sec^).
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6.5 INELASTIC RESPONSE PARAMETERS

In the previous section, observations and graphical results for each o f the inelastic shake table tests 

were presented. This section examines some of the main inelastic parameters as obtained from the 

shake table tests and, where possible, comparisons are made with capacity evaluations obtained 

from the complementary quasi-static tests, and with response predictions made using standard 

methods.

Seismic codes of practice (for example, CEN, 2001; AISC, 2002; CSA, 1994) largely agree on the 

overall philosophy of capacity design for concentrically braced frames, in which the diagonal 

braces act as the main dissipative elements. However, there are significant differences associated 

with the design approaches, and others related to geometric and dimensional limitations. A 

detailed assessment of these inconsistencies is presented elsewhere (Elghazouli, 2003), where it is 

shown that one of the main differences is concerned with the idealisation o f brace behaviour. 

Whereas several codes, such as US guidelines (AISC, 2002), base the design strength on the brace 

buckling capacity in compression, European practice (CEN, 2001) is contrastingly based on the 

brace strength in tension. Nevertheless, irrespective of which design simplification is adopted, 

appropriate implementation of the capacity design approach requires a detailed evaluation of 

several key response parameters (Elghazouli et al, 2004b).

6.5.1 Frame stiffness

In Section 6.3, the effects size, slenderness and initial out-of-straightness of brace members have 

on the natural frequency of frames were investigated. It was shown that the natural frequency of 

the frames increased with increase in brace sizes, and conversely decreased with increase in brace 

slenderness, although some scatter was observed in the results due to the effects of initial out-of

straightness induced in brace members on fixing them into the test frame. In this section, the effect 

of initial frame stiffness on its response is investigated.

In Table 6.4, the natural frequency of the test frame {/„) measured in each elastic test, which 

employed the random excitation, is shown. Using the known test mass, these frequencies are used 

to determine the initial lateral stiffness of the frame in each test {k„). These values are compared 

with an estimate of the lateral stiffness of the frame due to the tensile axial resistance of a single 

brace (kh), where for the frames tested is equal to kb = EAUL. For perfect brace members, the 

elastic stiffness k„ should be twice that provided by one brace {kb) (see Section 6.5.3). However, 

with one exception, the resulting kjkb  ratios fall in the range 0.7-1.8. Ratios greater that I.O may 

reflect the stiffness of the compression brace, or initial brace tension at the start of the test. 

Similarly, ratios less than 1.0 may reflect other sources o f flexibility in the test rig, or initial brace 

compression.
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Figure 6.32 investigates the effect initial out-of-straightness o f brace members has on the elastic 

stiffness of the frames in each test. As expected, the kjkb ratio decreases with increase in 

maximum initial out-of-straightness measured in either brace member. As mentioned earlier, initial 

lateral deformations are mainly attributed to the amount o f preload induced in the braces on fixing 

them into the frame. This is investigated now in more detail by focussing on the response of 

frames containing 20x20x2.OSHS brace members. In Figure 6.32, the kjkb ratio decreases almost 

linearly with increase in maximum initial out-of-straightness experience by either brace member. 

The maximum initial out-of-straightness measured for either brace member in frames ST4 and 

ST5B was 0.36% and 0.09%, respectively (Table 6.2). These low values are due to both brace 

members in these frames having relatively high tensile forces when installed in the test frame 

(approximately 14% and 20% of their tensile yield capacity, as displayed in Figures 6.15(b) and 

6.17(b) respectively). Hence, both braces resist lateral displacement in the elastic range, leading to 

higher natural frequencies, as indicated in Table 6.4. The brace members in Frame ST6 were in 

compression prior to testing, with one brace subjected to 75% of its expected buckling resistance, 

which is reflected in their relatively high initial lateral deformations displayed in Table 6.2 

(maximum 1.27%). This caused a lower natural frequency and low elastic stiffness to be observed 

for this frame, as shown in Table 6.4. Negligible loads were induced in the braces of Frame ST5 

on fixing them into the frame, as shown in Figure 6.16(b), but these braces had a relatively large 

initial out-of-straightness (maximum 1.00%), which resulted in a reduced kjkt  ratio (Table 6.4).

From the above discussion, it is evident that inducing preloads when fixing brace specimens into 

the frame altered its natural frequency and elastic stiffness significantly. However, this did not 

seem to otherwise affect the response of the frame in inelastic tests, as observed in Section 6.4. On 

the other hand, the relatively high prestress induced in the braces o f Frame ST5-E20H-B appears to 

have encouraged a more symmetric response compared to that of similar frames (e.g. ST6-E20F). 

As will be seen in Section 6.5.5, accidental loading or initial deformations o f the brace members on 

placing them in the test frame did not affect their ductility capacity.

After brace members experience permanent elongation during the inelastic tests, the stiffness of the 

member reduces significantly, as shown for example in Figure 6.33, and “looseness” is induced in 

the frame. The stiffness o f the brace is very low due to residual deformations. It only increases 

again substantially when the brace is stretched close to the maximum deformation experienced 

during its loading history. This type of response behaviour was also observed in the quasi-static 

cyclic tests, as discussed in Chapter 4. The variation in stiffness o f the frame throughout 

earthquake loading is investigated in more detail using numerical analysis in Chapter 7.
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Table 6.4. Elastic frame stiffness

Test ID I /«
(Hz) (kN/m)

kb
(kN/m)

k„!
k.

ST1-R50H 2.21 5.65 12175 10368 1.17

ST1-R50H-B 2.21 5.65 12175 10368 1.17

ST2-E50H 2.23 4.68 8745 10412 0.84

ST3-E50F 2.33 6.05 14615 10449 1.40

ST4-R20H 2.78 3.99 6072 4214 1.44

ST5-E20H 3.17 2.83 3198 4262 0.75

ST5-E20H-B 3.01 4.38 7660 4315 1.78

ST6-E20F 2.92 2.20 1933 4230 0.46

ST7-R40H 1.49 6.05 14615 10933 1.34

ST7-E40H 1.49 6.05 14615 10933 1.34

ST8-E40H 1.58 6.05 14615 11116 1.31

ST9-E40F 1.83 6.44 16560 11369 1.46
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record (Magnitude 19.7m/sec^).

120

100

■0-5 Ssec 

S M Is e c

FilledHollow 
□  50x25x2.5 ■

A  20x20x2.0 ▲

040x40x2.5 ♦

207



Shake Table Test Results

6.5.2 Brace capacity

The actual tensile capacity of the bracing members plays a major role in determining the extent of 

the forces transferred to other frame members and components. However, a number of factors may 

cause the maximum tensile resistance to exceed its nominal design value. These include higher 

yield strength, strain hardening and strain rate effects. To assess these effects, the maximum tensile 

forces measured in the braces during each test (Â ,) are presented in Table 6.5. The values have 

been normalised by the yield (Ny) and ultimate (//„) strengths determined in monotonic tensile 

section tests. In Table 6.5, values in brackets correspond to values for Specimen 2 for cases where 

the material properties o f the pair of specimens were dissimilar. From the presented results, it is 

evident that an assessment of tensile capacity based on the yield strength can underestimate the 

maximum tensile force by over 40%, due to a combination o f strain hardening and strain rate. If, 

on the other hand, an assessment is based on the ultimate material capacity, the maximum 

difference between measured and predicted values is 18%, which can be primarily attributed to 

strain rate effects. In fact the difference is greatest for the most slender members, which 

experienced the highest strain rates, as shown in Table 6.6. However, it should be noted that the 

yield (Ny) and ultimate (Â „) strengths of the 20x20x2.OSHS specimens measured in monotonic 

tensile section tests may be slightly underestimated, as these failed close to the connection, which 

may have been softened due to welding.

The capacities of the brace members determine the maximum response accelerations of 

concentrically braced frames during extreme earthquakes. In Table 6.5, the maximum response 

accelerations (So) are compared with the maximum table accelerations (Sg) in each inelastic test. 

As expected, the SJSg ratios observed in the tests are limited due to yielding of the brace 

specimens. On the other hand, the brace specimens in pilot tests ST1-R50H and ST1-R50H-B did 

not experience extensive yielding, as indicated by their hysteretic response shown in Figures 6.6(d) 

and 6.8(d). The SJSg ratio observed for Test ST1-R50H is similar to that observed for tests ST2- 

E50H and ST3-E50F, whereas the SJSg ratio was significantly lower on re-testing the braces in 

Test ST1-R50H-B. On the other hand, the maximum tensile forces measured in the braces (Â ,) 

closely match the yield strengths (Ny) determined from monotonic tensile tests (Table 6.5), 

suggesting that the braces during both tests on Frame STl were just at yield at some point, but did 

not go beyond yield. In comparison, the maximum tension forces (N,) measured in the braces of 

frames ST2 and STS are significantly higher than the yield strength (Ny) measured in the monotonic 

tests, as shown in Table 6.5. Thus, the low SJSg ratios observed for these tests, which were 

conducted prior to rig modification, suggest that in these tests inelastic deformations occurred in 

the test rig or its connections, limiting the forces experienced by the test specimens.
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Table 6.5. Comparison o f  static and dynam ic loads

T e s t ID
F ille d /
H o llo w

E x c ita tio n S g
(m /s^)

Sa
(m /s^)

S,/Sg N,
(k N )

Ne
(k N )

N ,/N y N ,/N „ N / N „

S T 1-R 50H c/3 H ollow Sine Ramp 8.47 10.01 1.18 114.8 35 .0 1.05 0.97 1.56

STI-R50H-B H ollow Sine Ramp 12.69 8.74 0 .6 9 113.8 34 .4 1.04 0.96 1.53

ST2-E 50H
rvi
Xyr\ H ollow E l-C en tro 7.93 9.48 1.20 126.9 37.8 1.14 1.07 1.68

ST 3-E 50F
Xotn Filled E l-C en tro 8.71 9.25 1.06 129.1 33 .7 1.16 1.08 1.41

ST 4-R 20H H ollow Sine Ramp 10.02 4 .02 0 .40 55.4 18.3 1.45 1.18 3 .70

ST 5-E 20H
on
X
00
p

H ollow S yn th e tic 5.11 5.26 1.03 59 .9
(74 .3 )

12.5
(9 .8 )

1.47
(1 .2 0 )

1.16
(1 .02)

2.53
(1 .98)

ST5-E20H-B Xo(N
XO

H ollow E l-C en tro 5.02 5.35 1.07 75 .0
(7 8 .7 )

12.1
(1 5 .1 )

1.30
(1 .2 6 )

1 .16 
(1 .08)

2 .44
(3 .05 )

S T 6-E 20F
(N

Filled E l-C en tro 4.38 3.97 0.91 55 .9 15.8 1,41 1.18 3.02

S T 7-R 40H on H ollow Sine Ramp 8.83 9.00 1.02 105.9 3 7 .0 0.84 0.74 0.65

S T 7-E 40H
X
on H ollow E l-C en tro 19.65 11.20 0.57 156.5 52 .4 1.24 1.09 0.93

S T 8-E 40H Xo H ollow E l-C en tro 19.73 12.06 0.61 152.6 60.3 1.08 0.98 1.07

ST 9-E 40F
Xo Filled E l-C en tro 16.67 14.93 0 .90 199.6 53.3 1.08 0.97 0.85

The low NJNy and NJNu ratios experienced by the braces in Frame ST7 while subjected to sine 

ramp excitation (Test ST7-R40H) is probably due to the load being limited by the loading regime. 

If larger increases in amplitude in consecutive cycles were employed, the tension brace would 

experience greater elongation (tensile loading) before unloading, which is caused by a change in 

direction of table motion. This may also have contributed to the maximum tensile loads in the 

braces of Frame STl being lower than expected. On the other hand, the base shear-deformation 

plot for Frame ST7-R40H displays loading paths with similar stiffnesses throughout the test, which 

are less than the elastic stiffness (Figure 6.21(e)), in comparison to those for Frame STl where the 

frame stiffness reduces significantly close to zero lateral frame deflection during later stages of 

loading (Figure 6.6(e) and 8(e)).

The average strain rate e^v was estimated for all brace specimens from their measured axial loads 

during the tension re-loading phase of each load cycle and when the brace stiffness was greater 

than 10% of the initial elastic stiffness. The average strain rate e^v o f 20x20x2.OSHS brace 

specimens during the El-Centro record was 0.022, in comparison to 0.016 for the stockier 

50x25x2.5RHS and 40x40x2.5SHS brace specimens. The average strain rate observed in each test 

is presented in Table 6.6, along with predictions of the increase in yield strength due to strain rate 

effects suggested by models proposed by several researchers (Wright & Hall, 1964; Soroushian & 

Choi, 1987; Wallace & Krawinker, 1989; Kasser & Yu, 1992; Wakabayashi et al, 1994). These 

models are discussed in Chapter 2, in which fyd and fys are the yield strength due to strain rate 

effects and the static yield strength, respectively. The predicted yield strength increases of between 

2 and 30% can be compared with the 7V,/Â,, values in Table 6.5. Furthermore, Soroushian & Choi 

(1987) predicts an increase in ultimate strength o f 7%, on average, for these specimens. This is
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com parable to the observed N JN u  values in Table 6.5. In dynam ic testing  o f  slender brace 

specim ens, T rem blay & F illau trau lt (1996) reported increases o f  14% for y ield  strength and about 

h a lf o f  that for ultim ate strength  due to strain rate effects.

Table 6.6. Measured strain rates and predicted steel strength.

T est ID In p u t ^av
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ST1-R50H Sine Ramp 0.022 1.12 1.31 1.03 1.13 1.13 1.07

ST2-E50H Sine Ramp 0.023 1.12 1.31 1.03 1.14 1.13 1.07

ST2-E50H El-Centro 0.016 1.11 1.29 1.02 1.12 1.13 1.06

ST3-E50F El-Centro 0.017 1.11 1.29 1.03 1.12 1.13 1.06

ST4-R20H Sine Ramp 0.031 1.12 1.32 1.04 1.15 1.12 1.08

ST5-E20H Synthetic 0.016 1.11 1.29 1.02 1.12 1.11 1.06

ST5-E20H-B El-Centro 0.023 1.12 1.31 1.03 1.14 1.12 1.07

ST6-E20F El-Centro 0.021 1.12 1.31 1.03 1.13 1.11 1.07

ST7-R40H Sine Ramp 0.022 1.12 1.31 1.03 1.13 1.10 1.07

ST7-E40H El-Centro 0.015 1.11 1.29 1.02 1.12 1.10 1.06

ST8-E40H El-Centro 0.017 1.11 1.30 1.03 1.12 1.10 1.06

ST9-E40F El-Centro 0.016 1.11 1.29 1.02 1.12 1.10 1.06

M ean 1.12 1.30 1.029 1.13 1.11 1.07

CO V 0.002 0.007 0.007 0.007 0.013 0.004

The above evaluation o f  tensile capacity is based on the actual m aterial properties m easured in 

m onotonic tensile tests. C learly , i f  the assessm ent is carried out in term s o f  nom inal m aterial 

properties, significantly  h igher overstrength factors w ould  be obtained. To account for all sources 

o f  overstrength, codes o f  practice usually specify strength enhancem ent coefficients, typically  

ranging betw een 10% and 35% , depending on the code (E lghazouli, 2003). A ccording to this test 

series, it appears that a value o f  35%  is appropriate for use in con junction  w ith the actual (rather 

than nom inal) yield strength. I f  significant d iscrepancy is expected  betw een  the actual and nom inal 

properties, this should be reflected  in a higher overstrength  coefficient. M oreover, w here the 

evaluation o f  m axim um  tensile  brace force is necessary  in design, partial safety factors for m aterial 

should not be applied. H ow ever, design code procedures for estim ating  the effect o f  cold-form ing 

on yield strength should be em ployed if  test data on section tensile  resistance are not available.

The buckling capacity  and post-buckling residual strength in com pression , w hich are directly  

related to brace slenderness, obviously have a d irect influence on fram e behaviour. H ow ever, there
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are several factors that can lead to significant discrepancy from both theoretical and code 

predictions including actual imperfections, cyclic effects and ductility demand. The maximum 

compression forces measured in the braces during each test (Nc) are also presented in Table 6.5. 

These are normalised by the theoretical elastic (Euler) brace buckling loads (Â cr)- The results 

appear to indicate notable influence from dynamic effects on the compressive strength. This is also 

evident from the peaks in hysteretic and time response plots shown in the previous section. This is 

more noticeable for the more slender 20x20x2.0 and 50x25x2.5RHS specimens, as shown for 

example in Figure 6.20(d). Clearly, an adequate assessment of both the upper and lower bounds of 

buckling and post-buckling strengths is important, due to its implications for the forces developed 

in other components, as well as the overall seismic response o f the frame. This has been carried 

out in Chapter 4 for brace members subjected to quasi-static cyclic loading.

Euler predictions are based on perfectly straight specimens with no imperfections. In reality a 

column is never perfectly straight prior to being loaded in compression. On the other hand, a brace 

member can be, due to being taut in the tension phase o f the cycle. A sudden tension-compression 

load reversal may result in an impact dynamic effect, causing an amplification o f the compressive 

load in the member. However, the sharp peaks in the measured compressive load are possibly due 

to the load cells being less accurate at measuring relatively low loads, which may be more 

pronounced when the load is suddenly applied. The load cells had a capacity of 200kN, whereas 

the expected maximum compressive resistance of the brace members was between 2.5% and 31% 

of this load.

6.5.3 Load sharing between brace members

Assuming perfectly straight members, the initial stiffness o f the test frame should be twice that of 

one brace (i.e. 2kt,), since both compression and tension braces will have the same initial stiffness, 

as shown in Figure 6.34. If all other sources of frame resistance are neglected, this initial frame 

stiffness will be equal to k„ = where f„ is the natural frequency measured in the elastic tests

and m the test mass. However, due to initial imperfections and local flexibility in the frame, 

measured values o f k„ are all less than Ikt, as discussed in Section 6.5.1.

After the compression brace buckles, the stiffness o f the frame reduces. The compressive brace 

still provides some post-buckling resistance, which is a function o f member slenderness. Stockier 

braces display higher maximum and post-buckling compression resistances, but more rapid 

deterioration in compressive resistance with storey drift. This behaviour was observed in the quasi

static cyclic tests described in Chapter 4, as well as by other researchers (for example, Jain et al, 

1980; Tremblay, 2002). The greater reduction in compressive resistance is associated with local 

buckling in stockier brace members.
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Figure 6.34. Idealised resistance of brace frame.

Estimates of the maximum total force in both braces (No), based on the maximum measured 

response acceleration in each test and the known test mass are given in Table 6.7. These values are 

compared with the maximum tension (N,)  forces observed in either brace. Good agreement is 

generally observed, with the Ni  value being generally close to, but less than the estimated Na  value. 

The differences between the two values often represent the small post-buckling resistance of the 

compression brace at large displacements, which reduces with brace slenderness.

When the maximum compression (Nc) and tension forces (Nt)  are combined, they exceed the 

estimated maximum lateral force, since brace buckling occurs at displacements lower than brace 

yielding. The most severe condition typically develops when the tension brace yields just after the 

compression brace has buckled (Tremblay, 2002). Tremblay suggests that the resistance of the 

frame can be estimated from the yield strength of the tension brace plus 80% of the compression

brace buckling capacity for braces with slenderness A  greater than unity. In this study, the 

resistance provided by the stockier compressive brace members ( A  <  2.4) was, on average, 30% of 

their maximum buckling capacity (maximum of about 60%). Furthermore, if the frame subjected 

to the sine ramp excitation (ST7-R40H) is omitted the average reduces to 20%, with a maximum of 

just over 30%. On the other hand, for the very slender brace members ( A  >  2.4) the post-buckling 

resistance of the compression brace can be ignored.

212



Table 6.7. Load distribution and base shear

Shake Table Test Results

Test ID
Filled/
Hollow

A In p u t Na
(kN)

N,/
N,

(N ,+N ,)
N .

Vs
(kN )

VsÂ y VsÂ u

STI-R50H on Hollow 2.21 Sine Ramp 136.8 0.84 1.10 96.7 1.25 1.16

STI-R50H-B
X
02 Hollow 2.21 Sine Ramp 119.4 0.95 1.24 84.4 1.09 1.01

ST2-E50H
(N
X Hollow 2.23 El-Centro 135.6 0.94 1.21 95.9 1.22 1.14

ST3-E50F
XO

LD Filled 2.33 El-Centro 132.3 0.98 1.23 93.6 1.19 1.10

ST4-R20H or) Hollow 2.78 Sine Ramp 54.9 1.01 1.34 38.8 1.43 1.17

ST5-E20H
X
c/2o Hollow 3.17 Synthetic 75.2 0.98 1.13 53.2 1.22 1.03

ST5-E20H-B Xo
tN

Hollow 3.01 El-Centro 76.5 1.03 1.23 54.1 1.23 1.05

ST6-E20F
Xo

(N Filled 2.92 El-Centro 56.8 0.98 1.26 40.2 1.43 1.20

ST7-R40H 00 Hollow 1.49 Sine Ramp 128.7 0.82 1.11 91.0 1.02 0.90

ST7-E40H
Xc/2 Hollow 1.49 El-Centro 160.2 0.98 1.30 113.3 1.27 1.12

ST8-E40H Xo Hollow 1.58 El-Centro 172.5 0.88 1.23 122.0 1.22 1.11

ST9-E40F
X

o Filled 1.83 El-Centro 213.5 0.93 1.18 151.0 1.15 1.04

6.5.4 Base shear

Another important parameter is the maximum shear force (F,) developed within the storey, as it 

determines the overall lateral capacity as well as the force transmitted to other parts of the 

structure. These values are presented in Table 6.7, normalised by the lateral strength o f the frame 

derived from the tension capacity of one brace and represented by (Fy) or (F„), depending on 

whether yield or ultimate material properties have been employed. Clearly, Fj is an overall storey 

parameter that implicitly accounts for components o f resistance, including any contribution from 

the post-buckling strength of the compression brace. As shown in Table 6.7, the measured 

maximum values of Fj are greater than in all tests except ST7-R40H, and were up to 20% 

greater in some cases. In comparison, Fj is about 25%-50% greater than F̂ , which is the value most 

likely to be used in design. Accordingly, unless a detailed assessment of the various factors 

contributing to the lateral overstrength is undertaken for each design situation (Elghazouli e/ al, 

2004a), an enhancement factor of about 40% seems prudent, based on this set of experimental 

results. There does not seem to be a clear correlation between the FyF„ ratios and X values given 

in Table 6.7.

In Figure 6.35, the storey shear-displacement response measured for Frame ST8-E40H is compared 

to the results of a typical quasi-static cyclic test on a hollow 40x40x2.5SHS specimen. In both sets 

of results, the force and displacement values have been normalised by the corresponding expected 

yield values. The storey shear is estimated from quasi-static cyclic tests by combining the 

compressive resistance of the member at a known negative displacement with its tensile resistance 

at the next positive displacement of the same magnitude. The response o f the member in the quasi

static cyclic test provides a good prediction of brace response in a frame under earthquake loading.
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with similar shaped loading and unloading paths evident for both cases. However, the maximum 

storey shear is slightly overestimated by the cyclic test results, even though the maximum tensile 

loads experienced by the brace members during the shake table tests are higher than those 

measured during quasi-static tests (see Table 6.5). This is due to the resistance of the compression 

brace in the frame being reduced as a result of initial imperfections, possibly combined with its 

capacity being reduced by local vibration of the compression member. Figure 6.36 compares the 

shake table results with the measured monotonic tensile response, determined by monotonically 

testing an equivalent section (TSS7-40H). An upper bound envelope, which combines the 

monotonic tensile response of the tension brace and the compression resistance of the other brace, 

as determined from a quasi-static cyclic test (CyLSl-40H), is also shown. The lateral resistance of 

the frame is less than this upper bound envelope due to initial imperfections in the bracing 

members (see Table 6.2), tensile strength deterioration due to plastic hinges forming (see Chapter 

4), cyclic loading, and so on. Thus, combining the resistance of both braces provides a good upper 

bound, which can be used in design of non-dissipative members, such as beams and columns, while 

the monotonic tensile response alone provides a lower bound on storey strength. Note that in some 

structural configurations, to determine conservative design axial forces for columns, the resistance 

provided by the compression brace should be ignored (Elghazouli, 2003). After a ductility of 4, the 

monotonic tensile response provides a good estimate of storey resistance, as the post-buckling 

resistance of the compression brace is negligible.

Quaa-Stelic Cycfcc Test 

Shake Table Test

Figure 6.35. Comparison of normalised base shear of Frame ST8-E40H with hysteretic loops from 
quasi-static cyclic test CyLSl-40H.
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Shal<9 Tdale Test 
— Upper bound Efi»«lope 
— Wonotonic tensile c i f v ©

- 2 0

Figure 6.36. Normalised storey shear of Frame ST8-E40H with upper bound envelope.

As expected, the mortar in the 20x20x2.OSHS specimens did not appear to influence their 

performance. On the other hand, the presence of the infill in the larger brace sizes delayed local 

buckling and subsequently inhibited failure by section fracture in the 40x40x2.5SHS members. 

Furthermore, the VJVy and VJVu ratios of the frames containing the less slender filled brace 

members (i.e. ST3-E50F and ST9-E40F) are lower than those of their steel counterparts (i.e. ST2- 

E50H and ST8-E40H), as shown in Table 6.7. This could be due to a combination of reasons. 

Firstly, a slightly higher proportion of the storey shear resistance is provided by the composite 

tension brace, as suggested by the slightly higher N/Na values in Table 6.7. In addition, the 

presence of infill prevented extensive yielding of the brace members. Thus, the capacity resistance 

of the fi'ame might not have been experienced during the earthquake loading. Furthermore, the 

values of Vy and employed in Table 6.7 are based on the tensile resistance of the bare steel 

section only. However, the tensile capacities of the less slender composite braces were observed to 

be higher than those of their steel counterparts during quasi-static cyclic tests (see Figure 4.47) and 

monotonic tensile tests (see Section 4.2).

Figure 6.37 compares the normalised storey shear-displacement response of Frame ST9-E40F with 

envelopes based on the resistance of the bare steel section. It is evident fi'om this figure that 

extensive yielding of the brace members did not occur. On the other hand, the stiffiiess of this 

fi'ame (ST9-E40F) is significantly lower than expected (Figure 6.37), even though its elastic natural 

frequency (/j,) is higher than that of frames containing equivalent hollow braces (i.e. ST7 and STS) 

(see Table 6.3).
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Shake table test
—  Upper bound envelop
—  MonotonIc tension curve
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Figure 6.37. Normalised storey shear of Frame ST9-E40F with upper bound envelope.

6.5.5 Displacement and ductility demand

Table 6.8 examines the ductility demand measured in the earthquake tests (|x„), which represents 

the ultimate lateral storey deformation normalised by the estimated lateral displacement at yield. 

As indicated in the table, \i„ varies between 2 and 15 for the different tests. Very large ductility 

demands of 14.9 and 13.8 occurred in the tests in which brace failure was observed (i.e. ST7-E40H 

and ST8-E40H). The ductility demand experienced in any given case depends in an involved 

manner on the properties of the input excitation, the elastic and inelastic dynamic characteristics of 

the frame, and sources of overstrength, amongst other factors. However, for systems with 

relatively low fundamental natural periods, such as concentrically braced frames, the anticipated 

ductility demand may be estimated using the equal energy approach (Newmark & Hall, 1982). To 

this end, by assuming a dynamic magnification factor of 2.5, the elastic storey shear (F«) may be 

estimated from the actual test mass and the peak table acceleration measured in each test. 

Accordingly, based on the equal energy idealisation, and employing the ratio Vg/Vy as a 

representation of the frame behaviour factor, the predicted ductility demand (p,,) may be 

determined as |Lip = [(Fe/P^)^+l]/2. As indicated in Table 6.8, these assumptions seem to lead to 

predictions of ductility demand which are within +/- 50% of those observed during the earthquake 

loading, except for the frame containing the filled 40x40x2.5 braces whose predicted ductility 

capacity is twice that measured. Comparing the Pp/|Xm ratios given in Table 6.8 with the X values 

reveals no clear trend, as observed in Figure 6.38. This suggests that the displacement ductility 

demands experienced by the tested frames did not depend upon the brace slenderness, but on brace 

resistance. In other words, the poor energy dissipation capabilities of slender braces did not lead to 

excessive displacement responses.
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It is noted that in general if  the measured dynamic amplification factors estimated from elastic 

tests, and given in Table 6.3, were used to find instead o f  using the standard factor o f  2.5, closer 

predictions to the measured ductilities are found for all specimens (except noticeably ST5-E20H), 

as shown in Figure 6.39. However, the predictions for the other frames containing the 20x20x2.0 

specimens are within 10% o f  those measured.

In Table 6.8, measured maximum relative lateral frame displacements {Sj) are also given. These 

are compared with predictions using standard methods for inelastic structures with high natural 

frequencies (Sd̂ pred)- M ore specifically, the predicted maximum displacements were estimated from

^d .pred (Hp/5'^,)/(2|ip-l)® ^  where ^de For approximately half the tests, the estimate o f Sd̂ pred

shows better agreement with test results than the value.

The ultimate failure mode o f  the hollow bracing members was clearly illustrated in Tests ST7- 

E40H and ST8-E40H. High strains typically develop upon local buckling in the com er regions o f 

the cross-section, at the location where the steel exhibits a reduced fracture strain due to cold 

working. Cracks eventually form in these regions, and gradually propagate through the cross- 

section under repeated cyclic loading. The initiation o f local buckling and fracture is influenced by 

the width-to-thickness ratio o f  the elements o f the cross-section, as well as the applied loading 

history. There is also a strong dependence on brace slenderness, since for a given level o f  lateral 

deformation, higher curvature arise in plastic hinges that form in members with relatively low 

slenderness. This behaviour has prompted some researchers (Tremblay, 2002) to suggest empirical 

relationships that evaluate ductility limits solely as a function o f m em ber slenderness. In reality, 

both the cross-section and m ember slenderness have a direct influence on the behaviour. It is 

therefore not surprising that fracture occurred in Frames ST7-E40H and ST8-E40H, due to their 

combination o f relatively low m ember slenderness and high width-to-thickness ratio, coupled with 

the significant ductility demand they experienced. It is noted that the measured ductility demand o f 

these frames are within 10% o f  those predicted using standard methods.

Whereas the above discussion indicates that more slender braces may perform better in terms o f 

ductility capacity, as limited by local buckling and fracture, seismic codes (for example, CEN, 

2001; AISC, 2002; CSA, 1994) usually impose an upper limit on X which can typically be as low 

as 1.3 or 1.5. The purpose o f  this upper bound is normally to prevent elastic buckling and reduce 

the effects o f pinched loops, low energy dissipation and sudden loading. However, the adoption o f 

such low limits o f  X can often become the controlling factor in the dimensioning o f  all frame 

members, leading to grossly uneconomic design. In the test series described in this chapter, 

bracing members with X o f  at least 2.5 exhibited generally satisfactory behaviour. Together with 

the potential increase in ductility capacity, as well as likely impact on design economy, this result 

supports some relaxation in the slenderness limits specified in design codes.
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Table 6.8. Frame displacement and ductility

Test ID I “y
(mm)

Sd
(mm)

Mtb

( - ) ( - )
iV
li-i

Sdjired
(mm) /Sd

ST1-R50H 2.21 7.9 18.8 2.4 4.0 1.68 25.4 1.35

ST1-R50H-B 2.21 7.9 23.5 3.0 8.4 2.80 53.1 2.26

ST2-E50H 2.23 8.0 61.5 7.7 3.8 0.49 33.7 0.55

ST3-E50F 2.33 8.0 47.6 6.0 4.4 0.74 23.7 0.50

ST4-R20H 2.78 6.8 32.0 4.7 40.4 8.57 180.3 5.63

ST5-E20H 3.17 7.4 59.9 8.2 10.6 1.30 95.2 1.59
(10.8) (5.5) (4.9) (0.88) (66.5) (1.11)

ST5-E20H-B 3.01 10.0 83.5 8.4 5.3 0.64 28.4 0.34
(10.8) (7,7) (4.7) (0.60) (26.7) (0.32)

ST6-E20F 2.92 7.0 90.5 13.0 8.3 0.64 120.6 1.33

ST7-R40H 1.49 8.6 18.6 2.2 3.65 1.69 22.2 1.19

ST7-E40H 1.49 8.6 128.2 14.9 16.1 1.08 98.0 0.76

ST8-E40H 1.58 9.5 131.2 13.8 13.0 0.94 88.6 0.68

ST9-E40F 1.83 12.2 33.9 2.8 5.7 2.04 44.9 1.33

1.5 2 2.5
Nonnalsed sIviMtorrwss, Jl

Figure 6.38 Ductility ratio versus slenderness for frames subjected to earthquake excitation.
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Figure 6.39 Predicted versus measured ductility for frames subjected to earthquake excitation.
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6.5.6 Energy

Table 6.9 presents the energy dissipated {E„c) by the frame during the inelastic shake table tests. 

The energy dissipated is defined as the area enclosed by the hysteretic loops in the plot o f frame 

resistance versus lateral deformation. In concentrically braced frames, the energy dissipation 

capability is a function o f  the brace slenderness, and their tensile and ductility capacity. The 

amount o f  energy actually dissipated by a frame depends on the input excitation. From Table 6.9, 

as expected, the stockier brace members dissipate more energy due to their superior buckling and 

post-buckling capacities, together with their higher tensile capacities. Where the El-Centro record 

was employed, the total amount o f energy dissipated by frames containing the filled specimens is 

similar to that dissipated by frames containing unfilled specimens, although it is slightly less in 

some cases due to lower table input accelerations. Due to the large table accelerating pulses at the 

start o f  the El-Centro record, at least 85% o f the total energy dissipated in the frames containing 

unfilled braces was dissipated during the first \ 5sec o f the excitation (Table 6.9). It is interesting to 

note that this percentage reduces for frames containing the filled specimens, in particular Frames 

ST3-E50F and ST9-E40F. This is due to the improved response o f  the filled brace specimens due 

to the infill, which results in more copious hysteretic loops than their steel counterparts, particularly 

at larger ductility levels.

Furthermore, a comparison can be made between the energy dissipated by the frames during the 

synthetic earthquake and the first \Ssec  o f  the El-Centro earthquake (namely. Frames STS and 

ST5B, respectively). From Table 6.9, it can be concluded that between 0 and \5sec  Frame ST5B 

dissipated over twice as much energy as did Frame STS, even though the maximum table 

accelerations were similar. This was possibly due to difference in characteristic o f the table 

motion, and due the higher strength o f the brace members in frame STSB (Specimen 1 in both 

frames had a similar yield strength, whereas Specimen 2 in frame STSB was 1S% stronger than the 

equivalent brace in frame STS). Account can be taken o f  the difference in strength o f the brace by 

normalising the amount o f energy dissipated by the elastic energy o f  a strut, as discussed in 

Chapter 4. The resulting energy index for Frame STSB is still 1.7 times that o f  Frame STS. Thus, 

the main factor influencing the difference in the amount o f energy dissipated is the type o f  input. 

Following is an attempt to normalise the energy dissipated to the input energy from the table 

(ground) excitation.

Consider the equation o f  motion for a single degree o f  freedom (SDOF) system subjected to a 

horizontal ground motion

m i i  +  CU + (Eqn 6.1)

where m, c , and Fs are the mass, viscous damping coefficient, and restoring (spring) force, 

respectively. Also, m = m, -  is the relative displacement o f the mass to the ground, u, the absolute 

displacement o f the mass and Ug the ground displacement.
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Transformation of the equation o f motion into an energy balance equation can be easily 

accomplished by integration with respect to u, as follows:

miidu + l^ciidu + ^F^du -  -^m iigdu  (Eqn 6.2)

Noting that u = u ,~  Ug, this can be expressed as

l^mU,du, + l^ciidu + l^F^du = f^mu,dug (Eqn 6.3)

or

^mii,dUi + l^Qdu = ^fnii,dUg (Eqn 6.4)

where Q = cu + F  ̂ is the restoring force acting on the system.

In Equation 6.4, -  ^mii,dUj represents the kinetic energy, = ^Q du  is the energy

dissipated by the system during the earthquake, and E. = ^mii,dUg is the input energy, since it

represents the work done by the total base shear (which is the same as the inertia forces) acting 

through the foundation/ground displacements. From Equation 6.4, it is evident that for a given 

input energy, the more energy dissipated by the inelastic system the less kinetic energy the system 

possesses. Thus, the closer the energy ratio E„c / E, is to unity, the less kinetic energy there is in the 

system and, conversely, the greater the energy that has been dissipated by the system. On the other 

hand, a non-dissipating elastic system would have maximum kinetic energy.

As shown in Table 6.9, the ratios of E„c / for the frames tested under severe dynamic loading 

ranged from 1.18 to 2.60, with lower values for those frames containing bracing which experienced 

significant inelastic deformations. Thus, a smaller energy ratio E„JEi indicates a more ductile 

system. In particular, the frames containing the brace members which fully fracture (i.e. ST7- 

E40H and ST8-E40H) during testing have low E„c / Ei ratios (1.33 and 1.46 respectively). Another 

interesting point to note is that the frames containing stockier infilled brace members (i.e. ST3- 

E50F and ST9-E40H) have higher energy ratios than their steel counterparts (i.e. ST2-E50H and 

ST8-E40H, respectively). This is as a result of the infill preventing local buckling and improving 

the buckling and post-buckling capacity of the members, thus limiting the extensive yielding 

experienced by the unfilled members. On the other hand, the frames containing the more slender 

hollow and filled 20x20x2.0 brace members, and which are subjected to a scale El-Centro record, 

have similar E„JEi ratios (i.e. ST5-E20H-B and ST6E20F). Furthermore, the E„JEi ratio observed 

for Frame ST5-E20H, which is subjected to a synthetic record, is comparable to these ratios.
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Table 6.9. Energy dissipated

T est ID Si
ze H ollow / A

T ab le  in p u t E n erg y  D iss ip a ted , E„^ Energy
Ratio

F illed
( - )

E xcita tion S . ^
{m/sec )

T o ta l
(kN .m )

0-7.5sec
(% )

0-15sec
(% )

E J E i

ST1-R50H
C/5

Hollow 2.21 Sine Ramp 8.47 32.92 92.0 1.39

ST1-R50H-B
X
a:to Hollow 2.2! Sine Ramp 12.69 31.47 88.9 - 1.22

ST2-E50H
(N
X

(N Hollow 2.23 El-Centro i m 41.50 44.8 87.0 1.84

ST3-E50F
Xo Filled 2.33 El-Centro 8.71 42.31 39.9 70.5 2.10

ST4-R20H c/3 Hollow 2.78 Sine Ramp 10.02 8.77 - - 1.18

ST5-E20H C/3O Hollow 3.17 Synthetic 5.11 6.80 32.6 100.0 1.96

ST5-E20H-B Xo(N Hollow 3.01 El-Centro 5.02 15.96 84.9 95.7 1.72

ST6-E20F
Xo(N Filled 2.92 El-Centro 4.38 11.74 72.2 82.5 1.76

ST7-R40H
C/3

Hollow 1.49 Sine Ramp 8.83 22.86 - - 1.93

ST7-E40H
X
c/3 Hollow 1.49 El-Centro 19.65 66.39 74.1 92.6 1.33

ST8-E40H X
o Hollow 1.58 El-Centro 19.73 73.40 67.0 93.7 1.46

ST9-E40F o Filled 1.83 El-Centro 16.67 60.69 21.2 53.2 2.60

6.6 SUMMARY

Shake table tests performed on ten concentrically braced frames with hollow and filled steel 

bracing members were described. The test set-up, specimen configuration and material properties 

were presented in the previous chapter, together with the loading procedures. Three sizes o f  square 

and rectangular hollow sections were employed to examine the influence o f  m ember slenderness. 

For each frame, elastic tests were first performed to evaluate the initial dynamic characteristics 

followed by an inelastic test to assess the response under earthquake loading.

In the elastic range, the input was in the form o f a sine-sweep and, for confirmation, a random 

signal at constant amplitude. Using spectral assessment, the results were then used to estimate the 

natural frequency, and the critical damping ratio was evaluated from the half-power bandwidth 

approach. The elastic tests indicated average fundamental natural periods o f  vibration o f about 

0.26, 0.18 and 0.16 seconds for the frames with 20x20x2.0, 50x25x2.5 and 40x40x2.5 braces, 

respectively. The typical critical damping ratio obtained in the elastic tests was approximately 

3.1%. No notable difference was observed between the periods o f the steel and composite braces, 

but the natural frequency was highly sensitive to initial brace imperfections and preloads.

For the inelastic tests, most o f  the frames were subjected to a scaled acceleration history from the 

Imperial Valley record o f  the El Centro earthquake. The original record, with a peak ground 

acceleration o f about 0.34g was appropriately scaled for each frame depending on the expected 

strength. For comparison purposes. Frame ST5-E20H was subjected to an artificially-generated 

record whose response spectrum closely resembles the design spectrum o f  ECS (CEN, 2001). The 

peak ground acceleration, also assumed to be 0.34g as in the El Centro excitation, was amplified
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accordingly. Moreover, a sine ramp was employed in three inelastic tests for comparison (i.e. in 

tests ST1-R50H, ST4-R20H, and ST7-R40H). Prior to each test, a low amplitude version of the 

seismic record used was applied in order to confirm the range o f magnification, which was 

typically in the range of 2.5-3.2 under the earthquake excitations.

The inelastic test results provide essential data for the validation o f future analytical and design 

studies. The experimental findings also enable direct assessment o f a number of important 

response parameters and design considerations. The first o f these is related to the possible 

asymmetry in the response, leading to accumulation o f plastic drifts in one direction. Whilst a 

degree of asymmetry is unavoidable due to the nature o f seismic loading, this effect can be 

mitigated by ensuring that the braces provide a balanced response in both directions. Although this 

is addressed by seismic codes through requirements for consistency in member angle and cross- 

sectional area, it was shown that unintentional discrepancies in the actual material strength may 

also have a notable influence.

From the limited experimental results, pre-tensioning the braces appears to encourage a symmetric 

drift response by the frame. However, pre-tensioning the braces did not appear to greatly reduce 

ductility demand. Peckan et al (2000) found that prestressing braces eliminated or significantly 

reduced the problems associated with sudden loading/unloading of slender brace members. In this 

study, the pre-stressing did not alter the response significantly. However, it should be noted that 

the loading/unloading effects were not as pronounced as anticipated in any o f the tests with very 

slender brace members. A more extensive study is required on the effects o f pre-stressing slender 

brace members to substantiate these observations.

A number o f brace specimens were in-filled with mortar for comparison purposes. These tests 

complemented the quasi-static cyclic tests described in Chapter 4, which compared the behaviour 

of composite and steel braces in more detail. Assessment of the results indicated that in the shake- 

table tests, the behaviour of in-filled members was largely similar to that o f the steel counterparts, 

in the case o f 20x20x2 and 50x25x2.5 braces. Although slight local buckling was observed in the 

50x25x2.5 steel braces, this did not appear to have a significant influence on the behaviour. In 

contrast, the presence of the infill played a significant role in the 40x40x2.5 braces, which were 

subjected to larger table accelerations. Whilst complete fracture o f the hollow braces was initiated 

by gradual deterioration due to local buckling, the composite braces survived the same nominal 

input excitation without exhibiting any sign of local or member deterioration.

Several sources of member and frame overstrength, which play an important role in seismic 

performance and design, were identified and discussed. It was observed that the maximum brace 

tensile forces recorded in the tests were more than 40% and 10% higher than those estimated using
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the actual yield and ultimate material strengths, respectively. This was mainly attributed to strain 

hardening and strain rate effects. In design calculations based on nominal yield strength, an 

appropriate evaluation o f  overstrength should also account for possibly higher actual yield 

strengths. Furthermore, the test results indicated that the actual storey shear can exceed that 

derived from the tensile capacity o f  the tension brace up to about 40%. This is a consequence o f 

the contribution from the compression brace alongside other factors. Combining the resistance o f 

the tension and compression member provides a good upper bound, which can be used in the 

design o f  non-dissipative members, such as beams and columns, while the monotonic tensile 

response alone provides a lower bound on story shear.

The experimental findings indicate that conventional approaches for evaluating ductility demand 

from estimated or assumed behaviour factors provided reasonably accurate predictions, irrespective 

o f member slenderness. Ductility capacity was limited by brace failure through fracture o f  the 

cross-section at the locally buckled regions. The susceptibility to this type o f failure increases for 

members with relatively low slenderness, and depends on the width-to-thickness ratio o f the cross- 

section components. Although infilling the braces inhibited this failure due to the delay in local 

buckling, the balance o f this benefit depends on the width-to-thickness ratio as well as member 

slenderness. The shake table tests carried out on members with slenderness exceeding the limits 

imposed by seismic codes demonstrated generally satisfactory performance. Despite lower energy 

dissipation, a higher fracture resistance, coupled with other practical and design advantages points 

towards a need to reassess the codified slenderness limits.
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Chapter 7

NUMERICAL ANALYSIS OF CONCENTRICALLY BRACED

FRAMES.

7.1 INTRODUCTION

The dynamic response o f the concentrically braced frames tested (Chapters 5 and 6) can be 

examined further through numerical analysis. Numerical studies based on the dynamic response o f 

single degree o f freedom (SDOF) systems subjected to earthquake loading are described in this 

chapter. Linear and nonlinear SDOF systems are employed. Equivalent damping and stiffness 

parameters are required for linear models. The equivalent viscous damping values are derived in 

Section 7.2. Several different equivalent stiffness parameters are presented in Section 7.3. 

Equivalent linear SDOF models employing these parameters are used to predict the maximum 

responses o f the frames tested in Section 7.4, and comparisons between the predicted responses and 

those measured are made. Predictions from nonlinear SDOF systems are compared to measured 

responses in Section 7.5. A time-frequency analysis tool called wavelet analysis is employed in 

Section 7.6 to further investigate the dynamic responses o f  the frames tested. An investigation is 

carried out to determine if it is possible to detect damage in buildings by comparing the ground and 

storey responses using wavelet analysis. Furthermore, temporal variations in stiffness are 

estimated using a wavelet-based equivalent linearisation technique.

7.2 EQUIVALENT VISCOUS DAMPING

Damping is present in all oscillatory systems. M echanisms such as internal friction, fluid 

resistance, sliding friction and so on can cause damping. The effect is to remove energy from a 

system, which results in amplitude decay in free vibration systems. In steady state forced vibration, 

the loss o f energy is offset by the energy supplied by the excitation. For low amplitude forced 

vibration response, the half-power (band-width) method can be employed to estimate the damping. 

This method was employed to estimate the damping o f  the frames during the elastic shake table 

tests (Chapter 6). However, during medium to strong earthquakes the amount o f  damping in the 

system changes, mainly due to the development o f plastic zones in the structure. Thus, the 

damping is not o f the linear viscous damping type. The concept o f  equivalent viscous damping can 

be employed, which is derived from energy balance between the actual hysteretic energy and the 

damping energy o f an equivalent linear system.

In the case o f concentrically braced frames, this hysteretic energy is dissipated by the bracing 

members, which yield in tension and buckle in compression. A typical single storey concentrically 

braced trame subjected to an earthquake is shown in Figure 7.1, which is idealised by a single
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degree o f  freedom (SDOF) system in Figure 7.2. The equation o f motion for this system is given 

by

mu{t) + Q{t) = -mz{t) (Eqn. 7.1)

where m is the mass, ii{t) and z{t) are the relative and ground accelerations respectively, and Q{t) 

is the restoring force. This restoring force is comprised o f  a conservative force F^t)  and non

conservative force F„c{t). The conservative force, sometimes called the elastic spring force, is 

associated with the potential energy o f  the system, and is given by

Fcit) = ku{t)

where k  is the stiffness o f  the system and u{t) the relative displacement.

(Eqn. 7.2)

The non-conservative force, or damping force, associated with the energy dissipated is given by

F „ , . ( 0  =  c m ( / )

where c is the damping coefficient o f  the system and u(t) the relative velocity.

(Eqn. 7.3)

u{t)

z(t)

z{t)

Mass, m
o

I
I

4

Figure 7.1. Concentrically braced frame subject to 
earthquake.

u{t)
h-*-

m

k
ivvw
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\  \  \  W  \  \  °  \  
< ►

z(0

Figure 7.2. SDOF system modelling 
a concentrically braced frame.

From Equations 7.2 and 7.3 it is evident that the conservative and non-conservative components o f 

the system vary linearly with displacement and velocity respectively. However, in real systems this 

is not always the case -  both the stiffness and the damping coefficient may vary with time. The 

change in stiffness o f the system may be considered by using a non-linear load-displacement curve 

for the brace members. On the other hand, the complex damping o f the system is often accounted 

for by introducing an “equivalent viscous damping” . The concept o f  equivalent viscous damping is 

based on the equivalence o f  energy removed by a viscous damping mechanism and by the given 

non-viscous damping mechanism.

The work done, or energy dissipated, by a viscous dashpot in a linear SDOF system is given by 

W[) = ^  cit{t).Su (Eqn. 7.4)

This can be re-written as
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(Eqn. 7.5)

The actual energy dissipated by the concentrically braced frames tested (non-viscous damping 

mechanisms) is given by

It is assumed that the energy due to the conservative load is zero when summed over a whole 

cycle, and hence Q{t) can be used to compute E„c. It should be noted however that this assumption 

is only perfectly true for harmonic response.

Equating the energy dissipated in an equivalent linear SDOF system to that dissipated during the 

inelastic shake table tests (i.e. letting Equation 7.5 equal 7.7), gives

and, the equivalent viscous damping factor is

(Eqn. 7.10)

where cOn is the natural circular frequency and m is the mass.

The relative velocity required in Equation 7.9 can be estimated by numerically integrating the 

measured accelerations. However, the estimated velocity response artificially deviates from the 

mean, as shown in Figure 7.3(b). This is due to the accumulation o f  the error in the numerical 

integration formula, as the change in velocity over a time step is added to the previous estimated 

velocity up to the start o f  that time step. On further integrating, the errors increase (Figure 7.3(c)). 

Different numerical formulas for estimating « ( /)  were investigated and the results are presented in 

Appendix F.

T
E„c = \Qi>)-du (Eqn. 7.6)

0

or.

T
(Eqn. 7.7)

0

T T
(Eqn. 7.8)

0 0

which yields the equivalent viscous damping coefficient as

(Eqn. 7.9)
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To overcome this problem, the formulas for energy dissipation were expressed in terms o f relative 

displacement instead of relative velocity. The expression for the work done, or energy dissipated, 

by a viscous dashpot in a SDOF system given in Equation 7.4 can be converted into the numerical 

formula

^  Am ^  (Au Y

/=! A/, A/j
(Eqn. 7.11)

where Aut is the change in relative displacement measured during the shake table test over a time 

step A/i = ti+i -  ti.

The expression for the energy dissipated by the non-viscous damping mechanism given in Equation 

7.6 can be re-expressed as the numerical formula

E n c = Z Q i ^ i  (Eqn. 7.12)
/= !

where 0 , =-fn{z,  +ii^) is the restoring force computed from the measured accelerations at time- 

step i.

Thus, the equivalent viscous damping coefficients for the concentrically braced frames during the 

inelastic tests are estimated from

N I n (Am V
c ,, = Z a A i / , ( E q n .  7.13) 

i= l /  i=l A / ;

and the equivalent viscous damping factors are calculated from Equation 7.10
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The estimated equivalent viscous damping coefficients and factors displayed by the concentrically 

braced frames in inelastic tests are given in Table 7.1. For comparison, the damping factors 

estimated from the elastic shake table tests using the half-power (band-width) method are also 

presented. In Section 7.4, these damping values are employed in single degree of freedom (SDOF) 

systems to numerically evaluate the dynamic response o f the concentrically braced frames to 

arbitrary excitations.

Table 7.1 Equivalent viscous dam ping.

Elastic system Inelastic system

Test ID Si
ze Filled/

Hollow co„

(rad/s) (%)

Input Magn
-itude
(m/s )̂

E■*̂ nc

(kN.m)

c

(Mg/s)

c  4) 
Seq 

(%)
ST1-R50H Hollow 35.5 2.96 Sine Ramp 8.5 32.92 62.36 9.09

ST1-R50H-B
X
U Hollow 35.5 2.96 Sine Ramp 12.7 31.47 49.55 7.22

ST2-E50H (N
X Hollow 29.4 3.24 El-Centro 7.9 41.50 45.91 7.72

ST3-E50F
fN
Xo Filled 38.0 3.09 El-Centro 8.7 42.31 52.70 6.85

ST4-R20H c/^ Hollow 25.1 3.41 Sine Ramp 10.0 8.77 17.39 3.59

ST5-E20H X
o Hollow 17.8 2.67 Synthetic 5.1 6.80 26.41 7.34

ST5-E20H-B CM
Xo Hollow 27.5 3.45 El-Centro 5.0 15.96 22.61 4.06

ST6-E20F
<N
Xo

(N
Filled 13.8 3.21 El-Centro 4.4 11.74 20.22 7.23

ST7-R40H O) Hollow 38.0 3.30 Sine Ramp OO bo 22.86 127.31 16.56

ST7-E40H X
CA> Hollow 38.0 3.30 El-Centro 19.6 66.39 41.13 5.35

ST8-E40H rs)
Xo Hollow 38.0 2.41 El-Centro 19.7 73.40 48.97 6.37

ST9-E40F Xo Filled 40.5 2.66 El-Centro 16.7 60.69 52.19 6.38

Notes:
1) Natural frequencies o f test frames determined from elastic shake table tests.
2) Viscous damping determined using half power band width method from elastic tests
3) Energy dissipated during the inelastic shake table tests.
4) Equivalent viscous damping coefficients and factors o f the test frames subjected to ultimate records.

The viscous damping o f the test frames was estimated to vary between 2.5 and 3.5% of critical, 

with the average being 3.0%. However, the level of damping is an ambiguous quantity. It can vary 

with the amplitude o f excitation and depends upon complex mechanisms within the structure, many 

of which are not well understood. On the other hand, the frame tested was a simple idealised 

structure and so intrinsic damping should be less than in a real building. For example, there were 

no partitions, furniture, soil-structure interaction, etc., all of which influence the amount of 

damping of a building. Another point to note is that the technique employed to evaluate the 

damping ratio from elastic tests is dependent on the interpretation o f the person analysing the data, 

as the half-power bandwidth method requires the identification o f two points at a certain level on a 

possibly jagged spectral curve.

For small vibration amplitudes, Satake et al (2003) noted that the damping ratio decreases linearly 

for increasing natural period and increases linearly with increase in vibration amplitude. In the
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present study, no clear trend was observed between the dam ping ratios (^n) and natural frequencies 

( f „ )  o f the frames from the elastic tests (low amplitude random vibration), as displayed in Table 7.1 

and Figure 7.4 (b). On the other hand, a clear relationship is evident in Figure 7.4 (a) o f the 

damping coefficient (c„) increasing with increase in natural frequency (^).

30 

25

I-
i
f

f -a
S 

0
0 5 10 IS 20 25 30 35 40 45 O S  10 15 20 25 30 35 40 45

NahjrtI frequency.« ,  (r«d/«) Natural frequency. • .  (rad/«)

(a) (b)

Figure 7.4 (a) Dam ping coefficient versus natural frequency, and (b) dam ping ratio versus natural 
frequency for elastic tests (low am plitude excitation).

Excluding test ST7-R40H, the equivalent viscous damping ratios range from 3.5% to 9% (Table 

7.1). As outlined previously, the equivalent viscous damping ratio is based on energy balance 

between the actual hysteretic energy and the damping energy o f an equivalent linear system. Many 

factors influence the amount o f  energy dissipated by a structure. For example, the type o f loading 

(including duration, amplitude and frequency) affects the amount o f  energy dissipated by the 

system. The energy supplied by the ground motion needs to be balanced by the energy stored in 

and dissipated by the structure. The amount o f energy a structure can store is limited by the yield 

strength o f  its components. Thus, the larger the magnitude o f  excitation, the more energy a system 

needs to dissipate and, hence, the higher the equivalent viscous damping o f  the system. Similarly, 

for a given loading pattern, the longer the duration o f  loading the more energy inputted into the 

structure and consequently the more energy the system is required to dissipate. The ductility o f the 

frame also affects the energy dissipated. The more ductile a frame, the greater the energy 

dissipated during cyclic loading and, hence, the higher the equivalent viscous damping ratio.

Figure 7.5 shows the equivalent viscous damping values, obtained from the inelastic tests, plotted 

against the natural frequencies { f „ )  o f the test frames (as obtained from elastic tests). In general, 

larger equivalent viscous damping coefficient values { C e q )  are observed for frames with higher 

natural frequencies (Figure 7.5(a)). From Figure 7.5(b), there appears to be no correlation between 

the equivalent viscous damping ratios (^eq) and the natural frequencies { f „ )  o f  the frames. On the 

other hand, comparing the equivalent viscous damping ratios (^eq) in Table 7.1, for frames 

containing similar sized bracing subjected to similar input motions, suggests that frames with 

higher natural frequencies have smaller equivalent viscous damping ratios. For example. Frame 

ST2 has a lower natural frequency and higher equivalent viscous damping ratio than Frame ST3.
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Similar can be said for Frames ST6 and ST5B. The equivalent viscous damping ratios of Frame 

STS and ST9 are similar, even though Frame ST9 has a higher natural frequency. This is probably 

due to the early fracture o f the brace members in Frame STS, thus reducing the duration of loading. 

This is confirmed in Table 7.2, where time-dependent damping values are presented.

w 3 0  •

I,

♦ inMasDc (Eguvatoni vi&cous im ping  vskw} * inelastK (Eguvaten deniping raoo)

S  50 -

35  40  45

(a)

10 15 20  25  3<
N atu ra l r te q u e n c y ,« .  (rad/«)

(b)

35  40  45

Figure 7.5 (a) Dam ping coefficient versus natural frequency, and (b) dam ping ratio versus natural 
frequency for inelastic tests (high-level am plitude excitation).

In Section 7.4, the equivalent viscous damping ratio is employed in linear SDOF systems to 

estimate the maximum response of the test frames. Often, the maximum response was observed 

during the early stages of loading as large amplitude ground motions existed during this period (see 

Chapter 6). To account for this, time-dependent damping values have been estimated, as shown in 

Table 7.2. Specifically, equivalent viscous damping values were computed for the first l.Ssec and 

\5sec of response. In the linear SDOF models in Section 7.4, the equivalent viscous damping 

estimated over the first I5sec is employed as the maximum measured response always occurs 

within this period. From Table 7.2, it is evident that the approach leads to a higher equivalent 

viscous damping ratios than when the total duration of the response is considered. This is a result 

o f the more copious hysteretic loops during the initial 15 seconds o f response, which are reduced 

during the latter stages o f loading due to residual brace elongation and local buckling.
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Table 7.2 Tim e dependent damping.

Excitation Total response 0 -  7.5sec 0 -  ISsec

Test ID Si
ze Input ^max E„c Cgq F Cgq 4e, E Cfq

(kNm) (Mg/s) (% ) kN m (M g/S) (% ) kNm (Mg/S) (% )

STI-R50H on
X
oi.

Sine Ramp 8.5 32.9 62.36 9.09 30.3 64.31 9.38 - -

ST1-R50H-B Sine Ramp 12.7 31.5 49.55 111 28.0 50.48 7.36 - - -

ST2-E50H
X

i n
CN
X

El-Centro 7.9 41.5 45.91 7.72 18.6 86.63 14.56 36.1 66.65 11.21

ST3-E50F
o

El-Centro 8.7 42.3 52.70 6.85 16.9 86.95 11.31 29.8 71.13 9.25

ST4-R20H Sine Ramp 10.0 8.8 17.39 3.59 — — - — - —

ST5-E20H
X
c/2
p Synthetic 5.1 6.8 26.41 I M 2.2 34.75 9.66 6.8 26.41 7.34

ST5-E20H-B
X

o
fN El-Centro 5.0 16.0 22.61 4.06 13.6 41.27 7.41 15.3 30.65 5.51

ST6-E20F
O
fS El-Centro 4.4 11.7 20.22 7.23 8.5 35.74 12.78 9.7 27.60 9.87

ST7-R40H Sine Ramp O
O bo 22.9 127.3 16.6 — — — — — —

ST7-E40H
X
t o El-Centro 19.6 66.4 41.13 5.35 49.2 62,74 8.16 61.5 47.54 6.18

ST8-E40H
XoTj- El-Centro 19.7 73.4 48.97 6.37 49.2 77.21 10.04 68.8 54.41 7.08

ST9-E40F
o

El-Centro 16.7 60.7 52.19 6.38 12.8 49.85 6.09 32.3 56.29 6.88

Notes:
STI-R50H excitation duration 8.62sec 
ST4-R20H excitation duration is 6.58sec 
ST5-E20H excitation duration is I5sec 

ST7-R40H excitation duration is 4.28sec 
ST7-E40H failed at 26.75sec 
ST8-E40H failed at 22.93sec
Remaining frames subjected to El-Centro excitation with a duration of 40.98sec

7.3 EQUIVALENT STIFFNESS

The stiffness o f  an inelastic system varies during each load cycle due to yielding, the formation o f  

plastic hinges and load reversal. Furthermore, the stiffness o f  the system  during subsequent cycles 

is reduced due to deterioration during previous load cycles. Hence, the period o f  the system varies 

during load cycles, and a suitable equivalent stiffness is required to represent the average stiffness 

o f  the inelastic system  during the seism ic loading.

The design philosophy in Eurocode 8 (CEN, 2001) for seism ic resistant concentrically braced 

frames is that the tension brace only resists the dynamic loading. Thus, the lateral stiffness ^ o f  a 

frame with fixed end brace members inclined at 45 degrees is given by 

EA
(Eqn. 7.14)

where E  is modulus o f  elasticity, A the measured cross-sectional area o f  the steel section and L the 

unstiffened length.

The actual stiffness o f  the frame k„ during initial elastic loading can be obtained from

(Eqn. 7.15)
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where (£>„ is the natural circular frequency measured in elastic shake table tests and m the measured 

mass. This value represents the maximum stiffness displayed by the frame, as it takes account o f 

the additional resistance provided by the compression brace during the elastic phase. A possible 

lower bound estimation for k  can be obtained by using the secant stiffness ksec- For an elastoplastic 

system, the secant stiffness ksec is related to the initial stiffness k„ by

^ s e c = -^ « .  (Eqn. 7.16)

where |a = 5„/8^ is the ductility ratio o f the inelastic system, and 5u and 8y are the displacements at 

the ultimate and yield forces respectively.

An equivalent stiffness can also be estimated by identifying a linear system with equivalent energy 

characteristic to that o f  the inelastic system. For an elastoplastic system, the total energy is the 

elastic energy plus the inelastic energy (area under curve ABCD in Figure 7.6), where the elastic 

1 ->energy is given by —k„Sf, and the inelastic energy by (8„ -  5y){k„5y). Thus, the total energy o f the 

inelastic system is

E = ^ k „ S ^ y + ( s , - S y \ k „ S y ) .  (Eqn 7 .17)

A linear system with equivalent energy is shown in Figure 7.6 as A B ’D. The area under this curve 

represents the energy stored in the linear system, which is equivalent to the total energy o f the 

inelastic system, and is given by

E e g = \ k , ^ S ^ .  (Eqn 7.18)

Equating Equations 7.17 and 7.18 yields an equivalent stiffness k^q as

+ (Eqn 7.19)

where )a = 8„/5 .̂. Equation 7.19 can be more conveniently expressed as

k , , - ^ [ l n - \ ) .  (Eqn 7.20)

In the next section, the dynamic responses o f linear SDOF systems employing the aforementioned 

stiffness estimates are compared. The secant and equivalent stiffnesses were estimated using the 

measured ductility o f the inelastic frame and assuming that the initial stiffness o f the inelastic 

system k„ is given by Equation 7.15. The stiffness and damping values employed in the numerical 

evaluation o f  the dynamic response o f linear SDOF systems are summarised in Table 7.3.
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Figure 7.6. Equivalent stiffness based on equivalent energy approach.

Kwan & B illin gton  (2 0 0 3 ) found that the secant stiffn ess m ethod overestim ates both the equivalent 

period {Teq) and equ ivalent dam ping ratio (^eq)- B ased on regression  o f  num erical data, they  

proposed equations to determ ine these parameters. O ptim um  equivalent linear system  parameters 

w ere generated by evaluating tim e-history analyses o f  SD O F system s w ith  15 periods, 6 different 

types o f  hysteretic behaviour, and four ductility ratios subjected to 20  earthquakes, com prising o f  a 

total o f  7200  tim e-history analyses. The ratio o f  the period o f  the equ ivalent linear system  to the 

period o f  the inelastic system  in the elastic range {Teq!T„), and the equ ivalent v isco u s dam ping ratio 

w ere both found to increase w ith  ductility for all the hysteretic system s.

B ased  on regression o f  data generated, the fo llow in g  relationships w ere proposed (K w an & 

B illin gton , 2003):

= 0 .8 / /^ '  , (E q n .7 .2 1 )

w here C| =  co effic ien t w hich  varies according to the hysteretic system  (0 .5  for ductile steel 

structures).

\ 2
2C,

:>eq
71

eg

T\  J
+ 0.55 eg

TV • ' n  y

(Eqn. 7 .22)

w here C2 =  0 .56  for a ductile steel structure.

Equivalent stiffn ess {kK&B) and dam ping values {̂ k̂&b) w ere obtained for each test frame based on 

these relationships and are g iven  in Table 7.3.

233



Numerical Analysis

Table 7.3. Sum mary o f  dynam ic characteristics for linear SDO F system.

Excitation Equivalent Stiffness and D am ping Kw an & B illin g lon  (2003)

Test ID Si
ze

8 Type ^ m a x K e C 8 k■^sec L

(rad/s) ( m / s ^ ) (kN/m) (kN/m) (kN/m) (kN/m) ( % ) kN/m ( % )

ST1-R50H c/2 35.5 S in e  R am p 8.5 10368 12175 4567 7421 9.09 7136 17.02

ST1-R50H-B
a ;
■n 35.5 
c 4

S in e  R am p 12.7 10368 12175 3654 6211 7.22 5709 19.43

ST2-E50H ^  29.4
(N

El-Centro 7.9 10412 8745 996 1879 11.21 1556 30.22

ST3-E50F o  38.0 El-Centro 8.7 10449 14615 2100 3898 9.25 3281 27.09

ST4-R20H 25.1
X

S in e  R am p 10.0 4214 6260 1407 2498 3.59 2133 23.01

ST5-E20H
c/ 2

o  17.8
f S

Synthetic 5.1 4198 3198 463 859 7.34 724 25.99

ST5-E20H-B
X

o  27.5
<N

El-Centro 5.0 4305 7660 859 1622 5.51 1343 31.07

ST6-E20F S  ' 3 - 8 El-Centro 4.4 4230 1933 145 279 9.87 227 36.13

ST7-R40H 38.0
X

S ine  R am p 8.8 10933 I46I5 5654 9121 16.56 8835 16.98

ST7-E40H
'Xi

38.0
<N

El-Centro 19.6 10933 14615 820 1595 6.18 1282 42.21

ST8-E40H o  38.0 El-Centro 19.7 11116 14615 859 1667 7.08 1342 35.89

ST9-E40F o  40.5 El-Centro 16.7 11369 16560 5153 8702 6.88 8051 18.71

Notes:
(1) Evaluated from elastic shake table tests.
(2) Assumed tension brace only resisting dynamic loads, k = (EA)I(2L).
(3) Determined from measured natural frequency, k  =

(4) Secant stiffness at the ductility demand n  o f  the inelastic system (lower bound).
( 5 )  Evaluated from equivalence o f energies.
(6) Evaluated from the first 1 Ssec o f  the response o f inelastic shake table tests, using measured displacements. Total response duration 
used to evaluate damping for frames subjected to sine ramp excitation.
(7) Equivalent stiffness proposed by Kwan < 6 Billinglon (2003): kg^K =  i,/(0 .64n)
(8) Equivalent damping factor proposed b y  Kwan <S Billington (2003): -  0.228(|i-l ) / | i  +  0.352fi^„

7.4 DYNAMIC RESPONSE OF EQUIVALENT LINEAR SDOF SYSTEMS

In this section, equivalent linear system s are em ployed to compute the inelastic seism ic demands o f  

the test frames. The objective o f  the equivalent linear system method is to find a linear system with 

a certain period Teq and a certain damping ratio such that its peak displacement response 

matches that o f  the nonlinear system. The period T o f  a system  is related to the stiffness k by

T = 2 n ^  (E qn .7 .23)

where m is the mass.

The period and the damping o f  a system determine the level o f  dynamic amplification experienced  

by a system when subjected to harmonic loading, as shown in Figure 7.7. For a system with a 

particular damping ratio, the maximum dynamic amplification factor occurs when the forcing 

frequency (Q) and the frequency o f  the structure (co) coincide (i.e. when p = Q/co «  1.0), where the 

dynamic amplification factor (D A F) is defined as the ratio o f  maximum response o f  the system to 

the maximum input force due to ground motion.
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As mentioned previously, both the stiffness and damping o f inelastic systems vary during 

earthquake loading. Consequently, the period (and frequency) changes (see Equation 7.22). A 

decrease in the frequency o f the system co results in an increase in the frequency ratio p for a 

constant forcing frequency. For example, the forcing frequency Q of the sine ramp input for 

inelastic shake table tests ST1-R50H, ST4-R20H and ST7-R40H was initially approximately 0.8 

times the natural frequency o f the elastic system cOn- As a result o f yielding and buckling of the 

brace members during the test, co reduces causing the frequency ratio P to increase, possibly close 

to 1.0. This is the point at which maximum amplification w ill occur, as shown in Figure 7.7. I f  the 

damping ratio S, remained constant during yielding, then the dynamic amplification factor would 

increase significantly. In reality, however, yielding causes the damping ratio o f the system to 

increase. Depending on the increase in damping, the dynamic amplification factor could increase 

or decrease. For example, referring to Figure 7.7, i f  the viscous damping o f the system was 

initially 2.5% with a frequency ratio P o f 0.8, and inelastic deformations caused the damping ratio 

to increase to 10%, then the dynamic amplification factor would increase (from 3.3 to 5.5), as P 

approaches 1. On the other hand, i f  the damping ratio increased to 20%, then the dynamic 

amplification factor would decrease (to 2.7). The dynamic amplification factor w ill also decrease i f  

the frequency ratio increases above unity.

kl, wj.

DAF
yielding, coJ,4 =  0.01

4 = 0.025
Elastic system, 
% = 2.5%,
Cl = 0.8io„

Inelastic system, 
1=  10%,
Q =  l.Oo)

Inelastic system, 
5 = 20 %, 
n= 1.0(0

4 = 0.75

2.52.00.50.0
Frequency ratio

Figure 7.7. Frequency-respoiise curves for various damping ratios.

7.4.1 Spectral analysis

Design accelerations Sd and displacements ds estimated from spectral analysis are given in Table 

7.4, together with the measured values. The normalised elastic response spectra o f the El-Centro 

and synthetic records for 3.0% damping shown in Figures 5.18 and 5.20, respectively, were
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reduced by a behaviour factor q o f  4.0, which accounts for inelastic behaviour as recommended by 

Eurocode 8 (CEN, 2001) for diagonal braced structures. The design displacements were 

estimated from the elastic spectral acceleration Se as follows

d s = ^ q  (Eqn.7.24)
CO

In general, the design displacements {d^) are greater than those measured (u„ax), as shown in Table 

7.4. On the other hand, the design spectral accelerations (Sj) are often lower than those measured 

( “ max)- ^  good estimate was obtained for the maximum acceleration response o f  frames

containing the 40x40x2.5SHS specimens.

Table 7.4. M easured and design spectral response values

F illed /
M easu red

S p e c tra l
an a ly sis

T est ID H ollow E x c ita tio n ^ m a x

(mm)
^max

(m/s^)

d s

(mm)

5 ,

(m/s^)

S T I-R 50H c/5

(N

H ollow Sine Ram p Ig.g 15.64 - -

ST1-R 50H -B H ollow Sine Ram p 23.5 18.95 - -

ST2-E50H
X

«n
<N H ollow E l-C entro 61.5 10.14 92 5.0

ST 3-E50F O Filled E l-C entro 47.6 9.91 78 7.0

ST4-R20H 00
X

H ollow Sine Ram p 32.0 13.31 - -

ST5-E20H o H ollow Synthetic 59.9 6.27 128 2.5

ST5-E20H -B
X

o
(N H ollow E l-C entro 83.5 6.49 70 3.3

ST6-E20F O Filled E l-C entro 90.5 5.31 345 4.1

ST7-R 40H on
I

H ollow Sine Ram p 18.6 16.36 - -

ST7-E40H H ollow E l-C entro 128.2 16.59 176 15.9

ST8-E40H
X

o H ollow El-C entro 131.2 17.70 177 15.9

ST9-E40F o Filled El-C entro 33.9 15.79 146 15,0

7.4.2 Numerical analysis

Two general approaches can be used to numerically evaluate the dynamic response o f  single degree 

o f freedom (SDOF) systems to arbitrary excitations: (1) interpolation o f  the excitation function, or 

(2) approximation o f  derivatives in the system equation o f motion. Both approaches are valid for 

linear systems, while only the latter is applicable to nonlinear systems (Craig, 1981).

In this study, both approaches are utilised and comparisons o f  the predicted responses made. A 

brief outline o f  the methods employed is presented in Appendix G (Craig, 1981; Clough & 

Penzien, 1993). Piecewise-linear interpolation o f the excitation function was employed, and for 

comparison, three step-by-step numerical methods to approximately satisfy the equation o f motion 

were employed. These were the average acceleration, linear acceleration and central difference
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methods. Many other numerical procedures are also available in the literature (Clough & Penzien, 

1993).

For the linear systems, the equation of motion to be approximated is given by

mii + a i + ku = p it)  (Eqn. 7.25)

with initial conditions

Mq -  Mq = 0 (Eqn. 7.26)

and

m'o = — -  ̂ 0  -  ) (Eqn- 7-27)m

where u, u and ii are the relative displacements, velocities and accelerations, respectively, m the 

mass, c the damping coefficient, k the stiffiiess, and p{t) the forcing function, which is equal to 

-  m 'z for ground excitations z .

The numerical methods described in Appendix G were used to calculate the time-history

acceleration and displacement response of the test frames, using the measured table acceleration

from each test with a range of structural modelling assumptions. A constant time step of A/ = 

O.Obec was employed for all methods. In general, the aforementioned step-by-step numerical 

methods employed in this study produced similar dynamic responses for each linear SDOF system 

due to the small time step employed, as shown, for example, in Figure 7.8. For brevity, therefore, 

only the average acceleration method is employed when comparing the responses of equivalent 

linear systems to the measured responses.
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(a) (b)
Figure 7.8. Dynamic response for the first Isec of an equivalent linear system for Frame STS-E20H-B, 
which employs kscs and and whose response is evaluated using step-by-step methods.
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A structural model employing suitable equivalent stiffness and damping values is required to 

represent an inelastic system subjected to seismic loading. The dynamic responses o f linear 

systems employing different equivalent stiffnesses were compared. These values were the elastic 

stiffness o f the tension diagonal (kEcs), the actual elastic stiffness o f  the frame (k„), the secant 

stiffness at maximum ductility (ksec), and the energy-equivalent stiffness (keg), as outlined in Section 

7.3. The equivalent viscous damping values Cgg obtained for the first \5sec  o f  loading only was 

employed for tests in which the duration o f loading was greater than 1 Ssec. The stiffness and 

damping values employed are summarised in Table 7.3. Equivalent stiffness {kK&a) and equivalent 

damping ratios (^k&b) predicted using Equations 7.21 and 7.22 proposed by Kwan & Billington 

(2003) are also shown in Table 7.3.

In Figure 7.9, predicted displacement responses o f  Frame ST2-E50H, obtainted by approximating 

the derivatives in the equation o f  motion related to the equivalent linear systems (i.e. step-by-step 

method), are compared with the measured response. This frame was subjected to a scaled El- 

Centro record, as displayed in Figure 6.10. After approximately 5 seconds, the equivalent linear 

SDOF systems, whose stiffnesses are represented by the elastic stiffness o f  the tension member 

{kscs) and the actual elastic stiffness o f the frame {k„), significantly underpredict the measured 

displacements, as buckling and yielding o f the brace members has occurred. On the other hand, 

linear SDOF systems whose stiffnesses are modelled by the secant stiffness {Kec) and stiffness 

based on equivalence o f energies {keg) initially overestimate the measured displacements, but 

predict the displacements fairly well during and after yielding o f the brace members. The model 

employing parameters based on proposed equations by Kwan & Billington (2003) (Equations 7.21 

and 7.22) predicts the measured displacement response well for the first 5 seconds, but does not 

predict the maximum measured displacements as closely as the models employing k̂ ec and keg.

Predicted responses o f Frame ST2-E50H, estimated by interpolating the excitation function, are 

displayed in Figure 7.10 for the different structural models. The response o f  systems employing 

stiffnesses kscs and k„ (Figure 7.10(a) and (b), respectively) are sim ilar to those predicted using the 

step-by-step method (Figure 7.9(a) and (b), respectively). On the other hand, models whose 

stiffness are given by ksec and k„ predict higher displacements when the response is obtained by 

interpolating the excitation function (Figure 7.10(c) and (d), respectively) than when estimated by 

approximating the derivatives o f  the equation o f motion (Figure 7.9(c) and (d), respectively). In 

fact, the measured displacement response is significantly overestimated by the system employing 

the secant stiffness {ksec) when the response is obtained by interpolating the excitation function.
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Figure 7.9. Relative displacement responses of 
Frame ST2-E50H estimated using a step-by-step 
method.
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(a) ECS (Tension only diagonal)
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''I'M Figure 7.10. Relative displacement responses of 
Frame ST2-ES0H estimated by interpolating the 
excitation.

(e) Kwan & Billington (2003) proposal

The main objective o f equivalent linear systems is to closely predict the maximum measured 

responses o f the frames. In Table 7.5, predictions from the different equivalent linear systems, 

obtained by approximating the derivatives in the equation o f motion (i.e. step-by-step method), are 

compared with the maximum measured displacement ( u ^ )  and acceleration ( i i ^ )  responses.

Similarly, predictions obtained by interpolating the excitation function are compared to the 

maximum measured responses in Table 7.6.

Table 7.5 indicates that when the response is obtained using the step-by-step method, the model 

whose stiflftiess is represented by the secant stiffness {ksec) predicts both the maximum displacement 

and acceleration responses o f Frame ST2-E50H better than the other models. In fact, this model 

generally predicts the maximum displacement and accelerations more closely than the other models
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for all fram es tested. The m odel w hose stiffness is represen ted  by an energy-equivalen t stiffness 

gives sim ilar pred ictions for the m axim um  disp lacem ent and accelerations responses as 

obtained from the m odel em ploying the secant stiffness { k s e c ) -  In general, predictions based on both 

o f  the aforem entioned m odels predict the m axim um  m easured  response m ore closely  than those 

based on spectral analysis (Table 7.5).

The m easured and pred icted  responses are com pared graphically  in F igures 7.11 and 7.12 for 

predictions based on the step-by-step  m ethod. C learly, these figures indicate that the system s 

w hose stiffness w as m odelled  by the secant stiffness at m axim um  ductility  { k s e c )  or the energy- 

equivalent stiffness { k e q )  generally  gave reasonable estim ates o f  the m axim um  m easured response. 

On the other hand, those m odels w hose stiffness w ere represen ted  by the elastic stiffness o f  the 

fram e { k „ )  or the elastic  stiffness o f  the tension brace only  { k g c s )  poorly  predicted  the m axim um  

m easured responses, especially  for fram es that experienced large m axim um  ductility  dem ands.

Predictions ob tained by in terpolating the excitation function are com pared  w ith m axim um  

m easured d isplacem ents and accelerations in Table 7.6, and graphically  in F igures 7.13 and 7.14, 

respectively. A large scatter in the predicted to m easured  ratios for both the m axim um  

displacem ent and acceleration  responses is observed, w hich is indicated  by the high coefficient o f  

variation (C O V ) values in Table 7.6, and is clearly  observed  in F igures 7.13 and 7.14. 

Furtherm ore, the m odels generally  over-predict the m easured acceleration  response, regardless o f  

the stiffness param eter em ployed.
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Table 7.5. Comparison of maximum response for numerical system (Step-by-step method).

Ratio of predicted to measured responses for various systems

Hollow/
Measured I^ECS k„ k sec k.K&B Spectral

Test ID
Si

ze
Filled

Excitation ^m ax m̂ax ^m ax m̂ax ^m ax m̂ax ^m ax m̂ax ^m ax m̂ax ^m ax m̂ax ^m ax m̂ax

{mm) (m/s^) ( - ) ( - ) ( - ) ( - ) ( - ) ( - ) (-) (-) (-) (-) (-) ( - )

ST1-R50H 1/3
X
ai

<N

Hollow Sine Ramp 18.8 15.64 1.30 1.42 0.85 0.94 0.91 0.96 1.81 1.87 1.02 1.07 - -

ST1-R50H-B Hollow Sine Ramp 23.5 18.95 1.62 1.84 1.00 1.22 0.91 1.03 1.73 1.86 0.90 1.03 - -

ST2-E50H X Hollow El-Centro 61.5 10.14 0.16 0.92 0.18 0.92 0.80 0.95 0.68 0.86 0.33 0.57 0.67 2.03

ST3-E50F X
o Filled El-Centro 47.6 9.91 0.18 0.87 0.20 1.20 0.78 1.03 0.49 1.04 0 . 2 7 0.63 0.61 1.42

ST4-R20H <yi
X Hollow Sine Ramp 32.0 13.31 5.41 5.40 1.28 1.45 1.09 1.12 1.82 1.83 0.96 1.05 - -

ST5-E20H o
tN Hollow Synthetic 59.9 6.27 0.29 1.16 0.32 1.25 0.64 0.97 0.62 0.87 0.29 0.74 0.47 2.51

ST5-E20H-B X
ofs| Hollow El-Centro 83.5 6.49 0.23 1.30 0.13 1.24 0.58 1.10 0.58 1.16 0.17 0.54 1.19 1.97

ST6-E20F X
o<N Filled El-Centro 90.5 5.31 0.22 1.66 0.52 1.37 0.43 0.91 0.58 1.00 0.27 0.84 0.26 1.30

ST7-R40H C/3
X Hollow Sine Ramp 18.6 16.36 0.96 1.02 0.61 0.71 0.84 0.83 1.06 1.02 1.04 0.98 - -

ST7-E40H fN Hollow El-Centro 128.2 16.59 0.18 1.49 0.15 1.74 0.76 1.45 0.72 1.41 0.14 0.78 0.73 1.04

ST8-E40H X
o Hollow El-Centro 131.2 17.70 0.18 1.39 0.15 1.49 0.71 1.36 0.66 1.34 0.17 0.80 0.74 1.11

ST9-E40F X
o Filled El-Centro 33.9 15.79 0.46 1.20 0.40 1.42 1.14 1.30 0.66 1.30 0.56 1.17 0.23 1.05

Mean (for systems subjected to earthquake excitation) 0.24 1.25 0.25 1.33 0.73 1.13 0.62 1.12 0.27 0.76 0.61 1.55

COV (for systems subjected to earthquake excitation) 0.41 0.21 0.56 0.17 0.28 0.18 0.12 0.19 0.49 0.27 0.50 0.35



I'able 7.6. Comparison of maximum response for numerical system (Piecewise-linear interpolation of excitation function).

Ratio of predicted to measured responses for various systems

N
Hollow/ Measured Î ECS k„ k sec kgq k,K&B Spectral

Test ID Kfl Filled Excitation W/MOX m̂ax ^max m̂ax ^max m̂ax ^max m̂ax ^max m̂ax ^max m̂ax ^max m̂ax

(mm) (m/s )̂ (-) (-) ( - ) ( - ) ( - ) ( - ) ( - ) ( - ) (-) (-) (-) ( - )

ST1-R50H on
X Hollow Sine Ramp 18.8 15.64 0.97 0.89 0.83 0.90 2.20 0.93 1.36 0.90 1.18 0.79 - -

ST1-R50H-B ■o Hollow Sine Ramp 23.5 18.95 1.14 1.16 0.97 1.17 3.23 1.10 1.90 1.13 1.59 1.02 - -

ST2-E50H X
in Hollow El-Centro 61.5 10.14 0.15 0.93 0.17 0.92 1.53 1.60 0.81 1.02 0.75 1.48 0.67 2.03

ST3-E50F X
o Filled El-Centro 47.6 9.91 0.29 1.29 0.21 1.25 1.43 1.83 0.77 1.52 0.57 1.39 0.61 1.42

ST4-R20H 00
X Hollow Sine Ramp 32.0 13.31 1.81 1.41 1.26 1.42 5.59 1.38 3.15 1.38 2.47 1.37 - -

ST5-E20H p
(N Hollow Synthetic 59.9 6.27 0.24 1.25 0.32 1.25 2.20 1.43 1.18 1.24 0.80 1.26 0.47 2.51

ST5-E20H-B o
<N

Hollow El-Centro 83.5 6.49 0.22 1.23 0.12 1.23 1.11 1.59 0.59 1.30 0.42 1.60 1.19 1.97

ST6-E20F X
o<N

Filled El-Centro 90.5 5.31 0.24 1.36 0.52 1.37 6.90 4.26 3.59 2.50 1.82 4.48 0.26 1.30

ST7-R40H C/5
X Hollow Sine Ramp 18.6 16.36 0.80 0.67 0.60 0.69 1.54 0.69 0.96 0.66 0.98 0.66 - -

ST7-E40H in
CN Hollow El-Centro 128.2 16.59 0.19 1.61 0.14 1.63 2.51 2.94 1.29 2.16 0.88 5.95 0.73 1.04

ST8-E40H X
o Hollow El-Centro 131.2 17.70 0.19 1.45 0.14 1.46 2.45 2.65 1.26 1.82 0.97 5.21 0.74 1.11

ST9-E40F X
o Filled El-Centro 33.9 15.79 0.60 1.53 0.41 1.50 1.32 1.65 0.78 1.56 0.73 1.43 0.23 1.05

Mean (for systems subjected to earthquake excitation) 0.26 1.33 0.25 1.33 2.43 2.24 1.28 1.64 0.87 2.85 0.61 1.55

COV (for systems subjected to earthquake excitation) 0.54 0.16 0.57 0.16 0.77 0.44 0.75 0.30 0.48 0.70 0.50 0.35
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Figure 7.11. Comparison of majumum measured and calculated relative displacements: step-by- 
step method employed.
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Figure 7.12. Comparison of maximum measured and calculated relative accelerations: step-by- 
step method employed.
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Figure 7.13. Comparison of maximum measured and calculated relative displacements: 
interpolation of excitation function method employed.
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5035 405 10 150

Figure 7.14. Comparison of maximum measured and calculated relative accelerations: 
interpolation of excitation function method employed.

7.5 DYNAMIC RESPONSE OF NON-LINEAR SDOF SYSTEMS

The step-by-step procedures described above for the analysis of linear systems are also suitable for 

non-linear systems, in which the physical properties remain constant only for each time step, but 

may vary from step-to-step. Geometric and material non-linearity may be taken into account. 

However, in this present analysis only material non-linearity is considered. The equation of motion 

for the nonlinear system is

mii. + CM; + = -mz. (Eqn 7.28)

where at time-step /, is the displacement of the frame relative to the base, z, is the ground (table) 

displacement. Fat is the non-linear restoring force, m is the mass and c is the damping coefficient. 

The damping coefficient is assumed to remain constant throughout the analysis, and is given by 

2o)„/m4„, where ©„ and are given Table 7.1. The nonlinear restoring force is given by hui, 
where ki is the time-varying stiffiiess of the frame provided by the brace members.

The simple elastic-perfectly plastic load-displacement curve in Figure 7.15 was employed to model 

the frame stiffness. The tension brace only was assumed to resist the dynamic loading (CEN, 

2001). Thus, the stif&iess of the frame ki up to the point of yielding (point ‘A’ in Figure 7.15) is 

given by Equation 7.14. After yielding, kt is assumed to be zero. A typical hysteresis loop is given 

by OABC in Figure 7.15, where upon yielding, the load-deffection curve follows a straight line 

parallel to the deflection axis until the direction of loading is reversed, for example at point B. The 

load-deflection curve then follows a straight line parallel to the original elastic slope of portion OA 

until the load is zero, after which the stiffiiess is assumed to be zero until the direction of loading 

changes, or the frame passes through the original at rest position (the load-deflection curve passes 

through the origin). Other typical curves resulting from load reversal are given by blue dashed 

lines in Figure 7.15.
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Figure 7.15. Non-iinear force-displacement model for the stiffness of concentrically braced 
frames (tension only diagonal active).

As mentioned previously, within a time-step the stiffness kj is assumed to be constant, but can vary 

from one time-step to another. Therefore, the change in stiffness force can be approximated by 

= kiAui (Eqn 7.29)

and the stiffness force at the end of the time step is given by

= f  'si + A f 'si (Eqn 7.30)

The equation of motion may be written at time /,+/ = // + A/̂  as

(Eqn 7.31)

The acceleration at the end of the time step (beginning of the next time step) can be computed from 

these equations. The average acceleration method was employed to compute the dynamic 

nonlinear responses of the systems, although any of the other step-by-step integration methods 

could have been employed. Thus, using Equation 7.31 ensures dynamic equilibrium is enforced at 

the end of each time step. The displacements and velocities at the end of each time step are found 

using the equations given for the average acceleration method in Appendix G.

The resistance of the compression brace is ignored, as this is the design philosophy of Eurocode 8 

(CEN, 2001) for diagonal bracing systems. This is a reasonable assumption for slender brace 

members, as noted in Chapter 6, where the resistance provided by the compression brace during 

earthquake loading was found to be a maximum of just over 10% of the total frame resistance. 

Because the resistance of the compression brace is not included, the mortar infill was neglected in 

the composite specimens. Observed features of the behaviour of steel specimens during cyclic 

loading, discussed in Chapter 4, such as strain hardening, strength deterioration, strength 

degradation, and stiffness degradation were ignored for simplicity. This simplified model does not 

have the ability to replicate dynamic effects, such as strain rate effects, observed in the shake table 

tests and discussed in Chapter 6.
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In Figures 7.16 and 7.17, the computed and measured responses of test ST4-R20H are compared. 

This frame was subjected to a sine ramp excitation, which had a maximum amplitude of XQmlseĉ , 

and a frequency equal to 80% of the natural frequency of the frame. The predicted response from 

the nonlinear system is very close to that measured in the tests. Also plotted for comparison is the 

linear elastic response obtained by a similar step-by-step method. The linear system over-estimates 

both the maximum displacement and acceleration by approximately 5.5 times. The simple elastic- 

perfectly plastic model accurately predicts the base shear of frame ST4-R20H, as can be seen from 

Figure 7.18.
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1-20
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Figure 7.16. Acceleration response of frame ST4-R20H.
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Figure 7.17. Displacement response of frame ST4-R20H.
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Figure 7.18. Predicted and measured base shear of frame ST4-R20H.

A sine ramp excitation function was also employed in test ST7-R40H. The measured response is 

compared with that predicted by linear and nonlinear numerical analyses of SDOF systems in 

Figures 7.19 and 7.20. For this frame, the linear and non-linear responses are quite similar, and 

both agree well with the measured accelerations. Compared to Frame ST4-R20H (Figures 7.16 and 

7.17), a high equivalent viscous damping coefficient was employed in the equivalent linear model 

for this frame (see Table 7.3). The ductility demand observed in this test was much lower than 

expected, leading to the agreement between the linear and non-linear calculated results. The 

nonlinear model gives a reasonable prediction for the base shear of Frame ST7-R40H, although the 

maximum shear force is overestimated, as shown in Figure 7.21.

h lV B S ir a d

Elastic
NofribMT (•tastic-ptatlic)

0.5 9 5 4.5

- 1 0 -

-15

-20

Figure 7.19. Acceleration response of ST7-R40H.
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Figure 7.20. Displacement response of ST7-R40H.
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Figure 7.21. Base shear for frame ST7-R40H.

The elastic-perfectly plastic model was also used to predict the dynamic response of Frame ST8- 

E40H. This frame was subject to a scaled version of the El-Centro record. During the inelastic 

shake table test, one of the brace members fractured and the frame collapsed. The simple non

linear SDOF system detected the initial yielding of the brace members, and a good approximation 

of the dynamic response is obtained for the first 5 seconds, as can be seen from Figures 7.22 and 

7.23. However, the model does not replicate the extensive yielding of the specimens after this 

point. This is probably as a result of the model’s inability to take account of strength and stififiiess 

degradation. The measured and predicted base shears are compared in Figure 7.24. Again, it is 

evident that the model predicts the initial yielding, but fails to predict the stifiBiess degradation, 

which resulted in extensive yielding of the brace specimens. To address this issue, a more accurate 

nonlinear SDOF model could be employed with the loading path determined by the secant stif&iess 

( k s e c )  and the unloading path parallel to the initial elastic frame stiffiiess ( k „ ) ,  where the secant 

stiffiiess is given by k s e c  = k j ^ i ,  in which the ductility (x is the maximum ductility of the loading 

history.
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Figure 7.22. (a) Acceleration response of frame ST8-E40H, and (b) for the first 1.5sec of loading.
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Figure 7.23. (a) Displacement response of frame ST8-E40H, and (b) for the first 7.5sec of loading.
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Figure 7.24. Predicted and measured base shear of frame ST8-E40H.

For comparison, the frame containing filled 40x40x2.5SHS specimens, namely ST9-E40F, was 

evaluated using the non-linear SDOF system. From Figure 7.25, it is evident that the yielding of 

the brace specimens in this fi'ame was much less extensive than in equivalent frames containing 

hollow 40x40x2.5SHS brace members (namely, ST7-E40H and ST8-E40H). Both the linear and 

nonlinear systems predicted the dynamic response accurately for approximately the first 3 seconds. 

At this point, the frame experienced a large amplitude excitation resulting in yielding of the 

specimens. The nonlinear SDOF system correctly reflects this yielding (Figure 7.25(b) and Figure
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7.26(b)) and accurately predicts the amplitude of the acceleration and displacement response in that 

cycle. However, it does not predict the subsequent drift of the frame (Figure 7.26). The measured 

and predicted base shears are compared in Figure 7.27. This figure suggests that the elastic 

stiflhess of the frame was over-estimated by the nonlinear SDOF system, even during the early 

stages of the response.
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Figure 7.25. (a) Acceleration response of frame ST9-E40F, and (b) for the first 1.5sec of loading.
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Figure 7.26. (a) Displacement response of frame ST9-E40F, and (b) for the first l.Ssec of loading.
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Figure 7.27. Predicted and measured base shear of frame ST9-E40F
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To summarise, the simple non-linear model generally predicts initial yielding o f the brace 

members, but due to its inability to replicate stiffness reduction caused by residual elongations it 

underpredicts the maximum displacement ductility demand o f  the structure. In comparison, an 

equivalent linear system, whose stiffness is modelled by the secant stiffness at maximum 

displacement ductility demand, predicts the measured maximum displacements more closely.

7.6 WAVELET ANALYSIS

The vibrational characteristics o f buildings can change during an earthquake due to yielding o f or 

damage to its members or connections. In concentrically braced frames, the brace members yield 

in tension and buckle in compression during moderate and extreme earthquakes. This results in 

temporal variations in the frequency content o f  the structure’s response. A time-frequency analysis 

tool called wavelet analysis has recently been developed which can detected these changes. 

Historically, the first practical use o f wavelets was in geophysics to analyse data from seismic 

surveys in oil and mineral exploration. Newland (1993, 1994a,b) applied wavelets to the analysis 

o f vibration signals, and developed special wavelets and techniques, such as discrete wavelet 

transform and fast wavelet transform, for engineering purposes. The non-stationary seismic 

responses o f dynamic systems have been analysed using wavelets by Basu & Gupta (1997, 1998, 

1999a, 1999b), for both linear and nonlinear systems. Researchers have also used wavelet analysis 

for structural health monitoring and damage detection in structures, mostly focussing on crack 

detection in concrete (for example, Melhem & Kim, 2003; Basu, 2003; Kim & Melhem, 2004; 

Ovanesova & Suarez, 2004).

In this section, wavelet analysis will be applied to detect stiffness degradation in the concentrically 

braced frames described in Chapters 5 and 6. Specific events that occurred during earthquake 

loading, such as yielding and buckling o f the brace members, can be identified from the measured 

responses o f  the frame, as indicated in Chapter 6. An investigation is carried out in this section to 

determine if  wavelet analysis can also detect these events. Ground acceleration, elastic frame 

response and inelastic frame response are compared using wavelet analysis. This allows changes in 

frequency response o f  the structure due to temporal variations in the frequency content o f  the input 

motion on the one hand, and changes due to yielding and buckling o f  the braces on the other, to be 

distinguished. The energy contribution o f different frequency bands can also be determined from 

wavelet analysis. Different energy contributions by a frequency range in the elastic and inelastic 

responses indicate changes in the dynamic characteristics o f the structure. Finally, wavelet analysis 

is employed to estimate the time-varying stiffness o f  the structure during an earthquake.
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7.6.1 Wavelet theory

Digital signal analysis using wavelet transforms begins with the generation o f a single parent 

wavelet, called the ‘mother wavelet’ The signal is then decomposed into a series o f basis

functions h/o,a(0 o f finite length, which are generated by dilating (stretching or compressing) and 

translating in time t (or space x) the mother wavelet by parameters a and b, respectively, as follows

The function is centred at b with a spread proportional to a.

The wavelet transform W ^a,b ) correlates the signal function ^(0 with v|/ai(/) as follows (see for 

example, Daubechies (1992))

1 ^ t - b \  

a )
dt (Eqn. 7.33)

where vj/*(-) denotes the complex conjugate o f the basis function. The corresponding inversion 

relationship is given by

—  ] ] ~ W j{a ,b } ,,^ ,[ t)d a .d b
2.7fX  ̂̂  - 0 0  - 0 0  Cl

(Eqn. 7.34)

with

-dw

and

'J Itt - oo

(Eqn. 7.35)

(Eqn. 7.36)

is the Fourier transform o f the function vj/(/).

The results o f the transform are wavelet coefficients that show how well a wavelet function 

correlates with the signal analysed. The parameter b has the significance o f localising the basis 

function at t = b and its neighbourhood. The parameter a captures the contribution to the

frequency band corresponding to the Fourier transform o f (i-C- ). Thus, fV^a,b)

contributes to the function /{ t)  in the neighbourhood o f t = b and in the frequency band 

corresponding to the dilation factor a.

The discrete parameter wavelet transform is employed in this study. Discrete values are used for 

the dilation and translation parameters. The dilation parameter is defined as aj = and the 

translation parameter takes the values bj = i j  -  \)A b  (Basu &  Gupta, 1998), hence Equation 7.34 

may be written as
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KAb.

i  J a ,
where

/(<)= W (Eqi- ’ ■37)

f  1
a  —

I  o -J
(Eqn. 7.38)

Values o f (j = 2 and Ab = Q.Olsec have been used in this study. Thus, the sampling o f coordinates 

{a,b) is referred to as dyadic sampling because consecutive values o f the discrete scales aj differ by 

a factor o f 2. The signal resolution is defined as the inverse o f the scale Ma = 2~\ and the integer j  

is referred to as the level. As the level and the scale decrease, the resolution increases and the 

smaller and finer components o f the signal can be accessed.

To apply the wavelet transform in any application it is important to select an appropriate (or 

optimal) wavelet for the analysis. There are a wide variety o f parent wavelets available in the 

literature, each o f which have been developed to meet certain criteria. In this study, the 

Littlewood-Paley basis and harmonic wavelet proposed by Newland (1993) was employed, and is 

given by

=  i ^  (Eqn. 7.39)
K t

The wavelet transform can be used to interpret the energy contribution in each band. The 

instantaneous energy o f a signal y(/') about t = bj is given by (Basu &  Gupta, 1998)

K \

J ~ . j

Because the wavelet coefficients for different j  values correspond to non-overlapping bands, the 

total energy ^orJ{t) corresponding to the frequency band for aj is given by (Basu &  Gupta, 1998)

E j { x ) = Y . ^ [ w j [ a j , b ^ ^  (Eqn. 7.41)
/  Q ;

f ( t \  ,  = Z — ( Eqn.  7.40)
j  a,

7.6.2 Application to inelastic test results

As mentioned previously, the wavelet transformation is a process o f determining how well a series 

o f wavelet functions represent the signal being analysed. The goodness o f f it o f the function to the 

signal is described by the wavelet coefficients. Multi-scale decomposition o f processes utilising 

wavelets reveals events otherwise hidden in the original time history. In Chapter 6, measured load- 

displacement plots, base shear plots, measured strain-time plots, displacement-time plots, 

acceleration-time plots and so on were used to identify events occurring during earthquake tests. 

However, to instrument real buildings to such an extent would be very expensive and would 

generate vast amounts o f data, which would then have to be analysed. Furthermore, it may be
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difficult to place instrumentation at the required optimum locations in many instances. Thus, it 

would be very beneficial if the behaviour of the structure during an earthquake could be accurately 

determined fi-om a few strategically placed accelerometers. This section investigates whether 

wavelet analysis can be used to detect structural events from data recorded by accelerometers 

attached to the foundations and storeys of a structure.

Two typical frames are investigated, namely ST2 and STS. Both frames were subjected to scaled 

versions of the El-Centro record shown in Figure 5.17. Frame ST2 contained a pair of 

50x25x2.5RHS braces, while Frame STS contained 40x40x2.5SHS brace members. Initially, the 

frames were subjected to a low level version of the El-Centro record to determine their elastic 

responses. Following this, the frames were subjected to the El-Centro record scaled appropriately 

to cause inelastic response behaviour. The measured inelastic responses of Frame ST2 and STS are 

given in Figures 6.10 and 6.29, respectively. The measured load versus axial deformation plot of 

Brace 1 and the base shear versus relative lateral frame displacement are reproduced in Figures 

7.2S and 7.29 for Frame ST2 and STS, respectively. The hysteretic loops in which significant 

yielding of the brace specimens occurred are highlighted in these figures. The brace members 

experienced extensive elongation during the strong period motion (i.e. from approximately 2 to 

Isec), as evident from Figures 7.2S(a) and 7.29(a). One of the braces in Frame STS fully fractured 

during the test and the frame subsequently collapsed.

^ a^ T e n s ile  Capacity

Speamen

Eiier BucMing Cac«aV
■ V —

(a) Load versus axial deformation for Brace 1 (b) Base shear versus lateral displacement of frame

Figure 7.28. Measured response of frame ST2-E50H subjected to scaled El-Centro Earthquake record 
(Magnitude 7.9m/sec^).
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(b) Base shear versus lateral displacement of frame

(3 86mm)

& —  Speamen 1 (0-5 8sec] 
Specimen 1 (5.8-41sec)

(a) Load versus axial deformation for Brace 1

Figure 7.29. Measured response of frame ST8-E40H subjected to scaled El-Centro Earthquake record 
(Magnitude 19.7m/sec^).

Figure 7.30 shows the decomposition of the scaled El-Centro ground acceleration record, employed 

in Test ST2, into its wavelet components (obtained using Equation 7.33). Each component is 

called a level (or band) and the levels are number from 1 to 8, for which the corresponding 

bandwidths and scaling factors are shown in Table 7.7. When the separate wavelet levels are added 

together (using Equation 7.37), the original signal, shown in Figure 6.10, is regained. Temporal 

variations of the wavelet coefficients are plotted in Figures 7.31 and 7.32 for the elastic and 

inelastic response accelerations of Frame ST2, respectively. Similarly, Figures 7.33 -  7.35 show 

the wavelet coefficients of the ground accelerations, elastic response and inelastic response for 

Frame STS.

Table 7.7. Bands for wavelet analysis

Band, n 
(i+1)

Band width 
(Hz)

Scaling factor, 1/a 
(frequency scaling = 1/(2').

1 0.25-0.5 1
2 0 .5-1 0.5
3 1 - 2 0.25
4 2 - 4 0.125
5 4 - 8 0.0625
6 8 - 1 6 0.03125
7 16-32 0.015625

g 32- 64 0.0078125
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Figure 7.30. Wavelet coefficients for ground acceleration in test ST2-E50H.
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The wavelet coefficient plots for the ground acceleration indicate the predominant frequencies at 

discrete times during the earthquake. The El-Centro ground motion record is a “broad-banded” 

record. In other words, the energy contribution from the record is spread over a wide band o f 

frequencies, as indicated in Table 7.8. However, 93% o f the energy is contained in Bands 3-5 (i.e. 

l-8Hz). The natural frequencies o f frames during elastic loading were between 2.2 and 6.5Hz (i.e. 

in Bands 4 and 5). More specifically, the natural frequency {f„) o f  frames ST2 and STS were 

4.68//Z and 6.05//z, respectively. Thus, the higher bands (6-8) are not o f direct interest in this 

study, although sudden increases in the wavelet coefficients for these bands could indicate a 

significant event, such as sudden fracture o f a brace.

Changes in the dynamic characteristics o f the frame are reflected in the energy contributions o f 

each band. During the elastic test o f  Frame ST2, approximately 87% o f  the energy is contained in 

the frequency band in which the natural frequency o f the elastic structure lies (i.e. Band 5). On the 

other hand, during the inelastic test the energy is disseminated to lower bands, reflecting the 

reduction in stiffness o f the frame due to yielding and buckling o f  the brace members (Table 7.8).

The proportion o f energy contained in Band 5 for the elastic response o f  Frame STS is similar to 

that for Frame ST2 (89% as compared to 87%). Sim ilar energy ratios are also noted for the 

inelastic tests, as shown in Table 7.9, with the slightly higher ratios in Band 1 and 2 for Frame STS 

probably due the higher wavelet coefficients in these bands caused by the frame oscillating o ff the 

gantry crane after it had failed.

Table 7.8. Energy ratios during test ST2 (El-Centro ground motion)

Test ID

(Bandwidth (Hz))

Band 1 

(0.25-0.5)

Band 2 

(0.5-1)

Band 3 

(1-2)

Band 4 

(2-4)

Band 5 

(4-8)

Band 6 

(8-16)

Band 7 

(16-32)

Band 8 

(32-64)

Ground 0.0000 0.0049 0.3698 0.3235 0.2333 0.0365 0.0201 0.0119

Elastic 0.0001 0.0004 0.0263 0.0672 0.8689 0.0018 0.0026 0.0327

Inelastic 0.0001 0.0248 0.4966 0.3503 0.1080 O.OIll 0.0035 0.0055

Note: f„ = 4.68/Zz.

Table 7.9. Energy ratios during test STS (El-Centro ground motion)

Test ID

(Bandwidth (Hz))

Band 1 

(0.25-0.5)

Band 2 

(0.5-1)

Band 3 

(1-2)

Band 4 

(2-4)

Band 5 

(4-8)

Band 6 

(8-16)

Band 7 

(16-32)

Band 8 

(32-64)

Ground 0.0000 0.0049 0.3505 0.3284 0.2097 0.0851 0.0166 0.0049

Elastic 0.0006 0.0009 0.0363 0.0556 0.8925 0.0020 0.0008 0.0113

Inelastic 0.0072 0.0595 0.4408 0.3806 0.0975 0.0106 0.0017 0.0023

Note: f„ = 6.Q5Hz.
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Investigating the energy com ponent o f  each frequency band for the inelastic  response o f  all the 

frames subjected  to earthquake loading show s that betw een approxim ately  30%  and 50% o f  

response energy is in both Band 3 and 4, even though the natural frequency o f  m ost o f  the fram es 

falls in B and 5 (T able 7.10). T ypically , less than 10% o f  the energy is in Band 5. The fram e 

w hose brace m em bers experienced  the least y ielding, nam ely ST9-E40F, has 74%  o f  its energy in 

Band 4, and the h ighest contribution  from  B and 5, reflecting  the com paratively  linear response 

displayed.

Table 7.10. Energy com ponent o f frequency bands for Inelastic Shake Table tests

Tes t  ID Band 1 

(0.25-0.5)

Band 2 

(0.5-1)

Band 3 

(1-2)

Band 4 

(2-4)

Band 5 

(4-8)

Band 6 

(8-16)

B and 7 

(16-32)

B and 8 

(32-64)

f„

(Hz)

ffln

(rad/s)

ST2-E50H 0.0001 0.0248 0.4966 0.3503 0.1080 0.0111 0.0035 0.0055 4.68 29.4

ST3-E50F 0.0000 0.0031 0.5128 0.3436 0.1222 0.0124 0.0029 0.0031 6.05 38.0

ST5-E20H 0.0004 0.0236 0.3784 0.5237 0.0537 0.0111 0.0048 0.0044 2.83 17.8

ST5-E20H-B 0.0049 0.0603 0.4026 0.4569 0.0552 0.0109 0.0028 0.0064 4.38 27.5

ST6-E20F 0.006 0.148 0.478 0.288 0.057 0.008 0.004 0.009 2.20 13.8

ST7-E40H 0.0090 0.0756 0.4478 0.3952 0.0620 0.0063 0.0015 0.0025 6.05 38.0

ST8-E40H 0.0072 0.0595 0.4408 0.3806 0.0975 0.0106 0.0017 0.0023 6.05 38.0

ST9-E40F 0.0000 0.0013 0.1228 0.7418 0.1278 0.0047 0.0008 0.0009 6.45 40.5

Short-term  changes in the frequency content o f  a signal can also be identified  by w avelet analysis. 

Tem poral variations in the w avelet coefficients in a particu lar frequency band indicate that the 

frequency content o f  the signal has shifted to or from  ano ther band. H ow ever, changes in the 

frequency content o f  response signals could be due to tem poral varia tions in the frequency content 

o f  the input m otion or changes in the dynam ic characteristics o f  the structure, such as the initiation 

o f  stiffness degradation  or the sudden occurrence o f  non-ductile  events. H ence it is necessary to 

com pare the w avelet coeffic ien t p lo ts for the ground and the response accelerations o f  the structure 

to identify w hen the change is due to a variation in the dynam ic characteristics o f  the structure. 

The shape o f  the w avelet coefficient-tim e plots can be com pared  by visual inspection, or 

alternatively, by correlating  both sets o f  data for each frequency band. The correlation  coefficient 

is defined as

P x z j  =  I ' ,  r ^ = T

w here Wjx,- and fVjZ,- are the w avelet coefficients at tim e / o f  band j  fo r the response and ground 

signals, respectively . I f  p = 0 there is no correlation, w hile p = ± I im plies perfect correlation.

In Table 7 .1 1, w avelet coefficients for the ground m otions are correlated  w ith those for the elastic 

responses o f  fram es ST2 and STS for each frequency band. G ood correlation  exists in all the bands 

o f  interest (i.e. B ands 2 to 4), expect for the band contain ing  the natural frequency o f  the structure
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(i.e. Band 5). This can also be seen by comparing Figures 7.30 and 7.31 for Frame ST2, and by 

comparing Figures 7.33 and 7.34 for Frame STS. This suggests that the frequency content of the 

response is directly related to the frequency content of the input motion, except when the natural 

frequency of the frame coincides with the frequency of the table motion. Poor correlation exists at 

very low (<0.5Hz) and very high (>8Hz) frequencies, probably due to secondary dynamic effects 

experienced by the frame, coupled with the low amplitude o f the ground motion during the elastic 

tests.

Table 7.11. Correlation coefficients for ground motion and elastic response.

Test ID Band 1 Band 2 Band 3 Band 4 Band 5 Band 6 Band 7 Band 8

(Bandwidth (Hz)) (0.25-0.5) (0.5-1) (1-2) (2-4) (4-8) (8-16) (16-32) (32-64)

ST2 -0.050 0.668 0.989 0.956 0.020 -0.452 -0.023 0.031

STS -0.173 0.836 0.994 0.942 -0.197 -0.200 -0.002 -0.069

Notes: ST2:/„ = 4.68Hz. ST8:/„ = 6.05Hz.

This suggests that the wavelet coefficients for the inelastic response can be compared directly to 

those for the ground acceleration. Differences in the shape o f the wavelet coefficient-time plots for 

bands lower than that containing the natural frequency o f the elastic structure indicate a shift in 

frequency due to changes in dynamic characteristics o f the structure. In concentrically braced 

frames, this is probably caused by the brace member yielding or buckling. For example, extensive 

yielding and buckling o f braces in Frame ST2-E50H occurred from 5.0 -  \7).5sec, causing both 

brace members to be extensive elongated (by more than 20mm), as observed in Figure 7.28. 

Following this, the wavelet coefficients in Band 5, which is the band containing the natural 

frequency of the elastic frame, are relatively small (Figure 7.32). Residual elongation of the brace 

members causes additional flexibility in the frame, thus reducing its stiffness. This is reflected in a 

reduction in the response frequency. The wavelet coefficients for Band 4 are also low in this 

period, but those for Band 2 are relatively high in the later stages o f the earthquake loading (in 

comparison to those for the ground motion shown in Figure 7.30). The frequency of the frame 

response has shifted to Band 2 primarily for two reasons. The braces have large residual 

elongation from previous loading, and the magnitude of the input motion is relatively low. A 

higher input motion would cause the tension brace member to become taut and, consequently 

increase the stiffness of the frame. This would be reflected in a shift in frequency to a higher band.

In Table 7.12, wavelet coefficients for the ground motion are correlated with those for the inelastic 

responses of Frame ST2 for each frequency band. Poor correlation exists from O-S^ec in bands 4 

and 5, as the natural frequency of the elastic frame is 4.68//z, which falls in the lower range of 

Band 5. During this period, one of the brace members is sometimes buckled in compression (see 

Figure 6.10), causing the stiffness (frequency) of the frame to reduce slightly. From 5 to 13.5sec 

there is no correlation in either Band 4 or Band 5, as the natural frequency o f the frame is primarily
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in these bands. Correlation coefficients for bands 2 and 3 also reduce due to reduction in stiffness 

(frequency) o f the frame as the brace members yield and buckle. After extensive yielding (i.e. 

from 13.5-4l5ec), correlation coefficients for bands 2 and 3 reduce further due to additional 

flexibility in the frame caused by permanent elongation o f the brace members.

Table 7.12. Correlation coefficients for ground acceleration and inelastic responses of Frame ST2.

Time {sec) 

(Bandwidth (Hz))

Band 1 

(0.25-0.5)

Band 2 

(0.5-1)

Band 3 

(1-2)

Band 4 

(2-4)

Band 5 

(4-8)

Band 6 

(8-16)

Band 7 

(16-32)

Band 8 

(32-64)

0 - 5 . 0 0.6559 0.9360 0.9138 0.4037 -0.4618 0.0787 -0.5853 0.7670

5 .0 -1 3 .5 -0.6844 0.8608 0.6455 0.0259 0.1202 0.2567 -0.4097 0.1605

1 3 .5 -4 1 .0 0.7096 0.7092 -0.4061 -0.4312 -0.2045 -0.3356 -0.3580 -0.2574

Notes: / ,  = 4.68Hz.

Table 7.13 quantifies the correlation between the wavelet coefficients for the ground acceleration 

and the inelastic response o f  Frame STS. As expected, very good correlation exists in Bands I to 4 

up to l.Ssec, at which point yielding occurs. As explained earlier, correlation is poor in Band 5 as 

this contains the elastic natural frequency o f the frame. During the strong input motion (i.e. from 

approximately 2.S-6.Ssec), extensive yielding and buckling o f  the brace members occurred, and the 

dynamic characteristics o f  the frame were altered. The natural frequency reduced due to

deterioration in stiffness, as evident in Figure 7.29. This is reflected in a reduction in the 

correlation coefficients for Bands 1 to 4, as shown in Table 7.13. The correlation coefficient for 

Band 5 increases as the natural frequency o f the frame has shifted to lower bands and the frequency 

content o f  this band is dominated more by the frequency content o f  the ground acceleration.

Table 7.13. Correlation coefficients for ground acceleration and inelastic responses of Frame STS.

Time (sec) 

(Bandwidth (Hz))

Band 1 

(0.25-0.5)

Band 2 

(0.5-1)

Band 3 

(1-2)

Band 4 

(2-4)

Band 5 

(4-8)

Band 6 

(8-16)

Band 7 

(16-32)

Band 8 

(32-64)

0 1 bo -0.911 0.969 0.989 0.798 0.137 0.477 0.041 0.064

2 , 8 - 6 . 8 -0.054 0.800 0.684 0.504 -0.370 -0.053 -0.379 0.396

6 . 8 - 2 2 . 9 0.073 0.087 -0.368 -0.153 -0.263 0.270 0.131 -0.052

Notes: f„ = 6.05Hz.

The characteristic o f the El-Centro record is large amplitude motion close to the start o f  the record 

(i.e. approximately 2-1 sec), followed by relatively low amplitude motion (see Figure 5.19). 

Residual elongation o f the brace members, together with local buckling, is induced during the 

strong motion period. After this, the magnitude o f the ground motion is rarely large enough to 

cause the buckled brace members to straighten, and therefore there is often slackness in the frame. 

This results in the frame displaying a low stiffness during this period, as evident from Figure 7.29. 

This is reflected in the poor correlation between wavelet coefficients for ground acceleration and
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inelastic response signals in the lower bands (i.e. Bands 1-5) (see Table 7.13). The stiffness, and 

hence the natural frequency of the frame, fluctuates depending on the amplitude o f the input. Thus, 

correlation for all lower bands is poor, as seen in Table 7.13.

At 22.9sec after the start o f the input motion, one of the brace members fully fractured. This is 

reflected in the wavelet analysis by an increase in the wavelet coefficients in Band 1 of the inelastic 

response signal, as observable in Figure 7.35. Distinct spikes are also evident at exactly 22.9sec in 

Bands 2, 6 and 7, which do not exist in the plots of the wavelet coefficients for the ground 

acceleration in Figure 7.35. After 25.0sec, the other brace resisted no more load as it was severely 

buckled. From this point the frame was prevented from falling over by the gantry crane in the 

laboratory. Again, this is reflected in the relatively high wavelet coefficients in Band 2 o f Figure 

7.35. It is also interesting to note that Band 8 of the same figure contains a distinct spike at 

25.0sec.

7.6.3 Time-dependent stiffness

The above results suggest that damage detection in buildings may be possible by comparing the 

ground and storey responses using wavelet analysis. In this subsection, the time varying stiffnesses 

o f Frames ST2 and STS during inelastic testing will be estimated using a method proposed by Basu 

& Gupta (1999a).

The equation of motion for the non-linear test frame is

ii+ — U + g{u) = - z  , (Eqn. 7.43)
m

where u is the displacement o f the frame relative to the base, z  is the ground (table) displacement, 

g{u) is the non-linear restoring force, m is the mass and c is the damping coefficient. The 

frequency oo and damping c of the inelastic frame vary during the response due to yielding and 

buckling of the brace members, in addition to other factors such as changes in frequency and 

magnitude o f the table input motion, and so on.

By replacing Equation 7.43 with an equivalent linear system, which is represented by

ii + 2^ îO)^^u + colu ^  - z  , (Eqn. 7.44)

the temporal equivalent natural frequency cOg, and equivalent damping factor can be estimated by 

ensuring that the square of the error between Equations 7.43 and 7.44 is minimised with respect to 

a chosen measure. Since there are tw'o unknown variables (cô , and <̂,,), two simultaneous equations 

are required. However, for simplicity the damping can be represented by the equivalent viscous 

damping coefficient estimated in Section 7.2, such that the equivalent damping factor ratio is 

given by Equation 7 10.
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A wavelet-based equivalent linearisation technique, proposed by Basu & Gupta (1999a), is 

employed to determine the temporal equivalent natural frequency cOg,. The equivalence is 

established by minimising the difference in local response energy for the nonlinear and equivalent 

linear systems. The instantaneous equivalent natural frequency squared is given by

----------------------------------------------  (Eqn.7.45)

J  O j

in which cOg, is the time-dependent equivalent frequency, aj is the dilation parameter of the basis 

wavelet function for level j ,  and Wiju and Wijg are the wavelet coefficients for level j  at time i for 

the relative lateral frame displacement and restoring force, respectively.

The localised average equivalent frequency for a time interval nx is obtained from

I 'O + n r  1

2 _  J "J
0 + " ! '

I I —
'='0 j

where the signal is recorded at discrete time steps t ,  k  is the time at the start of the period of 

interest, and n is the number of time steps over which the equivalent frequency is averaged. In this 

study, X is 0.0]sec and n is taken as 100.

Thus, the localised averaged time-dependent stiffness can be expressed as

(Eqn. 7.47)

Figure 7.36 shows temporal variations in the stiffness o f the inelastic frame ST2-E50H. The

figure suggests that the frame had very low stiffness for the first 2 seconds. This suggests some 

additional flexibility in the frame, which could be due to lack-of-fit o f the brace members, sliding 

of the base plates, slight movements in the bolted connections, and so on. In fact, during elastic 

tests the natural frequency o f this frame was observed to be lower than frames containing similar 

sized braces, which was attributed to the relatively high lateral deformations induced in these brace 

members on placing them in the test frame (see Chapter 6). For about the first 2 seconds of the 

inelastic test, the ground accelerations were not large enough (<0.2g) to straighten and stretch the 

braces, as indicated by their load history plots in Figure 6.10(b), and hence the initial low stiffness 

displayed by the frame.
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During the strong motion period (from approximately 2.5 -  Isec), the brace members were 

substantially elongated and buckled, as indicated by Figure 7.28(a). Initially, this is reflected in 

high stiffness, as shown in Figure 7.36. However, due to residual deformations and local buckling 

induced in the brace members, the stif&iess of frame reduces. It only increases substantially again 

when the brace is stretched close to the previous maximimi deformation experienced during its 

loading history. This feature of the response was also observed in the quasi-static cyclic tests.

It is noted that is always considerably less than the elastic stiflfiiess k„ (8.7xlO^Mw, Table 7.3). 

In fact, the maximum value of is approximately 25% of this elastic stififiiess, as is the

average stiflfiiess the frame exhibits over a few oscillations. For comparison, the equivalent 

stiffness estimated in Section 7.3 by equating the energy of idealised elastic-plastic and linear 

systems {keq) (Equation 7.20) and the secant stiffness {kse  ̂ at maximum ductility demand (Equation 

7.16) are shown in Figure 7.36. Initially, keq agrees well with . After extensive yielding of the

brace members has occurred (i.e. after approximately Isec), k̂ ^̂  is found to be less than k̂ ec-

Values lower than k̂ ec indicate the very low stiffness of the frame as it oscillates about very low 

storey drifts after extensive elongation of the braces, as noted from the hysteretic load-displacement 

plots in Chapter 6.

2.5E-*06

ST2-E50H
 Energy-equK^errt stiffness keq

Secant stiffness k»c2.0E+08 -

0 5 10 15 20Time (sec) 25 30 35 40

Figure 7.36. Temporal variation of stiffness of Frame ST2-E50H

Figure 7.37 shows the temporal variation in the stifl&iess of Frame ST8-E40H. Similar 

observations can be made for this frame as those made for Frame ST2-E50H. Initially, the stif&iess 

of the frame is low due to additional flexibility in the frame and the low ground accelerations 

(<0.3g). A large peak in the ground acceleration (1.9g) occurs at 2.%sec. This causes an increase in 

stiffiiess of the frame as Brace 1 is stretched significantly, as indicated in Figure 7.29. Only a small 

increase in k^^ is evident in Figure 7.37 at this instance, as the actual stiffness is locally averaged
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over a few cycles, and hence the value for would also contain reduced stiflfiiesses due to

yielding and buckling of the braces. During the strong motion period (from approximately 4 -  

Isec), the brace members are substantially elongated and buckled. Initially, this is reflected in high 

stiffness, as shown in Figure 7.37. However, due to residual deformations and local buckling 

induced in the brace members the stiffiiess of frame reduces. For comparison, the equivalent 

stiffness {keq) estimated by equating elastic energy to the energy of an elastic-perfectly plastic 

system (see Section 7.3) and the secant stiffiiess at maximum ductility (Ar̂ ,) are shown in Figure 

7.37.

Improved estimates of the temporal varying stiffiiess could be obtained by reducing the time 

domain over which the stiflfiiess is locally averaged, and by employing a time-dependent damping 

value in the equivalent linear system.
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Figure 7.37. Temporal variation of stiffness of Frame ST8-E40H 

7.7 SUMMARY

This chapter described the numerical evaluation of the dynamic response of the frames tested. 

Linear and non-linear single degree of freedom (SDOF) systems were employed. The linear SDOF 

systems required equivalent damping and stiffness parameters. The equivalent viscous damping 

values were derived from energy balance between the actual hysteretic behaviour and the damping 

energy of an equivalent linear system. Several different equivalent stiffiiess parameters were 

investigated. The response of the equivalent linear SDOF models was obtained by interpolating the 

excitation function, and alternatively by approximately the derivatives in the system equation of 

motion (step-by-step method). In general, the latter approach gave closer predictions to the 

maximum measured responses, with the models whose stiffiiess was represented by the secant 

stiffness or energy-equivalent stiffiiess leading to the best predictions.

ST8-E50H 
—  Energy-equfvalent stiffness k«g 

S#cant stiffntss ksw

\ /
10 Time (sec) 15 20
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The nonlinear SDOF model, which accounted for material non-linearity through a simplified 

elastic-perfectly plastic load-displacement model, and assumed that the tension brace alone resisted 

the dynamic loading, accurately predicted the response o f  frames subjected to sine ramp input. For 

those subjected to El-Centro, the non-linear model detected initial yielding o f  the brace members, 

but due to its inability to replicate stiffness reduction caused by residual elongations it 

underpredicted the maximum displacement ductility demand o f  the structure. In comparison, 

equivalent linear systems, whose stiffness was modelled by the secant stiffness at maximum 

displacement ductility demand, predicted the measured maximum displacements more closely.

Wavelet analysis was applied to detect changes in the frequency content o f  the response o f the 

frames tested. By comparing ground and response accelerations using wavelet analysis, it was 

possible to identify when these changes were due to a variation in the dynamic characteristics of 

the structure. Furthermore, it was possible to estimate temporal variations in stiffness using a 

wavelet-based equivalent linearisation technique.
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Chapter 8

EXECUTIVE SUMMARY AND CONCLUSIONS.

8.1 EXECUTIVE SUMMARY

The overall objective o f  the research described in this thesis was to evaluate the inelastic dynamic 

behaviour o f steel and composite bracing members under realistic earthquake loads. To achieve 

this, quasi-static and shake table tests were conducted on square and rectangular hollow steel and 

filled composite bracing members. The quasi-static tests were conducted at Trinity College Dublin 

to provide necessary information on the strength, ductility and hysteretic behaviour o f  the bracing 

specimens, and for planning and steering the shake-table tests, which were later performed at the 

National University o f  Athens. Full details o f the testing m ethodology as well as experimental 

results and observations are provided in the body o f the thesis; only a b rief summary is given 

below.

In the complementary quasi-static series, a total o f 49 tests were performed including monotonic 

tension and compression as well as cyclic axial tests on both steel and composite members with 

three different cross-sectional sizes (i.e. 40x40x2.5SHS, 20x20x2.0SHS and 50x25x2.5RHS). The 

length o f the members was also varied to examine a range o f  m em ber slenderness. More 

specifically, the normalised slenderness X o f  the cyclic test specimens ranged from 0.4 to 3.2.

The test specimens were manufactured from cold-formed steel S235JRH, and tensile coupon tests 

were carried out to determine actual material properties. Great care was taken in manufacturing the 

brace specimens to ensure that the base plates were both aligned correctly and parallel after 

welding. No significant relationship between initial profile o f  the specimens and their final 

buckled shape was observed.

In the case o f composite specimens, the hollow members were in-filled with a m ortar material o f 

cement and fine aggregate, which also contained shrinkage reducing and self-compacting 

admixtures. The mix was carefully designed to have high strength, low shrinkage and good 

compaction. Its average compressive and tensile splitting strengths at 28 days were about lAM Pa  

and 2.5MPa, respectively.

Monotonic tensile tests were mainly carried out to verify the adequacy o f the proposed connection 

detail and to determine the yield and ultimate capacities o f  the members. In general, the results 

indicated the adequacy o f the end detail, with failure usually occurring within the unstiffened 

length and with no sign o f deterioration o f the welds. A comparison o f  the behaviour o f  hollow
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and filled specimens under monotonic tensile loading was also carried out, and the findings were 

confirmed using finite element analysis.

Monotonic compression tests were performed to evaluate the compressive capacity and to examine 

the influence of mortar infill on local and overall buckling behaviour. As expected, it was evident 

from the results that the infill increased the buckling resistance of the strut and, more significantly, 

the post buckling capacity.

Quasi-static cyclic tests were conducted on longer hollow and filled specimens with various cross- 

section sizes and lengths. These tests assessed the overall hysteretic behaviour of the brace 

specimens, as well as the influences of member slenderness and infill. The results provided vital 

information on the response and failure mode of the bracing members, and indicated a significant 

dependency on member cross-section size and overall slenderness. Furthermore, the presence of 

the mortar infill had a considerable influence on specimen behaviour, except for members with 

relatively small cross section dimensions. Whilst the results confirm the beneficial effect of infill 

on delaying or preventing local buckling, and in turn the initiation o f fracture, the ductility was 

shown to be related to several failure modes that depend on a number o f inter-related parameters.

The shake table tests were conducted to examine the behaviour of hollow and composite bracing 

members under more realistic seismic loading conditions. The tests examined the response of a 

concentrically braced single storey structure with an overall height o f 2.89w, and plan dimensions 

of 2.70w X 2Alm,  supporting a test mass of approximately 10,000^g. A pair o f brace specimens 

was employed in each test in order to simulate the interaction between the tension and compression 

braces within a frame under actual earthquake excitations. In total, 36 shake table tests were 

conducted on ten pairs o f hollow and filled bracing members with the three different square and 

rectangular hollow cross-sectional sizes employed in the quasi-static tests, i.e., 20x20x2.0, 

50x25x2.5 and 40x40x2.5. For each frame, low-amplitude elastic tests were first performed to 

determine the dynamic characteristics of the test frame, namely its natural frequency, damping ratio 

and dynamic magnification. These were followed by large-amplitude inelastic tests to examine the 

post-buckling and post-yield behaviour of the bracing members. In most cases, the excitation used 

for the inelastic tests was an appropriately-scale natural earthquake record, but sinusoidal ramp 

functions and a synthetic seismic history were also used for comparison.

Elastic dynamic tests were conducted on all specimens. In the case o f the larger sections, i.e. the 

50x25x2.5 and 40x40x2.5 specimens, both a low-level sine sweep and a random input motion were 

utilised. However, for the smaller sections, i.e. 20x20x2, only the random signal was employed. 

For most specimens, a small amplitude version of the record used for inelastic tests was also 

imposed in an elastic test to assess the likely magnification effect. The frames incorporating filled
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braces generally indicated marginally higher natural frequencies than their hollow counterparts but, 

as expected, these results were also sensitive to the magnitude o f  the geometric imperfections 

present in the installed brace specimens.

The inelastic shake table tests supplied direct information on the realistic behaviour o f  the bracing 

members under seismic loading conditions. Several key response parameters were evaluated, and 

where possible, comparisons were made with capacity evaluations obtained from the 

complementary quasi-static tests, and with response predictions made using standard methods. The 

limiting criterion for the bracing members was illustrated in some o f  the tests, in which brace 

failure occurred through fracture o f the cross-section following the on-set o f  local buckling. 

Depending on the section and m ember slenderness level, beneficial effects may be realised by in

filling the hollow braces, which could delay or inhibit local buckling. The tests also indicated that 

bracing members with slenderness exceeding the limits imposed by some seismic codes 

demonstrated generally satisfactory performance. Despite the lower energy dissipation capabilities 

of such braces, there are several practical and design advantages that merit their utilisation.

The dynamic responses o f the frames tested were numerically evaluated by interpolating the 

excitation function, and alternatively by approximating the derivatives in the system equation o f 

motion (step-by-step method). In general, the latter approach gave closer predictions to the 

maximum measured responses. The modelled linear single degree o f  freedom (SDOF) systems 

employed equivalent damping and stiffness parameters. The equivalent viscous damping values 

were derived from energy balance between the actual hysteretic energy and the damping energy o f 

an equivalent linear system. Several different equivalent stiffness parameters were investigated, 

with those based on the secant stiffness or equivalence o f energies leading to the best predictions o f 

the maximum measured responses.

The predicted responses from nonlinear single degree o f freedom systems, which accounted for 

material non-linearity through a simplified elastic-perfectly plastic load-displacement model, were 

also compared to those measured. The model was able to determ ine yielding, but did not account 

for the reductions in strength or stiffness observed in the above tests, which occurred due to 

permanent elongation and local buckling o f  the brace members. However, variations in the 

stiffness o f the frames during earthquake loading were investigated using wavelet analysis. 

Wavelet analysis is a time-frequency analysis tool that can detect changes in the frequency content 

o f a structure’s response. Acceleration response signals recorded during the inelastic shake table 

tests were decomposed into eight frequency bands. The wavelet coefficients within each band 

indicated how well the wavelet function o f that band correlated with the recorded signal. The 

changes in the coefficients observed during the response identified shifts in the frequency content 

o f  the signal. By comparing the wavelet coefficients for the ground and response accelerations, it
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was possible to identify when these changes were due to a variation in the dynamic characteristics

o f the structure. Furthermore, temporal variations in stiffness were estimated using a wavelet-

based equivalent linearisation technique.

8.2 CONCLUSIONS

The experimental and theoretical work undertaken within the scope o f  this research leads to the

following conclusions:

(1)The material properties o f  the steel sections tested did not meet the characteristics recommended 

in the American seismic provision (AISC, 2002). More specifically, the average ratio o f yield 

(0.2% proof stress) to tensile stress o f the steel material was greater than 0.85 for almost all 

coupons tested. Also, the average percentage elongation after fracture (Asomm) o f the coupons 

taken from the 20x20x2.0SHS specimens was lower than that for the other sized specimens, and 

was less than the minimum value o f 20% recommended by ASIC (2002). Despite the relatively 

low ductility o f the steel material, the ductility capacity o f  the cold-formed sections in quasi

static cyclic tests ranged from about 6 to 30, excluding specimens were final failure was 

affected by the connection design.

(2 )The strength, compaction and shrinkage properties o f  the m ortar infill are important if  it is to 

contribute to the resistance and ductility o f the filled composite member. The use o f admixtures 

helps to achieve such a mix design. In this study, the shrinkage reducing admixture Eclipse® 

was found to reduce the shrinkage o f the control mix by 33% after 7 days and 59% after 28 

days, while having a negligible effect on the strength o f  the mortar. On the other hand, the self- 

compacting admixture ADVA Flow® 340 significantly increased both the compression and 

tensile splitting strengths o f  the mortar, without significantly affecting the amount o f shrinkage 

the mortar experiences.

(3) A large number o f short hollow specimens were tested m onotonically in tension, leading to the 

following conclusions:

>  The connection detail was found to be adequate for most specimens. However, failure close to 

the weld was observed for some tests, in particular for all the 20x20x2.OSHS (early fracture o f 

the 3300mm long cyclic specimens o f this section size also occurred). Early fracture and low 

ductility may have a detrimental effect on the performance o f  brace members in earthquakes. 

Therefore, care must be taken to ensure an adequate strength weld around the top o f the stiffener 

plate. If  the adequacy o f  this weld cannot be guaranteed, then it is recommended not to use this 

type o f connection, unless reinforcement is provided in the form o f  steel plates welded to the 

hollow section, increasing the effective area at the reduced brace section.
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> The actual yield strength o f the sections was found to be between 1.19 and 2.21 times their 

nominal yield strengths, with the average and coefficient o f  variation being 1.49 and 0.21, 

respectively. This average is significantly higher than the value o f  1.3 recommended in the 

American seismic provision (AISC, 2002) and exceeds the capacity design factor o f  1.35 

specified in Eurocode 8 (CEN, 2001).

>  On average, cold-forming increased yield and ultimate strength by factors o f  1.11 and 1.08, 

respectively, but this amount was found to vary for different section sizes (for example, the 

factor for the increase in yield strength was 1.23, 1.01, and 1.15 for the 40x40x2.5SHS, 

20x20x2.OSHS and 50x25x2.5RHS sections, respectively). The unexpected low values 

obtained for the 20x20x2.0 sections may have been partially due to softening o f the sections 

resulting from welding, and partially due to part o f  the coupon experiencing cold-forming 

during the manufacture o f the hollow specimen.

>  The observed increases in yield strength due to cold-forming were underestimated by both 

European and American codes for the 40x40x2.5SHS and 50x25x2.5RHS sections. This has 

important implications in the context o f  capacity design, as a safe upper bound on the resistance 

o f dissipative members (including bracing members) is required if  connected elements (such as 

connections or columns) are to be provided with sufficient strength to prevent yielding.

>  A clear trend o f ductility capacity decreasing with increases in steel strength was observed; a 

reduction attributable to the lower fracture strain o f  higher strength steels. The ductility o f 

20x20x2.OSHS specimens was limited due to fracture occurring close to stiffeners. Premature 

failure o f these specimens may have been caused by softening o f  the steel due to welding, lower 

material fracture strain (i.e. lower value), and stress risers at the stiffener.

>  Fracture o f all members initiated on the seam weld or at the com ers, where strain ductility 

capacity is lowest.

(4) Under monotonic tension loading, the presence o f the infill can lead to reduced ductility 

capacity. Numerical analysis confirmed that by preventing ductile necking, the infill causes 

non-negligible hoop stresses to arise in the steel section, and that these increased rapidly after 

yield. These hoop stresses affect the longitudinal fracture strain at failure. The results also 

suggested that the infill may have delayed yielding o f  the specimen and increased its maximum 

tensile resistance.

(5 ) Inward and outward local buckling were observed in hollow compression specimens, whereas 

the mortar in the filled specimens prevented inward local buckling. The change in buckling
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mode, together with the additional compressive resistance provided by the infill, increased the 

buckling capacity of the composite strut, but more so the post-buckling capacity.

(6) Specimens with a wide range of slendernesses and three different bit were examined in quasi

static cyclic tests. The specimen responses were assessed in terms o f compression and tension 

force capacities, failure mode, ductility capacity, energy dissipation and general hysteretic 

behaviour. Particular emphasis was placed on the influence o f infill and member slenderness. 

The following conclusions arise from these tests:

> The buckling resistances of the filled sections were greater than those o f the equivalent hollow 

sections. Infill appeared to improve the buckling capacity o f all members, and also their post- 

buckling resistances, particularly the stockier specimens. As well as providing additional 

compressive resistance, the mortar also prevented or delayed local buckling. These 

observations confirm that cyclic loading, even at large amplitudes, does not negate the structural 

benefits offered by good quality mortar infill.

>  Unfactored design values based on measured material strengths tended to under predict the 

actual buckling resistance of almost all specimens, which if replicated in practice could lead to 

an underestimate of design base shear. For composite members, the section resistance approach 

slightly overestimated the buckling resistance of most specimens, and hence represents the 

upper bound required in capacity design. For the hollow specimens, a similar upper bound 

could be achieved by employing curve ‘b ’ in Eurocode 3 with section, rather than material, 

strength.

>  Once first buckling of the specimens had occurred, their compressive resistance decreased upon 

applying larger compression deformations, or during the second or third cycle at a given 

displacement amplitude. Compression resistance was larger for stockier specimens, but these 

specimens experienced greater reductions in compressive strength in the post-buckling range. 

At low ductility demand levels, the post-buckling compression resistance o f a brace can 

influence the maximum seismic forces acting on the braced frame, while at high ductility levels, 

it affects the axial compression forces in column members. A design rule in the American 

seismic provision (AISC, 2002) appears to provide a safe, if conservative, value when 

considering the latter issue, but it grossly underestimates the resistance at low ductility levels. 

At low slenderness, the normalised post-buckling resistances o f filled specimens were greater 

than those of hollow specimens, implying that relationships proposed in previous studies on 

steel struts (Tremblay, 2002; Nakashima et al, 1992) may underestimate the resistance of 

composite braces.
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>  Beyond the elastic phase, during the first cycle at a new  d isp lacem ent am plitude, both hollow  

and filled specim ens stretched inelastically , causing a perm anent e longation . W hen the m em ber 

was subsequently  com pressed, a lateral deform ation occurred. B ecause the stru t had lengthened 

in tension, a residual lateral deform ation was still presen t w hen the specim en subsequently 

unloaded to its starting point o f  zero axial d isplacem ent. Thus, the beginning  o f  the positive 

phase o f  each cycle involved straightening the strut. G enerally , specim ens did not return to 

being fully straight until the m axim um  am plitude o f  positive d isp lacem ent w as reached. This 

behaviour accounted for the apparent reductions in brace stiffness and m axim um  tension load 

displayed in the later cycles o f  the m easured hysteresis curves. Specim ens w ith interm ediate 

slenderness ( A  o f  0.9 -  1.3) suffered greater reductions in peak tensile load, as these 

experienced large lateral deflections w hen com pressed and sign ifican t inelastic tension straining 

in the plastic hinges upon re-straightening. Furtherm ore, these specim ens buckled  biaxially, 

w hile all o ther specim ens buckled uniaxially , except for the 3300m m  long 20x20x2.OSHS 

specim ens, w hich fractured prem aturely. It w as also noted that the infill appeared to im prove 

the tensile capacity o f  the less slender com posite brace m em bers.

>  To prevent inadvertent y ielding in non-dissipative parts o f  the structure, an accurate estim ate o f  

the ultim ate tensile capacity o f  brace m em bers is essential. The u ltim ate tensile resistance o f  

the cyclic test specim ens generally  exceeded the yield strengths o f  the cross-section  by about 

20% . M oreover, in both m onotonic and cyclic tests, this m argin  w as alw ays slightly  greater for 

the com posite specim ens. H ence, additional caution, expressed  in term s o f  the overstrength 

factor em ployed, should be exercised i f  the design tension capacity  o f  a filled brace is based on 

the resistance o f  the steel section only.

>  N o clear trend w as observed betw een ductility  capacity  and w id th-to-th ickness ratio, probably 

because o f  the small range o f  values assessed. H ow ever, the ductility  capacities o f  the 

50x25x2.5RHS specim ens w ere higher than those o f  the 40x40x2 .5SH S specim ens because the 

stiffer w ebs o f  the rectangular section im proved the local buckling  resistance o f  the flanges.

>  W hen proper allow ance w as m ade for the actual yield  strengths o f  the d ifferent specim ens, the 

ductility capacity  o f  both hollow  and filled specim ens w as observed  to increase w ith m em ber 

slenderness. F illed specim ens also  generally  d isplayed h igher ductility  capacities. H ow ever, no 

im provem ent w as noted for the m ost slender specim ens because local buckling  did not occur 

due to their low section slenderness.

>  N o significant difference was observed betw een the am ount o f  energy dissipated  by hollow  and 

filled specim ens. The total am ount o f  energy dissipated  by both filled and hollow  specim ens 

decreased w ith increase in slenderness.
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(7) Shake table tests were devised, under the constraints o f  the experimental set-up, to obtain 

essential experimental data on the inelastic dynamic response o f steel and composite bracing 

members under earthquake loads. The following items were noted from these tests:

>  The elastic tests indicated average fundamental natural periods o f  vibration o f  about 0.26, 0.18 

and 0.16 seconds for the frames with 20x20x2.0, 50x25x2.5 and 40x40x2.5 braces, respectively. 

The typical critical damping ratio obtained in the elastic tests was just over 3%. The 

fundamental period o f vibration o f the frames tested was proportional to the slenderness o f their 

brace members and inversely proportional to their section size, although some scatter was 

observed in the results, which was largely due to the effect o f  different tension or compression 

forces in the braces after installation in the test rig.

>  Although the induction o f preloads in the brace specimens upon installation within the test 

frame altered the natural frequency and elastic stiffness o f the frame significantly, this did not 

seem to otherwise affect the response o f the frame in inelastic tests. On the other hand, the 

relatively high tension loads induced in braces o f  Frame ST5-E20H-B appeared to have 

encouraged a more symmetric response, compared to that o f  sim ilar frames (e.g. ST6-E20F). 

Accidental pre-loading or initial deformations did not affect brace ductility capacity.

>  Whilst a degree o f asymmetry is unavoidable due to the nature o f  seismic loading, ensuring that 

the braces provide a balanced response in both directions can m itigate this effect. Although this 

is addressed by seismic codes through requirements for consistency in m ember angle and cross- 

sectional area, it was shown that unintentional discrepancies in the actual material strength may 

also have a notable influence on frame response.

>  Whenever brace members experienced permanent elongation during an inelastic test, its 

stiffness reduced significantly and the flexibility o f  the frame increased. This reduction in 

stiffness is attributable to the presence o f  residual deformations, and the stiffness only increases 

again substantially when the brace is stretched close to the previous maximum deformation 

experienced during its loading history. This behaviour was also observed in the quasi-static 

cyclic tests.

>  The maximum tensile strengths o f the brace members exceeded their nominal design values due 

to higher yield strengths, strain hardening and strain rate effects. It was observed that the 

maximum brace tensile forces recorded in the tests were more than 40% and 10% higher than 

those estimated using the actual static yield and ultimate material strengths, respectively. This 

was mainly attributed to strain hardening and strain rate effects. In fact, the difference was 

greatest for the most slender specimens, which experienced the highest strain rates. In design
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calculations based on nominal yield strength, an appropriate evaluation of overstrength should 

also account for the possibility of higher actual yield strengths. To account for all sources of 

overstrength, codes o f practice usually specify strength enhancement coefficients, typically 

ranging between 10% and 35%, depending on the code (Elghazouli, 2003). According to this 

test series, it appears that a value of 35% is appropriate for use in conjunction with the actual 

(rather than nominal) yield strength. If significant discrepancy is expected between the actual 

and nominal properties, this should be reflected in a higher overstrength coefficient. Design 

code procedures for estimating the effect of cold-forming on yield strength should also be 

employed if test data on section tensile resistance are not available.

> The test results indicated that the actual storey shear can exceed that derived from the tensile 

capacity o f the tension brace by up to 40%. This is a consequence o f the contribution from the 

compression brace alongside other factors. Combining the resistance o f the tension and 

compression member provides a good upper bound on maximum storey shear, which can be 

used in the design o f non-dissipative members, such as beams and columns, while the 

monotonic tensile response alone provides a lower bound.

> In a building subjected to earthquake loading, the highest storey shear is developed when the 

tension brace yields just after the compression brace has buckled. The results of this study 

suggest that the resistance of the frame can be estimated from the tensile strength of the tension 

brace plus 30% of the compressive brace buckling capacity for braces with slenderness X 

between 1.5 and 2.4. On the other hand, for the very slender brace members ( A > 2.4) the post- 

buckling resistance o f the compression brace can be ignored.

> The response o f the member in the quasi-static cyclic tests provided a very good prediction of 

the brace response in a frame under earthquake loading, with similar shaped loading and 

unloading paths evident for both cases. On the other hand, maximum storey shear was 

overestimated by the quasi-static cyclic test results. Combining the monotonic tensile response 

of the tension brace and the compression resistance o f the other brace provided a good upper 

bound envelope, which can be used in the design o f non-dissipative members, such as beams 

and columns. The lateral resistance of the frames were less than this upper bound envelope due 

to initial imperfections in the bracing members, tensile strength deterioration due to plastic 

hinges forming, cyclic loading, and so on. The monotonic tensile response alone provided a 

lower bound on storey shear.

> The experimental results indicate that conventional approaches for evaluating ductility demand 

from estimated or assumed behaviour factors provided reasonably accurate predictions.
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irrespective o f m ember slenderness. In other words, the use o f  braces with very high 

slenderness ratios did not lead to disproportionably large frame displacement demand.

> In two tests, ductility capacity was limited by brace failure through fracture o f the cross-section 

at the locally buckled regions. The susceptibility to this type o f  failure increases for members 

with relatively low slenderness, and depends on the width-to-thickness ratio o f  the cross-section 

components. Although infilling the braces can inhibit this failure by delaying local buckling, 

the balance o f this benefit depends on the width-to-thickness ratio, as well as member 

slenderness.

>  Whereas the test results indicated that more slender braces may perform better in terms o f 

ductility capacity, as limited by local buckling and fracture, seismic codes (for example, CEN, 

2001; AISC, 2002; CSA, 1994) usually impose an upper limit on X which can typically be as 

low as 1.3 or 1.5. The purpose o f  this upper bound is norm ally to prevent elastic buckling and 

reduce the effects o f  pinched loops, low energy dissipation and sudden loading. However, the 

adoption o f such low limits o f  X can often become the controlling factor in the dimensioning o f 

all frame members, leading to grossly uneconomic design. In the experiments described in this 

thesis, bracing members with X o f  at least 3.0 exhibited generally satisfactory behaviour. 

Together with the potential increase in ductility capacity, as well as likely impact on design 

economy, this result supports some relaxation in the slenderness limits specified in design 

codes.

(8) The shake table experiments were not conducted in isolation, but were compared to the results 

o f  analytical studies. The dynamic responses o f linear SDOF systems with equivalent damping 

and stiffness values were compared to the measured responses. The maximum responses o f the 

equivalent linear SDOF systems whose stiffness were represented by the secant stiffness or a 

stiffness based on an equivalence o f  energies predicted the measured maximum responses more 

closely than those whose stiffness are given by the elastic stiffness o f  the frame or by the 

tension diagonal only. Furthermore, these models better predicted the actual response o f the test 

frames than did values obtained from spectral analysis.

(9) Non-linear SDOF systems, which accounted for material non-linearity through a simplified 

elastic-perfectly plastic load-displacement model, and assumed that the tension brace alone 

resisted the dynamic loading, were also employed to predict the inelastic dynamic response o f 

the test frame. The models accurately predicted the response o f  the frames subjected to sine 

ramp input. For those subjected to the El-Centro record, the nonlinear model detected the initial 

yielding o f the brace members and a good approximation o f  the response was obtained for the 

first 5sec. However, the loading and unloading paths o f  the model always remained parallel to
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the initial elastic loading path, and so stiffness degradation was not accounted for. In addition, 

the model did not account for strength degradation.

(lO)Wavelet analysis allowed the instances when changes in the frequency response o f the 

structure occurred due to yielding and buckling o f the brace members to be identified. 

Furthermore, the extent the frequency changed could be determined. The results suggested that 

damage detection in buildings may be possible by comparing the ground and storey responses 

using wavelet analysis. Furthermore, temporal variations in stiffness can be estimated using a 

wavelet-based equivalent linearisation technique. The findings agreed with those observed in 

the tests.

As can be seen from the conclusions made in this section, cold-formed hollow structural steel 

bracing members are very effective at resisting earthquake loading. Furthermore, improved 

performance can be achieved through the use o f mortar infill, especially with larger section sizes. 

The experimental results represent clear evidence that brace members with slenderness values 

exceeding the limits imposed by seismic codes can demonstrate satisfactory performance.

8.3 RECOMMENDATIONS FOR FURTHER WORK

This research mainly focussed on furthering the understanding o f  the response o f  brace members to 

earthquake loading through experimental studies. Although an attempt has been made, within the 

scope o f the current research, to cast more light on the problems related to seismic loading o f brace 

members, there remains much scope for further research. In particular, it would be desirable to 

examine the following areas in more detail:

(1)Test larger section sizes, with larger bit ratios, in quasi-static cyclic tests to investigate the 

influence o f infill on the response o f  members susceptible to early local buckling.

(2) Extend the finite element analysis conducted in this study to investigate the behaviour o f  filled 

members under monotonic compression and cyclic loading.

(3)Extend the experimental and analytical work already completed on the monotonic tension 

response o f filled sections to investigate the member parameters which lead to the greatest 

reductions in ductility capacity or increases in resistance.

(4) Investigate the compression resistance o f  brace members subjected to dynamic cyclic loading. 

For example, isolate a fixed-ended brace member and investigate the effect o f  suddenly loading 

it into compression from an initial pre-tensioned state. Shake table test results in this study have
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suggested that this m ay cause the brace m em ber to experience a com pressive load greater than 

its elastic buckling capacity.

(5) Investigate the influence on fram e response o f  pre-tension ing  in brace m em bers. From  the 

lim ited experim ental results available in this study, p re-tension ing  the braces appears to 

encourage a sym m etric drift response by the fram e. H ow ever, p re-tension ing  the braces did not 

appear to greatly  reduce ductility  dem and, but m ay have reduced the problem s associated w ith 

sudden loading/unloading o f  slender brace m em bers.

(6) Investigate cross bracing, w hich intersects at m id-length , to  exam ine the restrain t im posed by 

the tension brace on the com pression brace. M ore specifically , the effective length o f  the 

com pression brace could be investigated, w hich w ould  be sign ifican tly  d ifferent for in-plane 

and out-of-plane buckling.

(7) A m ore accurate nonlinear SD O F m odel could be em ployed w ith the loading path determ ined 

by the secant stiffness {ksec) and the unloading path fo llow ing the initial elastic fram e stiffness 

{k„ ), w here the secant stiffness is given by ksec =  k j \ x . ,  in w hich the ductility  is the m axim um  

ductility o f  the loading history.

(8) In the equivalent linear system , em ploy tem porally-vary ing  equivalen t natural frequency and 

dam ping values, rather than using constant equivalent values. T hese can be determ ined using 

the w avelet-based linearisation technique, proposed by Basu &  G upta (1999a).

(9) Investigate o ther aspects affecting fram e response using w avelet analysis, such as prestressing, 

the presence o f  infill, and so on.

(10) In addition to the im m ediate observations m ade regard ing  im portan t m aterial, geom etric, 

loading and response param eters, the experim ental resu lts ob tained  in this testing program m e 

provide considerable and essential data for the validation and calibration  o f  nonlinear analysis 

program s. These should focus on capturing the com plex asym m etric axial force-deform ation 

response o f  the bracing m em bers, and representing this w ith in  global fram e tim e-history 

analyses. W ithin the overall research  program m e o f  w hich th is study form ed part, activity in 

this direction is underw ay elsew here. This w ill enable analytical investigations o f  a w ider range 

o f  fram e and m em ber param eters, w hich in turn w ill facilitate  m ore reliable and w ell-founded 

assessm ents and im provem ents to  recom m ended design practices.
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A.1 SHRINKAGE TESTS

Shrinkage test o f  m ortar to  prEN  1015-13:1993 {M ethods o f  test f o r  m ortar fo r  m asonry P art 13 
D eterm ination o f  d im ensiona l stability  o f  hardened  m ortars.)

Location of tests: Concrete lab. Dept, of Civil, Structural & Environmental Engineering, Trinity College 
Dublin.

Tests conducted by: Jamie Goggins

Mix identification; Mix C2 (self compacting agent and shrinkage reducing agent)

Date and time of moulding: BATCH A: 24* July 2002, 11:05am
BATCH B: 24““ July 2002, 3:00pm

Time between mixing and moulding: approx. 15 mins

Description of sample:
Design mix Hi {BS4451: Part 1: 1998, Table 4):

BATCH A: cement 10.04^g (22.8% of dry mass)
Fine aggregate (sand) 34.0^g (77.2% o f dry mass)
Water 5.10^g (water cement ratio = 0.53)
Self compacting admixture (ADVA Flow 340) 0.1 OOZ, (1% volume by weight of 
cement)
Shrinkage reducing admixture (Eclipse) 0.216Z, (2% weight by weight o f cement) 

BATCH B: cement 9.30kg (22.8% of dry mass)
Fine aggregate (sand) 31.49% (77.2% o f dry mass)
Water 5.10%  (water cement ratio = 0.53)
Self compacting admixture (ADVA Flow 340) 0.093Z, (1% volume by weight of 
cement)
Shrinkage reducing admixture (Eclipse) 0.200L (2% weight by weight of cement) 

Normal bag Portland cement used.

Number of test specimens: 3

Preparation and storage conditions:
Initially stored in plastic bag for 2 days at 2Q°C ± 2°C.
After demoulding, stored at temperature of 20"C ± 2°C and relative humidity o f between 70% RH and 82% 
RH. (humidity and temperature noted daily). The specimens were stored upright on stands such that 
continuous readings o f the variation in their length could be taken.

Date of demoulding and testing: 26“’ July 2002, 3pm (Batch B)

Test results:
Original length o f specimen: 
Length variation on demoulding: 
Length variation after 28 days:

160.4 mm
mm
mm

160.4 mm
mm
mm

160.4 mm
mm
mm

Mass of specimen; A1 A2 A3
on demoulding: * 540 g 545 g 550 g
after 7 days g g g
after 14 days g g g
after 28 days 517.8 g 518.5 g 523.7 g

Dial sause readinss (mm), temp (^C). humidity {%): 
See attached pages

Remarks:
P.T.O.
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Remarks:
Tamping rod is made from white nylon, 26mm in diameter and with a length of 4Qlmm. The mass o f the 
tamper is 250g.
* Mass measured to ± 5g.

Specimens made from Batch B.

Smooth, well compacted, uniform consistency.
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Shrinkage test o f  m ortar to prE N  1015-13:1993 {Methods o f  test fo r  mortar fo r  masonry Part 13 
Determination o f  dimensional stability o f  hardened mortars.)

Mixture Identification: Mix C2 (ADVA Flow 340 & Eclipse added, w/c ratio =0.53)
Date o f moulding: 24"’ July 2002
Date of testing: 26“’ July 2002

Specimen identification: A1 A2 A3
Dial gauge readings on calibration rod (steel): 3.000 mm 4.400 mm 1.200 mm
Dial gauge readings on specimen after demoulding: 3.097 mm 4.654 mm 1.322 mm
Length variation on demoulding: mm mm mm

A1 A2 A3
Dimensions on L b d L b d L b d
demoulding(/w/«)

160.4 40.0 40.0 160.4 40.0 40.0 160.4 40.0 40.0

Day & date Time

In
iti

al

Dial gauge reading(/?7/«) Present Max Min
Specim

en
Cl

Specim
en
C2

Specim
en
C3

Tem p
C O

Hum
(%)

Tem p
C O

Hum

(%)
Temp
CO

Hum

(%)

Wed,24/07/02 15:00 JG
Thur,25/07/02
Fri,26/07/02 11:05 JG 3.097 4.654 1.322 19.9 77
Sat,27/07/02 16:37 JG 3.090 4.652 1.322 19.3 79 19.9 79 19.2 75
Sun,28/07/02
Mon,29/07/02 08:10 JG 3.086 4.651 1.318 19.2 79 19.4 79 19.1 78
Tues,3 0/07/02 11:50 JG 3.082 4.646 1.312 19.5 79 19.5 82 19.2 79
Wed,31/07/02 12:45 JG 3.075 4.638 1.306 19.5 75 19.8 80 19.4 74
Thur,01/08/02 15:25 JG 3.069 4.632 1.300 19.6 80 19.7 80 19.4 75
Fri,02/08/02 16:45 JG 3.068 4.632 1.298 19.7 81 19.7 81 19.6 80
Sat,03/08/02 17:20 JG 3.0645 4.629 1.296 19.5 80 19.7 81 19.4 80
Sun,04/08/02 18:00 JG 3.0615 4.626 1.292 19.3 80 19.6 81 19.3 80
Mon,05/08/02
Tues,06/08/02 08:40 JG 3.057 4.6215 1.2885 19.3 81 19.4 81 19.2 80
Wed,07/08/02 12:40 JG 3.053 4.619 1.2865 19.4 82 19.4 82 19.2 80
Thur,08/08/02
Fri,09/08/02 10:30 JG 3.048 4.613 1.281 19.4 73 19.5 82 19.3 73
Sat, 10/08/02
Sun, 11/08/02
Mon, 12/08/02 11:03 JG 3.035 4.600 1.262 19.1 70 19.5 74 19.1 69
Tues, 13/08/02 11:06 JG 3.033 4.598 1.260 19.5 76 19.5 76 19.1 68
Wed, 14/08/02 12:00 JG 3.0325 4.597 1.255 20.0 78 20.0 80 19.5 76
Thur, 15/08/02 14:27 JG 3.0325 4.597 1.251 19.6 72 20.1 78 19.6 72
Fri, 16/08/02 09:10 JG 3.031 4.597 1.2495 19.6 72 19.7 73 19.6 71
Sat, 17/08/02
Sun, 18/08/02
Mon, 19/08/02 08:00 JG 3.029 4.597 1.248 19.6 75 19.8 75 19.6 72
Tues,20/08/02 10:45 JG 3.027 4.594 1.244 19.8 74 19.8 75 19.5 71
Wed,21/08/02 12:27 JG 3.024 4.590 1.242 20.0 73 20.0 75 19.6 72
After test:
Steel Cal rod 12:27 JG 3.005 4.405 1.076 20.0 73
Nylon Cal rod 12:27 JG 3.138 4.560 1.241 20.0 73
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A.2 COMPRESSION TESTS

D eterm ination o f  com pressive strength o f  m ortar to B S4551: Part 1: 1998 {M ethods o f  testing  
mortars, screeds a n d  p lasters. P art I  P hysical testing.)

Location of tests: Concrete lab, Dept, of Civil, Structural & Environmental Engineering, Trinity College 
Dublin.

Tests conducted by: Jamie Goggins

Mix identification; Mix C2 (self compacting admixture plus shrinkage reducing admixture)

Date and time of moulding: BATCH A: 24"' July 2002, 1 1:05am
BATCH B: 24“’ July 2002, 3:00pm 

Time between mixing and moulding: approx. 15 mins

Description of sample:
Design mix Hi {BS4451: Part I: 1998, Table 4):

BATCH A: cement 10.04% (22.8% of dry mass)
Fine aggregate (sand) 34.0kg (77.2% o f dry mass)
Water 5.10% (water cement ratio = 0.53)
Self compacting admixture (ADVA Flow 340) 0.1 OOZ, (1% volume by weight of 
cement)
Shrinkage reducing admixture (Eclipse) 0 .216A (2% weight by weight o f cement) 

BATCH B: cement 9.30kg (22.8% of dry mass)
Fine aggregate (sand) 31.49% (77.2% of dry mass)
Water 5.10%  (water cement ratio = 0.53)
Self compacting admixture (ADVA Flow 340) 0.093Z. (1% volume by weight o f 
cement)
Shrinkage reducing admixture (Eclipse) 0.200L (2% weight by weight o f cement) 

Ordinary bag Portland cement used.

Number of test specimens: 6

Preparation and storage conditions:
Initially stored in a plastic bag for 2 days at 20“C ±  2°C.
After demoulding, test specimens immersed in water at a temperature o f 20“C ± 1°C and kept there until 
Im ins before testing. The specimens were supported so as to allow water free access to all parts o f the 
specimen.

Test results:
Cube
No.

Date of 
demoulding

Time Mass 
(kg) *

Date of 
testing

Time Mass 
(% ) *

Loading
rate
{N/(mm^.s))

Compressive
strength
{N/mm^)

Cl 26/07/02 09:30 2.130 31/07/02 14:20 2.165 0.04 17.22
C2 26/07/02 09:35 2.125 31/07/02 14:28 2.160 0.04 17.86
C3 26/07/02 09:45 2.115 31/07/02 14:37 2.145 0.04 18.29
C4 26/07/02 09:40 2.115 21/08/02 12:20 2.155 0.04 23.50
C5 26/07/02 09:48 2.125 21/08/02 12:37 2.165 0.04 24.91
C6 26/07/02 09:55 2.130 21/08/02 12:51 2.180 0.04 25.05

Average compression strength at 7days: 17.8 N/mm^
2%days\ 24.5 N/mrri^

Remarks:
P.T.O.
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Remarks:
Notes: '* Report to the nearest 0.05 N/mm^.

Report to the nearest 0.1 N/mm ^.
* Mass measured to ± 5g.

Mixer not large enough to m ake enough mortar needed for all the tests and to fill the 6 hollow sections that 
are being sent to Athens. Therefore, two batches o f  mortar o f  the same mix proportions were made.

Cubes C l, C2 & C4 are made from Batch A.
Cubes C3, C5 & C6 are made from Batch B.

Not many bubbles from cubes when first put into tank!

M ortar looks well com pacted, no segregation and uniform throughout.
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A.3 TENSILE SPLITTING TESTS

D eterm ination o f  tensile sp litting strength o f  m ortar to BS EN  12390-2:2000 {testing hardened  
concrete  -  P art 6: Tensile sp litting  strength o f  test specim ens.)

Location of tests: Concrete lab, Dept, of Civil, Structural & Environmental Engineering, Trinity College 
Dublin.

Tests conducted by; Jamie Goggins

Mix identification: Mix C2 (self compacting agent and shrinkage reducing agent)

Date and time of moulding: BATCH A: 24"’ July 2002, 11:05am
BATCH B: 24* July 2002, 3:00pm 

Time between mixing and moulding: approx. 15 mins

Description of sample:
Design mix Hi {BS445I: Part I: 1998, Table 4):

BATCH A: cement 10.04^g (22.8% of dry mass)
Fine aggregate (sand) 34.0^g {112%  o f dry mass)
Water 5 .10/:g (water cement ratio = 0.53)
Self compacting admixture (ADVA Flow 340) 0.1 OOZ, (1% volume by weight of 
cement)
Shrinkage reducing admixture (Eclipse) 0.216/, (2% weight by weight o f cement) 

BATCH B: cement 9.30kg (22.8% of dry mass)
Fine aggregate (sand) 31.49kg (77.2% o f dry mass)
Water 5.10kg (water cement ratio = 0.53)
Self compacting admixture (ADVA Flow 340) 0.093Z, (1% volume by weight of 
cement)
Shrinkage reducing admixture (Eclipse) 0.200Z, (2% weight by weight of cement) 

Ordinary bag Portland cement used.

Number of test specimens: 6

Preparation and storage conditions:
Initially stored in a plastic bag for 2 days at 20"C± 2“C.
After demoulding, test specimens immersed in water at a temperature o f 20°C ± 1"C and kept there until 
Im ins before testing. The specimens were supported so as to allow water free access to all parts o f the 
specimen.

Test results:
Cylinder
No.

Date of 
demoulding

Time Mass
{kg)*

Date of 
testing

Time Mass 
{kg) *

Loading
rate
N/fmm^.s)

Force,
F(kAO

Splitting
strength
{N/mm^)

Cl 26/07/02 10:00 3.325 31/07/02 14:47 3.375 0.04 51.5 1.64
C2 26/07/02 10:07 3.325 31/07/02 14:57 3.370 0.04 48.1 1.53
C3 26/07/02 10:30 3.250 31/07/02 15:03 3.355 0.04 44.4 1.41
C4 26/07/02 10:22 3.355 21/08/02 11:34 3.425 0.04 83.2 2.65
C5 26/07/02 10:37 3.450 21/08/02 11:50 3.545 0.04 60.2 1.92
C6 26/07/02 10:40 3.260 21/08/02 12:05 3.370 0.04 66.8 2.13

Average tensile splitting strength at Idays: 1.53 N/mm^
l^days: 2.23 N/mm^

Remarks:
P.T.O.

300



A p p en d ix  A

Remarks:
Notes: Report tensile splitting strength to the nearest 0.05 N/mm^.
* Mass measured to ±  5g.

Mixer not large enough to m ake enough m ortar needed for all the tests and to fill the 6 hollow sections that 
are being sent to Athens. Therefore, two batches o f  mortar o f  the same mix proportions were made.

Cylinders C l, C2 & C4 are m ade from Batch A.
Cylinders C3, C5 & C6 are m ade from Batch B.

Bottom sixth o f  cylinders C2 and C4 slightly darker than the rest o f  the cylinder.

Few bubbles out o f  cylinders when first put into tank.

M oisture lying on surface when cylinders taken out o f  curing tank. The excess m oisture was rubbed o ff with 
a paper towel prior to weighing and testing.

C5 needed to be trimm ed slightly as it w ouldn’t fit into the jig!

In all tests, cylinders split straight down the middle.
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Appendix B 

DETERMINATION OF YOUNG’S MODULUS.

Calculation of Young’s modulus E  from tensile coupon tests:

The slope of the force-displacement curve obtained in coupon tests is equal to EAIL, where L was 

taken as the gauge length, Lo, and A was measured prior to each test. The force was measured 

using a load cell, while the displacement was measured using a calibrated extensometer of gauge 

length 50mm. A full description of the coupon tests and the results obtained are presented in 

Section 3.3.1.

Calculation of Young’s modulus E  using strain gauge results;

The strains measured at mid-height o f the specimens were plotted against the measured load, and 

the slope of these curves, when divided by the actual cross-sectional area, yielded the Young’s 

modulus. The results from a number of strain gauges were averaged to give the values in Table 

B. 1. Suitable strain gauge readings were only available for four tests.

Calculation of Young’s modulus E  from the axial load-displacement graphs of monotonic 

tensile test specimens:

Assuming that Young's modulus, E  is the same for both the stiffeners and the hollow section and if 

5t is the total axial deformation o f the specimen (obtained from LVDT readings), then

5j  — +  5 2

5 j  -
P L  P U

Â E AjE

Unstiffened area  ̂
Ai

S t = ~
E

: . P  = E
A^A2

V7ZZZZZZ22ZZ

\L^Aj + ^2-^1 y

Stiffened area = 
A2

where 8 | and 82 are the axial deformations occurring over the stiffened and unstiffened 

parts of the specimen respectively,

L\ and Lj are the lengths o f the stiffened and unstiffened parts o f the specimen respectively, 

and P  is the total axial force applied to the specimen (i.e. readings from internal load cell).

f  ‘ ‘ ^
Hence, the graph of axial load P  against axial deformation Sj has a slope o f E

A\A2

V -^1^2 +  -^2^1 J
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The results from the coupon tests suggest low values for Y o u n g ’s m odulus, ranging from 

\Q\kNlmn?  to l82kN/mm^, w ith  an average o f  \29kN/mm^. The Y o u n g ’s m odulus values 

com puted from  the strain gauge results for the first tw o tests, T SS1-40H  and T SS2-40H , agree w ith 

those obtained from  the coupon tests, but not for the second tw o tests, T SS3-40H  and TSS4-40H . 

The Y oung’s m odulus values calculated from  the load-displacem ent graphs are consistently  very 

low, indicating that deform ation occurred in the test rig. T his in turn casts doubt on the relevance 

o f  the absolute d isplacem ent response values obtained in the tests.

Table B.l Calculated values for Young’s modulus for monotonic test specimens.

Specimen Steel
ID

SHS
Area

Steel/
Composite

Coupon
E (kN/mm^)
Strain
gauges

P-5 graph

TSS1-40H AO 357 Steel 128 126 24
TSS2-40H AO 357 Steel 128 108 36
TSS3-40H A5 365 Steel 144 215 56
TSS4-40H A5 365 Steel 144 216 56
TSS5-40H A1 365 Steel 125 57
TSS6-40H A2 357 Steel 125 56
TSS7-40H A3 351 Steel 116 57
TSS8-20H CO 135 Steel 133 41
TSS9-20H CO 135 Steel 133 42
TSS10-20H Cl 134 Steel 133 51
TSS11-20H Cl 134 Steel 133 55
TSS12-20H C2 135 Steel 107 52
TSS13-20H C3 133 Steel 112 62
TSS14-20H C4 136 Steel 182 52
TSS15-50H BO 337 Steel 149 60
TSS16-50H BO 337 Steel 149 59
TSS17-50H B4 333 Steel 121 60
TSS18-50H B4 333 Steel 121 64
TSS19-50H B1 335 Steel 118 58
TSS20-50H B2 333 Steel 101 59
TSS21-50H B3 334 Steel 109 59
Mean
COV

129
0.14

167
0.35

53
0.18
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TEST SET-UP AND DETAILED DRAWINGS.

C.1 DETAIL DRAWINGS.

C.2 SHOP DRAWINGS.

C.3 MODIFICATIONS TO TEST RIG.
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200nn dtan x  20nn t k  f \ a t  p la te  
<lno. re q u ire d  p e r  bea«)

I  X PLT12

jg  ho le s  ♦
IB  on «1S00 20 0 '

PlanS e c tio n  C -  C

1 REQUIRED AS DRAWN MARKED B5
S ilf^ e n e rs  nodPWd ---------
FM let «e<d t o  CHS ^ r e o s e d  to DRAWN J.G. 06 / 0 8 /0 2JG D e p a rtn e n t o f  Civil, S t r u c tu r a l  & E nvlro nnenta l 

Engineering

TRINITY CQLLEGE DUBLIN
CHECKED B.B. 07 / 0 8 /0 2

GENERAL NOTES
« X  WELDS » r<  CONTINUOUS FILLE7 UNO 
HOLE D IM  »S INDICATED DN DVG 
S T O X  GRADE S275 UNO 
AU- MOLDING DOWN BOLTS GRADE 0 8  L»C

PROJECT

Selsnic Behaviour o f  S te e l ond 
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u o T u n n  vu i/' ncL lo u rT ^ r^ ro u  ‘ Colunn CCIVHP l^OM x 18U
(4 no. r e q u i r e d  f o r  f r a m e )

KC 160H X 180 <i no* r« q u k ^ d  p e r  co lu n n )

e q u i r e d  fc (̂7 ,3  f ra m e ) , flSAK
________ |<MM) I M2

WEIGHT 
KG____

•PLT14

200 X 180 K SOnrt t k  f l a t  p la t *  
<2 r*o. r e q u ire d  p * r  co*«>«n)

2  X PLT13

50pm t k  n<xt p la te  
<2 no. re q u ire d  p e r  co(unn> 

2  K P L H 4

i S

J5.

JfiQ. -PLT13

PLT14

PLTi:

[■ • M .U _ 2 D ^ P L T 1 4  

P lan 
< S ection  A -  A)

Cnd vfe»

4 REQUIRED AS DRAWN MARKED Cl

Length o f  cdunn  
Increased to  2374nn CLIENT

ECDLEADER
DRAWNJG J.G.10/ 1 2 /0 2 06 /08 /02 D e p a rtn e n t o f  Civil, S t r u c t u r a l  t Environm ental 

Engineering

TRINITY COLLEGE DUBLIN

CHECKED B.B. 07 /08 /02

GENERAL NOTES
ALL VCLDS 8r»n CONTINUOUS r iL L E T  UNO 
« X E  DIAM AS INDICATCD ON DWG 
STEEL GRADE S2 75  UNO 
ALL HOLDING DOWN BOLTS GRADE 8.8 UNO

PROJECT
Selsnic Behaviour o f  S te e l and 
Conposl'te Bracing Menbers DVG No.SCALE JOB No REV

TITLE
F ra n e  S tee lw o rk

REV BY ROOlNTSDATE DETAILS
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H*Ric ISIZE TSBXBT" pWTTWiaSRCATwFICHT 
|<MM) |H2 kg

w 75X20TLAT Is27̂ t I0.58 m .3
TOTAL 0.58 1U.3

B r a c e s
( 4  n o ,  r e q u i r e d  f o r  f r a m e )

3075 X 75 X 20«« f l a t  pAoite Cl no. p«qufc“ed p e r brace>

3.075 Lq

1.537,5

AU holes 18nn dian.

4 REQUIRED AS DRAWN MARKED D1

CLIENT DRAWN J.G. 0 6 / 0 8 / 0 2
ECDLEADER

CHECKED B.B. 0 7 / 0 8 / 0 2

PROJECT GENERAL NOTES

Selsnic B ehav iou r o f  S te e l and 
C onpos ite  B ra c in g  M enbers HOLE DIAM AS INDICATED ON DVG 

STEEL GRAK S275 UNO

REV BY DATE DETAILS TITLE
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— IHUM HAILUIAL L l i r H I T ■■‘W 9 T J L V  ■ —
size IGRAK LCNCTHlrte

(MM) 1 H8
v e io t )
S'? •J1 iM a  X 171 IS3S5 ^  l l 0.21rauL dJi 71 1

'P in n e d '  C o n n e c t io n  <J1) HE 180A x 171 
(4  No. r e q u i r e d  f o r  f r a n e )

^  180A X 171 <t n a  r e q i i r v d  p * r  connec tion )

E le v a t io n

K> c
C i 1 1C
a

--- ------------------ J-------

0  m
c :

n

l a n

Plan

8 REQUIRED AS DRAWN MARKED J1

A JG 1 0 /1 2 /0 2 In c re a s e d  no. 
re a u ire d  t o  8

CLIENT

ECDLEADER

DRAWN J.G. 0 6 /0 8 /0 2

1
D e p a r tn e n t o f  Civil, S t r u c t u r a l  E n v iron m en ta l 

E ng ineeringCHECKED B.B. 0 7 /0 8 /0 2

PROJECT

Selsnlc B ehav iou r o f  S te e l and 
C o n p o s lte  B rac ing  Members

GENERAL NOTES

ALL VELDS 8nn COHTINUOUS FDXET UNQ 
HOLE DIAH AS INDICATED 04 OVG 
STEEL GRADE S3S9 UNO 
HOLDING Dosm BOLTS ORAK  6.8 I t f ]

TRINITY COLLeCE DUBLIN

SCALE JOB No DWG No. REV

REV BY DATE DETAILS
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a
HATCRIM. L Sf r «  i A55JCW.V

SIX « A K LCMfiTh
<MM>

No

r
H2
m

VO GHT
KG
TP-

R.TI* SK5 4M I 0.34 29.1
TO TM . 0.55 3?i?

"P inne d "  C o n n e c t io n  ( J 2 )  HE 180A x 171 
(4 no. r e q u i r e d  f o r  f r a m e ) 'P in n e d ' C o n n e c t io n  ( J 2 )  HE 180A x 171 

<4 no  r e q u i r e d  f o r  f r a m e )

FHlet veld
oU aro«^d

HC IdOA X 171 
<1 no. r*<|LA**d p * r  co n n e c tio n )

L
K)
K>

L le v a t io n

L LHQ.__

400 X 400 X ZOrm t»< H o t  p la t *  
<1 rw. re q u ire d  p e r  c o n n e c tto n ) 

I  » PLT15

c
c

j m
A O l

8 REQUIRED AS DRAWN MARKED J 2

A JG 10/12/02
»t*tr PLTIS Gr S355XM 
Increosed rio. required to 8 CLIENT

ECQLEADER
DRAWN J.G. 0 6 /0 8 /0 2 D e p a r tn e n t o f  Civil, S t r u c t u r a l  8. E n v lro n n e n ta l 

E ng ineering
cL ĵ ' I

CHECKED B.B. 0 7 /0 8 /0 2

PROXCT

Seisnic B ehav iou r o f  S te e l and 
C o np os lte  B ra c in g  M enbers

GENERAL NOTES

ALL WELDS 8nn CONTINUOUS FIU.ET UNO 
HDLC DIAM AS MDICATeO 9* OVC 
STEEL CRAK S393 UND 
K3LDIMG DOVN iOLTS CRAK BA UNO

. ..-r; L- TRINITY COLLEGE DUBLIN

SCALE JOB No DWG No. REV

REV BY DATE DETAILS
TITLE
F ra n e  S te e lw o rk NTS ROOl J 2 A
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WRK t i l l C TW TffN i) 
04N> 1

AREA
M2

WEIGHT
KG

CHS3 8a 9 D lA  X 7.1 IS 273 194 \ \ ao4 21
PLt\i SOODIAxSO 15275 2 M  I 0.01 4.9

400xS0n.AT l s « r 400 l l 62.0
to t a l 0.41 69.0

Connect ion  <J3) 
(2no, r e q u i r e d  f o r  f r a n e )

9nn n U e t weld
all around

Connect ion <J3)
(2 no r e q u i r e d  f o r  f r a m e )

f le v a t lo n

UJ

CHS3

12 holes 4»
18 on 4150

88.9nn dkx  x  70n n  t k  CHS 
<1 no- requ ired  p e r co m cc tio n ) 

I X CHS3

M i
N/)e« A  -  A

SOOnn d io x 20f»* t k  f l a t  p ta te  
(1 no. re q u ired  p e r cortrtecUon) 

1 X PLT16

IgbQ les^ia.
on *>150

400 X 400 X SOnn t k  f l a t  p la te  
<1 no- re q u ire d  p e r  c o n n e c tio n )  I X PLT17

5QJ_ ■̂nn -h a
4nn

'  G rocte  S355JQH

2 REQUIRED AS DRAWN MARKED J3

JG 10/ 12 /02
rw o^ 400x400 tM se p la te  ^dnn. 
» la t«  G r S355J0H
ll^ t wgtd Incrgaagd to Bww

REV BY DATE DETAILS

CLIENT

ECQLEADER

PROJECT

Seisnic Behaviour o f  S te e l ond 
Composite Bracing Members
TITLE
Fram e S te e lw o rk

CHECKED

J.G.

B.B.

0 6 /0 8 /0 2

0 7 /0 8 /0 2

GENERAL NOTES
ALL VELDS 8 nn  CONTINUOUS FtLLCT UNO 
HQLt DIAH AS INDICATtO ON OVG 
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ALL HOLDING DQVN BOLTS G R AX 8 ^  UNO

D e p a rtm e n t o f  CIvlU S t r u c t u r a l  i  E nvironm ental 
Engineering
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J3
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Appendix C

C.3 MODIFICATIONS TO TEST RIG.

Modifications to test rig -  14̂ *̂  May 2003

We were advised that HE280M sections were not readily available in Athens. Therefore, the

following are modifications to the test rig to allow for the use of a smaller section (HE280B).

Modifications to be carried out in the fabrication shop:

1. Weld \5mm thick plates (240/w/w wide, 2660mm long) to the top and bottom flanges o f the 

HE280Bs (84  and B5) using \Omm fillet weld all around. This is to increase the flange 

thickness of the HEBs to that of the HEMs. [PLTI8]

2. Weld a \Omm thick plate to the back of the web o f the HEBs (B4 and B5) at the location 

where the longitudinal beam B2 is connected to the web of these beams, as indicated in 

drawings B4a Rev B and B5a Rev B and “Connection detail 2”. This is to increase the 

thickness of the web of the HEBs to that of a HEM. [PLT19]

3. Weld \Omm thick plates to the back of the web of the HEBs (B4 and B5) at the location 

where the longitudinal beams B1 and B3 are connected to the web of these beams, as 

indicated in drawings B4a Rev B and B5a Rev B and “Connection detail 1”. This is to 

increase the thickness of the web of the HEBs to that of a HEM. [PLT20].

4. Weld a lOmm thick stiffener perpendicular to the web of the HEBs (B4 and B5) in between 

the boltholes for the connection to B2 to locally stiffen the web of the beam. This detail is 

shown in drawings B4a Rev B and B5a Rev B. [PLT21]

5. Reduce the width of the 20mm base plate of the CHS connected to the transverse beam by 

20mm, as indicated in “Connection Detail 2”. This is to facilitate the \Omm fillet weld 

required to connect this plate (PLT8) to PLT18. [PLT8].

6. Weld 2no. \Omm thick plates to the outside edges o f the flanges of the transverse beams 

(B4 and B5) using \Omm fillet welds, as indicated in drawings B4a Rev B and B5a Rev B. 

[PLT22],

7. The cylinder connections to the transverse beams are to be provided with stiffeners as 

detailed in drawings B4a Rev B and B5a Rev B and “Connection Detail 2”. [PLT23 and 

PLT24].

8. The lower cylinder connections to the shake table are also to be provided with stiffeners as 

detailed in “Connection Detail 4”. [PLT25 and PLT26].

Modifications to be carried out on-site:

After the test rig is assembled the following should be carried out:
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A. The connection between the transverse beams (B4 and 85) and the longitudinal beams B1 

and B3 shall be stiffened further by welding stiffened angle sections to the beams, as 

shown in “Connection detail I ”. This is to avoid any possible local effects at the beam-to- 

beam connection due to misalignments or unexpected weaknesses.

B. The connection between the transverse beams (B4 and B5) and the longitudinal beam B2 

shall be stiffened further by welding stiffened angle sections to the beams, as shown in 

“Connection detail 2” .
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T r a n s v e r s e  Bean (B4) HE 280B

E le v a t io n

)0 ro  DOirs q P_ t£f

P lon

NOTE: R e fe r  t o  D raw ing  no. B4b f o r  d e to i ls  o f  
c o m p o n e n ts  t h a t  make u p  B ean B4

1 REQUIRED AS DRAWN MARKED B4

DRAWNS t i f f e n e r s  n o d ifie d  CPLT71JG D e p o r tn e n t  o f  C iv il, S t r u c t u r a l  E n v ir o n n e n ta l 
E n g in e e r in g

TRINITY COLLEGE DUBLIN

HE280M Not cxvoilobte.Use 
MEgSOB In s te a d  w ith_____

CHECKEDJG
s t i f f n e r  p io te s GENERAL NOTES

A U  VELDS 9nn CONTINUOUS FILLET UNG 
HOLE DIAM AS INDICATED DN IW (j

PROJECT

S e isn ic  B e h a v io u r  o f  S te e l a n d  
C o n p o s ite  B ra c in g  M e n b e rs REVDWG No.JDB No

TITLE
F ra n e  S te e lw o r k

B4aNTS ROOlDETAILSDATEREV BY
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T r a n s v e r s e  Beorn (B 5 )  HE 280B x 280

g-7l>Q

•PLT19 
• P L ie s

PLT]0

-PLTIO

•PLTIJ PLTll
•PL1£3PLT li

•PLTISSection A - ft

ID r o  p o irc  o f  ______
s l i f f e r w r s  9 c e r^ lre s  sho*f>

PL120PLT20

P la n

NOTE' R e fe r  t o  D ra w in g  no. B5b f o r  d e t a i ls  o f  
c o n p o n e n - ts  “t h o l  n o k e  u p  B eon  B5

1 REQUIRED AS DRAWN MARKED B5

A JG 1 0 /1 2 /0 2 S ti- ffe n e rs  nociifiecJ <PLT71 CLIENT

ECDLEADER

DRAWN J,G. 0 6 /0 8 /0 2

f l

D e p a r tn e n t  o f  C iv il. S t r u c t u r o l  & E n v lr o n n e n to l 
E n g in e e r  ing

B JG 1 4 /0 5 /0 3 HE280M N ot ovoilotol^.Use 
I4E280B ins'teod w iih

CHECKED B.B. 0 7 /0 8 /0 P

s t i f f n e r  p lo tes PROJECT

S e is n ic  B e h a v io u r  o f  S te e l o n d  
C o n p o s ite  B ra c in g  M e n b e rs

GENERAL NOTES
ALL WELDS Qnn CDNTJNLOUS FILLET UNO 
HOLE DIAM AS INDICAICO ON DWG 
STEEL GRADE S275 UNO 
ALL HOLDING DOWN BOLTS 8.8 UNO

4 J a2J./ TR INITY COLLEGE DUBLIN

SCALE JOB No DVG No. REV

REV B'r DATE DETAILS TITLE
F r o n e  S te e lw o r k NTS ROOl B5a B
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C o n n e c t i o n  De ta i l  1

/ - P L T 1 8

PLT20 —
HE 280B X 280

ANG2

PLT27

PLT22

i2 nn  t k  s t i f f e n e r
p la te s ANG2 

PLT27

G radg  S355JDH

PLT18

HE IBOA X 171

(J l )

20nn t k  p l a t e

F i l le t  weld

HE 160M X 180

□N-SITE AMMENDMENT A

HE 180A X 171
(B l)

S e c t io n  X -  X
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C o n n e c t i o n  D e t a i l  2
PLT18•-PLT18

latL

1.000 Kg Moss

PLT19 P ILT27

P LT 22
O N -S lT E  AMMENDMENT B □ N -S IT E  AMMENDMENT B

stiFF’e n e r p lo tp s '

>  =P L T 1 8 -

m PLT24u>
K )
O

1,000 Kg Moi

BOnw plo-tff r i l lp t  i»©l<

PLT18
o 9 o

P LT 23

E levo tio nS e c t io n  C

o
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C o n n e c t i o n  Detai l J 3

8 n n  F illel: w eld
oil a r o u n d

Lood Ce'i

PLT26

E ie v a i : i o n

5nn  f S le t  «e ld  
b o ^ b  sic t^ s o f

ORADE: S 355JD H

Plan

S e c t i o n  B -  B
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Modifications to Transverse beam B4:

SHOP M ATERIAL LIST
MARK SIZE GRADE LENGTH

(M M )
No. AREA

M2
W EIGHT
KG

B4 HE 280B X 280 S275 2700 1
PLT7 I35x l2F L A T 8275 244 20 1.42 61.6
PLT8 200x20FLAT S275 180 1
PLT9 200DIAx20 S275 200 1 0.01 4.9
PLT18 240x15FLAT S275 2660 2
PLT I9 240x1 OFLAT S275 196 1
PLT20 320xl0FL A T S275 196 2
PLT21 125xlOFLAT S275 196 1
PLT22 BOOxlOFLAT S275 795 2
PLT23 72x1 OFLAT S275 269 1
PLT24 45xlOFLAT S275 101 1
CH Sl 88 .9D IA x7 .1 S275 194 1 0.04 2.1

TOTAL
U )

Modifications to Transverse beam B5:

SHOP M ATERIAL LIST
MARK SIZE GRADE LENGTH

(MM)
No. AREA

M2
W EIGHT
KG

B5 HE 280B X 280 S275 2700 1
PLTIO 135xl2FLA T S275 244 20 1.42 61.6
P L T ll 200x20FLAT S275 180 1
PLT12 200DIAx20 S275 200 1 0.01 4.9
PLT18 240xl5FL A T S275 2660 2
PLT19 240xl0FL A T S275 196 1
PLT20 320xl0FL A T S275 196 2
PLT21 125xl0FLA T S275 196 1
PLT22 300xl0FL A T S275 795 2
PLT23 72xl0FL A T S275 269 1
PLT24 45xl0FL A T S275 101 1
CHS2 88 .9D IA x7 .1 S275 194 1 0.04 2.1

TOTAL
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Modifications to Connection J3 (2 no. required per frame):

SHOP MATERIAL LIST
MARK SIZE GRADE LENGTH

(MM)
No. AREA

M2
WEIGHT
KG

CHS3 88.9D IA x7.1 S275 194 1 0.04 2.1
PLT16 200DIAx20 S275 200 1 0.01 4.9
PLT17 400x50FLAT S355 400 1 0.36 62.8
PLT25 90xl0FLA T S275 284 1
PLT26 lOSxlOFLAT S275 105 1

TOTAL

On-site modifications to Connection between B1 and 83 and B4 (On-site Ammendment A):

SHOP MATERIAL LIST
MARK SIZE GRADE LENGTH

(MM)
No. AREA

M2
WEIGHT
KG

ANG2 70x70xl0EA S275 350 4
PLT27 SOxlOFLAT S275 50 20

TOTAL

On-site modifications to Connection between B2 and 8 4  (On-site Ammendment B):

SHOP M ATERIAL LIST
MARK SIZE GRADE LENGTH

(MM)
No. AREA

M2
WEIGHT
KG

ANGl 70x70x1 OEA S275 300 2
PLT27 50xl0FLA T S275 50 6

TOTAL

A
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C



On-site modifications to Connection between B1 and B3 and B5 (On-site Ammendment A);

SHOP MATERIAL LIST
MARK SIZE GRADE LENGTH

(MM)
No. AREA

M2
WEIGHT
KG

ANG2 70x70xI0EA S275 350 4
PLT27 SOxIOFLAT S275 50 20

TOTAL

Oti-site modifications to Connection between B2 and B5 (On-site Ammendment B):

SHOP MATERIAL LIST
MARK SIZE GRADE LENGTH

(MM)
No. AREA

M2
WEIGHT
KG

ANGI 70x70xI0EA S275 300 2

PLT27 SOxIOFLAT S275 50 6

TOTAL
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M o c l i f i c a t io n  t o  CHS C o n n e c t i o n  t o  T r a n s v e r s e  b e a n s  B4 8. B5
(2 no n e q u in e d  f o n  f n a n e )

lOnn t k  f l a t  p l a t e  
(1 no, n e q u i n e d  pen  c o n n e c t i o n )  

1 X PLT23

lOnn t k  f l a t  p l a t e  
(1 no, n e q u i n e d  pen  c o n n e c t i o n )  

1 X PLT24

47

Z2

4

od

45

No te ;  All c h a n f e n s  8nn  UNO
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M o d i f i c a t i o n  t o  
(2 no nequ in

lOnn t k  f l a t  p l a t e  
(1 mo, r e q u i r e d  p e r  c o n n e c t i o n )

1 X PLT25

No te :

C o n n e c t i o n  ( J 3 )  
f o r  f r a n e )

lOnn t k  f l a t  p l a t e  
(1 no, r e q u i r e d  p e r  c o n n e c t i o n )

1 X PLT26

o

z _

All c h a n f e r s  8 nn  UNO
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M o d i f i c a t i o n  C o n n e c t i o n  o f  L o n g i t u i n a i  b e a n  B2 and  T n a n s v e n s e  b e a n s
(4 no n e q u i r e d  f o r  f n a n e )

PLT27PLT27

lOnn “t k  f i Q “t p l a t e  
(3 no, r e q u i r e d  p e r  c o n n e c t i o n )  

3 X PLT27

70x70x10 Equal  Ang le  -  LG300 
(1 no, r e q u i r e d  p e r  c o n n e c t i o n )  

1 X ANGl

r
1 V

!
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Mo di f ica t ion  C o n n e c t i o n  o f  Longi tu ina i  b e a n s  B1 B3 and T r a n s v e r s e  b e a n s
(8 no r e q u i r e d  f o r  f r a n e )

ANG2

ANG2

lOnn "tk f l a t  p l a t e  70x70x10 Equa l  Ang le  -  LG350
(5 no. r e q u i n e d  p e r  c o n n e c t i o n )  (1 no, r e q u i r e d  p e r  c o n n e c t i o n )  

5 X  PLT2P 1 X  ANGP
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BASE PLATE CALCULATIONS.
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Appendix E 

STRAIN READINGS FROM SHAKE TABLE TESTS.

Rig Strains during Met ST1-R60H-B (Sir* Ramp, magnRud* 12.7mM*e^)

Time (a«c)

Figure E .l. Strain gauge readings for permanent rig members in Test ST1-R50H-A.

Rig S trvns during t*ct ST1-R60H-B (Sine Ramp, maonitud* 12.7m/a*c )

’ V V

SG10

Tim* (sac)

Figure E.2. Strain gauge readings for permanent rig members in Test ST1-R50H-B.
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• 1000 

-2000 

-3000 

-4000

•6000

Figure

Rtg Straln-Hlstory plot for Spaclmans ST2-E50H to El-Centro Earlhquak* (Magnitude 
TJm/aec*).

—  SG4
— SG5
—  SG6
—  S<37
—  SG8
—  SG9

- SG10
—  SG11 

SG12

15 2 0 25 3 0 35 40

Time (Mc]

E.3. Strain gauge readings for permanent rig members in Test ST2-E50H.
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1000
Sp«dm *n Straln-Hiitory plot fox Sp«elm *ni ST2-E50H to  EI-C«ntro Earthquak* (Magnitude

-1000

—  SGI
—  SG2 

SG3
,E -2000

-3000

-4000

Time (tec)-5000

Figure E.4. Strain gauge readings for brace specimens in Test ST2-E50H.

2000
Rig 3tr«in-4-Kstory pfot for Spvcirrwnt ST3-EG0F to EI-C«nlro Earthquah* (Magnitud« 6.7m/s*c^.

-2000

—  SG4

SGd
—  SG7
— SG8
—  SG9 
-• SG10

- SG11 
SG12

•6000

-8000

-10000

Tim* (**c).12000

Figure E.5. Strain gauge readings for permanent rig members in Test ST3-E50F.

Sp*cfm«n Stratn-Hlstoty plot for Sp«dmens ST3-E60F to B-Cantro Earthqoak* 0iAagnMudt 
8.7rrWa«ĉ ).

2000

—  SGI
—  SG2 

SG31000

£-1000

-3000

•4000

-5000

Figure E.6. Strain gauge readings for brace specimens in Test ST3-E50F.
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Rig Strains fo rtc s t ST4-R20H (Skit ramp, mujnHud* 10X)mte«e‘ )

SG4
SG5
SG6
SG7
SG8
SG9
SG10
SG11
SG12

Figure E.7. Strain gauge readings for permanent rig members in Test ST4-R20H.

200
Rig Straln-Hlitery plot for 3p«cim«nt S're-E20Hto 3ynth*tic Earthquak* 0ktagnltu<i»6.1mto*c^).

-400
—  SG4

E -600 SG6
—  307
—  SG8
—  SG9
— SG10 

SG11
•1000

1200

Tim* (t*c)■ 1400

Figure E.8. Strain gauge readings for permanent rig members in Test ST5-E20H.

Rig Strain-HlsterY pletfer Sp«cimens STB-E20HA to El-Cerrtro Evthquake (Magnitude S.CMsec^).

.1000 • 

-2000 

-3000 

-iOOO •
.5
I  -5000 ■ 

-6000 • 

-7000 • 

8000 

-9000 

.10000 •

Figure

nlf
-SG4

SG5
-see
-SG7
-SG8
-SG9

SG10
SG11
SG12

Tim* (s*c)

E.9. Strain gauge readings for permanent rig members in Test ST5-E20H-B.
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Spectmen Streln-Histery plot for Specimens ST^-C20H^ to El-Centro Etrtti quake (Ma0nltud«
6i)rrJtecY

1000

-10001
—  SGI
—  SG2 

SG3

-4000

Timt (MC)-5000 -I

Figure E.IO. S train gauge readings for brace specimens in Test ST5-E20H-B.

2000 Rig Striln-Hlttory plot for S p td m tn t STV-E20F to EI-C«ntro Eirthquak* (Mtgnltud*
4Jerrtfi»c').

1000

35"

-1000
—  SG4

— see
—  SG7
— SG8
—  SG9 

SG10 
SG11 
SG12

-2000

-3000

Time (sec)-5000

Figure E .l l .  S train gauge readings for perm anent rig  m em bers in Test ST6-E20F.

2000
3p«clm*n Straln-ffistory plot for Specim«ns STB^O F to EI-C*ntro Eaithquak* (Magnitude 

4.aem/B«ĉ ).

1000

,-1000

—  SGI
—  SG2

-2000

-3000 •

-4000

Time (s*c)-5000 J

Figure E . l l .  S train  gauge readings for brace specimens in Test ST6-E20F.
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1000
RJg Stratn-Hlgtory plot for Specim ens ST7-R40H to SItm Ramp (Magnitude 8.8mte*c’, f  > 4.76Hz).

500

0
4 50 5

-500

SG5 
SG7 

- SG8
—  SG9 

--SG 10
—  SG11 

SG12

-1000

Time (MC)•1500

Figure E.I3. Strain gauge readings for permanent rig members in Test ST7-R40H.

^  ]  Rtg 3 trtlnX ltto ryp le tfo r3p«clm *n t 3T7-E40HtoeM :*ntro Earthquake (Magrtltud*19.6m/i«c^).

I . f
I ^1 |1 I   ̂ ( i  ' '  |< A .  * I * A '  I  ^

-SG 10

Tlmt (MC)

Figure E.14. Strain gauge readings for permanent rig members in Test ST7-E40H.

Rig Striln^Hlitofy plot for Sp*cim*nB 3T8-E40H to ElXwitro EutTiquak* (MagnKud* ld.7nM«c2).

 liiSlliiiyinil' "
5> -200

Tkn« (sec)

Figure E.15. Strain gauge readings for permanent rig members in Test ST8-E40H.
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4000
Sptdnwn Straln-Hlstory plot for SpadnMns ST8-&40H to El-C*ntre Earthquake (Magnttud* 

197rr^«c2)

2000

-2000

—  SGI
—  SG2 

SG3

-8000

-10000

12000

Figure E.16. Strain gauge readings for brace specimens in Test ST8-E40H.

Rig Straln^-tlitory plot for Sp«cim #ns STS>«E40F to EI^«ntro Earthqutk* (Magnttud* 
16.7m/tec*).

—  SG6

—  SG9
SG10

35 40

Time (lec )

Figure E.17. Strain gauge readings for permanent rig members in Test ST9-E40F.

Sp«clm«n Straln-History plot for Sp«elm «ns STB-B40F to EI-C«rrtro Earthquak* (Magnitude 
16.7m/tee^).

£-2000

-6000 Time (sec)

Figure E.18. Strain gauge readings for brace specimens in Test ST9-E40F.
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EQUIVALENT VISCOUS DAMPING.

The following are results from various methods employed to estimate the equivalent viscous 

damping of the frames tested.

Table F .l. Equivalent viscous damping

Test ID

Si
ze

Filled/
Hollow

Input Magn
itude
(m/s^)

(rad/s)
E* - '0 C

(klN.m) (% )

ST1-R50H Hollow Sine Ramp 8.5 35.5 20.38
32.92

5.72
9.09

ST1-R50H-B Hollow Sine Ramp 12.7 35.5 20.08
31.47

3.79
7.22

ST2-E50H in

• O

X
<N
X

Hollow El-Centro 7.9 29.4 23.95
22.30
37 .37 '’
41.50"'

1.45
0.58
8.17
7.72

ST3-E50F o
• n Filled F,l-Centro 8.7 38.0 22.85

22.82'’’
38.13'*
31.39*”
42.31

3.75
3.68
7.67
5.27
6.85

ST4-R20H Hollow Sine Ramp 10.0 25.1 5.43
8.77

1.37
3.59

ST5-E20H Hollow Synthetic 5.1 17.8 3.83
6.80

2.41
7.34

ST5-E20H-B

1 
1 

20
x2

0x
2.

0S
H

S Hollow El-Centro 5.0 27.5 7.56
9.55*”
14.49
12.32“”
15.96

0.24
0.29
4.95
3.19
4.06

ST6-E20F Filled El-Centro 4.4 13.8 2.86
4.05
10.94
11.74

0.12
0.10
9.02
7.23

ST7-R40H Hollow Sine Ramp 8.8 38.0 10.84
22.86

6.17
16.56

ST7-E40H in
DCin

Hollow El-Centro 19.6 38.0 48.56
66.39

1.50
5.35

ST8-E40H
>co
Xo

Hollow El-Centro 19.7 38.0 51.94
52.38'’'
68.03
73.40

2.81
2.22
6.35
6.37

ST9-E40F Filled El-Centro 16.7 40.5 87.02
60.69

0.03
6.38

Notes:

1) Natural frequency of test frame determined from elastic test.
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r
2) Energy dissipated during the inelastic test, where = JQ{t )udt , in which Q(t )  = - m{ z  + u) is

0

the restoring force at time t, u is the estimated relative velocity o f the test frame, u is the measured 

relative acceleration o f  the frame, m is the mass, and z the measured ground acceleration.

3) Equivalent viscous damping factor o f  test frame from inelastic test. ^ = -------- , where
2(0 „m

j.

= JQ(t)iidt  \ u dt  in which Q{t )  = - m { z  + ii) is the restoring force at time t, ii and ii are the
0 / 0

relative acceleration and velocity o f the frame respectively, z is the ground acceleration, o)„ is the 

natural frequency o f  the test frame and m is the mass.

The relative velocity, u is estimated using 4 methods, which are

a) Numerically integrating the measured relative acceleration using the Trapezoidal rule, as 

follows; W/+I = W/+ + M/], which has a truncation error o f 0{h^f )  and is exact for

polynomials o f order 1.

b) Numerically integrating the measured relative acceleration using Simpson’s rule on successive 

non-overlapping pairs o f  intervals, as follows: ~ ^ + m,^2 ]> which has a

truncation error o f  and is exact for polynomials o f  degree up to and including 3.

c) Numerically differentiating the measured relative displacement using the Central Difference

method, as follows: zi, = , which has a truncation error o f 0{h^).
2 At

Note that when numerically integrating there is an accumulation error as the change in velocity 

over a time step is added onto the previous estimated velocity up to the start o f that time step. [In 

other words, instability is caused by amplification o f the errors from one step during the 

calculations in subsequent steps.] This does not occur when numerically differentiating.

d) Evaluating the following formula: ~ ~ ■
At

4) A fifth method, which does not require the velocities to be computed, was used to computed the 

energy. It is as follows:
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N
e) A num erical form ula = X 0 ,A M ;W as em ployed. T he w ork done/energy dissipated in a

j = i

r
SD O F system  w ith a viscous dashpot is W,  ̂ = j c u . d u .  This was converted into the num erical

0

N Au  Af (Aw
form ula = Z c — -Au,  = c X ------'— ■ Equivalent viscous dam ping o f  test fram e from  inelastic

;=l A/, /=1 A/,

N !  N U u - f
test w as then  c  /  T.

i=] /  i=\ A t j

T he above m ethods o f  estim ating the response o f  the  concentrically  braced test fram es are 

com pared in F igure F. l .  It is noted that the velocity  response deviates from  the m ean w hen 

estim ated by num erical integration (F igure F .l(b )). This is due to  the accum ulation  o f  the  error in 

the num erical integration form ula, as the change in velocity over a tim e step  is added to  the 

previous estim ated  velocity up to  the start o f  that tim e step. O n further in tegrating the errors 

increase (F igure F. 1(c)).

For a check, the relative velocities and accelerations w ere estim ated from  relative displacem ent 

m easurem ents using  m, =  [m, / - m,./J/[2 (//,/-/,)] and «V= [« /./ - 2 m,+U/_/]/A/^, respectively. T he 

estim ated relative velocity has a mean o f  approxim ately  zero  (F igure F .l(b ))  and is sim ilar to  that 

estim ated by num erically integrating the m easured relative accelerations in the  initial period, 

although it is not as stable. The m easured and estim ated relative accelerations do not m atch as 

show n in F igure F .l(d ).

S im ilar plots w ere found for the o ther shake tab le  tests.
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RMpente of fram« containing SpocinwRS STS-E2IH-B to EMantro Earthquafco (Magnitude

U  40

Relative vetoc tty of frame cortalning Specimens ST5-E2CM-B to B-Centro Earttiqualte 
(Magnitude S.Ontfsec .̂

C ftn t  Off 
Trapzd 
Snpaon

(a) Measured relative and ground accelerations. Qi)) Comparison of estimated velocities.
Rolartva dliptacamant oTfnma containing Spoclmam ST&-C2M4-B to 

(Magnituda S.*mFsae (̂.
B-Canira 6arttM)uai(a RaiaOva accataraOon of frama containing Spocimern STS^MH-S to B^antre EarUMyuaica 

(MagnMuda S.ln¥«ac^

Cartraiwr
Maasurad

(c) Comparison of measured and estimated 
displacements._________________________

(d) Comparison of measured and estimated relative 
accelerations.

Figure F.l. Comparison of measured and estimated plots for the test frame ST5-E20H-B.
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NUMERICAL METHODS EMPLOYED TO EVALUATE DYNAMIC 

RESPONSE OF SDOF SYSTEMS.

G.1 PiECEWiSE-LINEAR INTERPOLATION OF EXCITATION FUNCTION

For piecewise-linear interpolation o f the excitation function, Craig (1981) obtains recurrence 

formulas for an underdamped system (^<1) and expresses them in a convenient form, as follows 

H;+i = Api + Cp,+i +Cm, + Duj (Eqn. G .l)

= A'pi + +C'Uj + B ’iij (Eqn. G.2)

for which the coefficients are

1

ko)jh

B = - / *

V

-Ph sin cojh — (̂OdP cos o)jh + (Eqn.G.3)

kco^h y S in  ( O j h  +

/  \ 
l0 ) jP  

2 COS C O jh + 0)jh
I  J

2Po>d 

0̂ 1

1II COS c o j h  + 1 s\n (Ojh
\ ^ d )

D = — ^  sin a>̂ h 
(O j)

1

B' =

kcojh

1

kco^h

C' =
CO,

2

[COd 

D' = e ~ ^

^  ^ ^  + <a^h)sincojh + o)jcoso)jl^-(i>d^ 

[ -  e ~ ^ {p s \n  cojh +  coj cos<w^//)+

e~ ^  s\no)jh

(Eqn. G.4)

(Eqn. G.5) 

(Eqn. G.6) 

(Eqn. G.7) 

(Eqn. G.8)

(Eqn. G.9)

cos co^h + [ P ] sin (Ojh (Eqn. G.IO)
{ ^ d )

where p  = ^co„, h = At, and cô  = , in which ^ is the damping ratio, is the natural

circular frequency, cOd is the damped frequency, t, is the time at step i, and k is the stiffness.

Since the time step At, is constant, the coefficients A through Z)’ need to be calculated only once. 

The recurrence formulas are based on exact integration o f the equation o f motion for the various 

force interpolations and are valid for linear systems only. For piecewise-linear interpolation, the 

interpolation o f the force at any time t is given by
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(Eqn. G. l l )

where

Pi+\ Pi (Eqn. G. 12)

and the subscripts i and /+1 denote the start and end of the time step respectively.

These recurrence formulas allow the response o f a linear system to be obtained at discrete times 

The coefficients o f these formulas are based on the system characteristics (natural frequency and 

damping) only and, thus, are not dependent on the response estimated in the previous time step. An 

alternative approach, to approximate the derivatives in the system equation of motion, can be used 

for linear and nonlinear systems. For comparison, three step-by-step numerical methods to 

approximately satisfy the equations o f motion were employed in this study. These were the 

Average acceleration method (also referred to as Newmark P = 1/4 method), the Linear 

acceleration method (also referred to as Newmark (i = 1/6 method), and the Central difference 

method. Many other numerical procedures are also available in the literature (Clough & Penzien, 

1993).

G.2 AVERAGE ACCELERATION METHOD {NEWMARK p = 1/4 METHOD)

This method is also referred to as the Newmark p = 1/4 method, the trapezoidal rule, or the 

constant-average-acceleration method. It is based on the assumption that the acceleration has a 

fixed constant value during the time step, which is the average o f the initial and final values 

attained during the step. This assumption results in the velocity varying linearly and the 

displacement quadratically in each time step. The equation o f motion to be integrated is

m ii  +  CU +  k i t  =  p ( t )  (Eqn. G. 13)

with initial conditions m q  = u q  = 0 , and

where m, m and u are the relative displacements, velocities and accelerations, respectively, m the 

mass, c the damping coefficient, k the stiffness, and p(t) the forcing function, which is equal to 

-  m'z for ground excitations z  .

It is more convenient to express Equation G.13 in incremental form at time t„

(Eqn. G.14)
m

mAiij + cAUj + AAz/, = A/?, (Eqn. G.15)

where

(Eqn. G. 16)
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Aii, = AUj -  2m,
=  f t + i  -  P i 

Fquation G. 15 can be re-written as 
♦ »

« ,  A m ,  =  A pj

where,

. ♦ (  2 c l
/  N

4 m+II 1 < +

and

A/7, = Ap, + (  4 m
- - - - - +  2 c Mj +  Imiij

Appendix G 

(Eqn. G.17)

(Eqn. G.18)

(Eqn. G.19)

(Eqn. G.20)

(Eqn. G.21)

The algorithm employed to determine the dynamic response of the system in each time step is as 

follows. Firstly, k* and are evaluated from Equations G.20 and G.21. Note that for a linear 

system with fixed time steps, ki is constant for all time steps so only needs to be evaluated once. 

The change in displacement over time step i is Am„ obtained from Equation G.19. Inputting this 

into Equations G.16 and G.17 yields the change in acceleration AM^and velocity Ai/yOver the time 

step. The response at the end of the time step is then obtained from

M ,^i =  Ui +  A m , (Eqn. G.22)

= w, + Auj (Eqn. G.23)

= iij + Mj (Eqn. G.24)

A great advantage of the average acceleration method is that it is unconditionally stable; that is, the 

errors are not amplified from one step to the next, irrespective of the value of At employed. 

However, as a rule-of-thumb At should satisfy At < 0.17, where T is the smallest period in the 

excitation or the natural period, whichever is smaller (Craig, 1981).

G.3 LINEAR ACCELERATION METHOD (NEWMARK p = 1/6 METHOD)

In this method the accelerations are assumed to vary linearly during each time step, which results in 

quadratic functions to describe the velocity and cubic functions for the displacement in the time 

step. Thus, the following expressions arise

A m ,

A m ,  =

< /

3  "
A m

A / , J

( A « ,  -  m , A / ,  ) -  3 m ,

A l ..

T " '

(Eqn. G.25) 

(Eqn. G.26)
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(Eqn. G.27)

(Eqn. G.28)

A sim ilar algorithm to that used w ith the average acceleration method is employed, expect that 

Equations G.16, G.17, G.18 and G.19 are replaced by Equations G.25, G.26, G.27 and G.28, 

respectively. In contrast to the average acceleration method, the linear acceleration method is only 

conditionally stable; it w ill be unstable unless At < 0.55T, where T  is the natural period o f  vibration 

o f the structure. In general, using a time step o f A/ < 0.1 T w ill give reliable results (Clough &  

Penzien, 1993). It is noted that a linear variation o f acceleration during each time step w ill give a 

better approximation o f  the true behaviour than w ill a sequence o f  constant acceleration steps.

G.4 CENTRAL DIFFERENCE METHOD

The Central difference method is an explicit step-by-step method, which solves differential 

equations (e.g. equation o f motion) by replacing derivatives w ith finite-difference approximations 

at fixed points. Expansion, truncation and comparison o f  series results in

" ,  + « r + l ]2A/

At

(Eqn. G.29)

(Eqn. G.30)

Substituting Equation G.29 and G.30 into the equation o f motion (Eqn. G.13) gives

1 '  1 /  .  \  .  X r, 2 1  ̂ r  1 1— -m-\------- c uU + A t)=  p ( l ) -  k  —m u { t ) -  -
At^ 2At A/^ Al

— m  c
'2 2At

u{t~A t)  (Eqn. G .3 I)

or.

k u{t + At) = p  (/) (Eqn. G.32)

Sim ilar to the average acceleration and linear acceleration methods, the in itia l acceleration at time t 

= 0 is uq -  i i (0 ) , calculated from Equation G.14.

As w ith the linear acceleration method, the central difference method is only conditionally stable 

and thus a small time step such as A? < 0.17’ should be used (Clough &  Penzien, 1993).
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